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PREFA
ACE
ThecurrrentpracticeintheEurop
peanUnioniisthatsafetyy,includingffiresafety,issnationallym
managed,
and req
quirements are
a determined by eacch country’ss specific exxperiences.  While the political
motivations for this approach are
a obvious, and local ciircumstancess vary betweeen countrie
es, it can
easilyleadtosimilarprocesses having tobeereresearchedandreinvented couuntrybycou
untry.In
theconttextoftheEEuropeanUnion,firesafeetyrequirem
mentsareba
asedonEURRegulation305/2011.
Thisdoccument,publishedbytheEuropean Parliament andCouncil,,setsouthaarmonisedco
onditions
marketing of
for the m
o constructio
on productss as an essen
ntial require
ement for coonstruction works.
w
In
AnnexI ofthisdocu
umenttheba
asicrequirem
mentsformechanicalre
esistance,staabilityandfiiresafety
onstructionw
worksmust bedesignedandbuiltinsuchaway
ythat,intheeventof
aresummarised.Co
ngcapacityo
oftheconstrructioncanb
beassumedforaspecificcperiodofttime;The
fire:Theeloadbearin
generation and spreead of fire and
a smoke w
within the works
w
are lim
mited; The sspread of th
he fire to
he works or be rescued by other
neighbouring constrruction workks is limited; Occupants can leave th
o rescue te
eams is takeen into conssideration. The
T loadbeaaring capacitty of the
means; The safety of
ontheprinci plessummarisedinthepartsofthe structuralEurocodes
construcctionmaybeemodelledo
whichdeealwithfire.Theintroductionofco mmonstand
dardsinarea
asrelatedtoofiresafety, itseems
obvious thatinsuch
hanimportantareathessharingofexxperiencean
ndresearchsshouldbefa
acilitated,
andhencetheneedfornetworksintheCOSTTmodel.
However, th
he need for integration has a further dimension.  Fire enggineering ressearchers
tend to specialise in areas succh as fire dyynamics, strructural fire engineeringg, active/passsive fire
on, environm
mental prote
ection or huuman respon
nse. Since th
he backgrou nd sciences of these
protectio
disciplines are diffeerent there is little intteraction be
etween them
m.  Practitiooners, including fire
hterstendto
oconsiderfiiresafetyas awhole,
engineerrs,building/ffirecontrol authorities, andfirefigh
butlack indepthaw
warenessof recentadva ncesinrese
earchandareoutsidethheacademic research
networkks.Throughencouraginggtheexchanggeofinform
mationondiffferentaspecctsoffireenggineering
andresp
ponsebetweeenresearchersindiffereentcountriess,theCOSTT
TU0904netw
work“IntegrratedFire
Engineerring andRessponse”wasssetupwithh theintentiionoffosterringanawarrenessofthe
e current
state off the art, and to avoid
d continual repetition of
o research..  The nonresearch firre safety
commun
nityshouldb
benefitfromexposureto advancedre
esearchfindings,discusssionwithresearchers,
andthe sharingofb
bestpractice
e.Theinput fromthisco
ommunitygivesresearchhersanawarenessof
realworrldconstraints,andanap
ppreciationoofwherenew
wresearchandstandard sareneeded
d.
TThe TU0904
4 Action divvides its meembership lo
oosely into three themeed Working Groups,
although
h clearly its overall misssion of proomoting inte
egration me
eans that thhese groups interact
onmanyyofthekey activities.T
TheWorkinggGroupsare
e:WG1(Fire BehaviouraandLifeSafe
ety)which
focuses onthebehaaviourande
effectsoffireeinbuildinggs,combining
gthisresearrchbasedkn
nowledge
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with thee most effecctive means of protectinng human liffe against th
he occurrencce of fire in the built
environm
ment. This includes actiive firefightting measures and the effects of bbuilding form
m on the
inherenttrisktoinhaabitants.WG
G2(Structuraalsafety)covverstheresponseofdiff
fferentbuildingtypes
to fires and the raapidlydevelo
oping researrch field of structural fire engineeering, includ
ding new
ologiesandttheeffectiveenessofpasssiveprotectio
onmeasuress.Crucialpro
oblemsof
materialsandtechno
neering concern changee of use off buildings and
a
the currrent imperatives of
structuraal fire engin
robustneess, sustainability, energy saving and protection of the
e environmeent after fire. WG3
(IntegrattedDesign) bringstogetherdesign, practiceand
dresearchaccrossthedissciplinesoffireinthe
builtenvvironment. Instructuralldesignthis includesinttegrationof fireresistanncewithallttheother
functional requirements of a bu
uilding, from
m conceptuall design onw
wards, ratherr than simply adding
ocessesareccomplete.Activeinputfrompractitiooners,regula
atorsand
fireprotectionafterallotherpro
hasbeenvitaaltothesucccessoftheA
Action.
firefighttersthroughthisgrouph
TThe Action started
s
in March
M
2010, and now haas 22 nation
ns of the EU
U, plus New Zealand,
amongittsparticipan
nts.Itsfirstd
deliverable,aaStateofthe
eArtReport attemptedttobringtoge
etherthe
currentsstateofreseearch,mainlyyinthepart icipatingcou
untriesbutsetintotheccontextofkn
nowledge
worldw
wide. The seecond delive
erable, the PProceedings of the Action’s conferrence in Ap
pril 2011,
allowed the Action to be inform
med by curreent research
h findings from both witthin and outside the
a volume off Case Studies, presented stateoftheart examples of
Action. The third deliverable, a
eering desiggn, based on recent
current best practicce in performancebaseed practical fire engine
h knowledgee. These exp
plained the ddecision pro
ocesses, scie
entific assum
mptions and practical
research
constrain
nts, as well as the wayss in which diifferent aspe
ects of fire engineering
e
w
ated into
were integra
practice.. The fourtth deliverab
ble, on Firre Brigade Reports an
nd Investigaations, conssisted of
contribu
utionsontheeorganisatio
onofnationaalfireandrescuearrange
ementsindiifferentEUccountries,
comparisons of natiional statistiics, recomm endations fo
or questionss to be incluuded in stan
ndardised
nationalfirefighterss’reports,andlessonsgaainedfromexxperienceoffparticularddisasters.
TThisvolumeconsistsofttheProceediingsoftheA
Action’ssecon
ndConferennce,heldinP
Pragueon
1920Ap
pril2013.Th
hecurrentacctivityoftheeAction,whiichisvisibleintheProceeedings,isfocusedon
productiion of a seriies of Bench
hmark Studiees, for use by
b researchers and practtitioners.  Remaining
deliverab
bles of the Action will be contribbutions to the future development
d
t of the firerelated
Eurocodesandtheeeducationald
dimensioninntheareaofstructuralfirredesign.

FrantišekWaldandIIanBurgess
24March2013
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PRINCIPLES OF VERIFICATION AND VALIDATION
Lesław KwaĞniewski a, Cezary Bojanowski b
a

b

Warsaw University of Technology, Faculty of Civil Engineering, Warsaw, Poland
Transportation Research and Analysis Computing Center, Argonne National Laboratory,
Argonne, IL, USA

Abstract
This paper discusses the concepts of verification and validation in computational mechanics
with special attention to structural fire engineering, by referring to recently published papers
and guides on V&V that define some best practices and show directions for future
development. The perspective of an analyst, who develops computational models, makes runs,
and analyses numerical results mostly using software based on the finite element method, is
presented. The considerations emphasize practical problems encountered in the V&V process,
potential sources of errors and uncertainties, the importance of sensitivity study, new ideas
regarding the relationship between validation and verification, differences between calibration
and validation, new aspects of the validation metrics, and guides for designing validation
experiments. The discussion is illustrated by computational problem examples.
Keywords: benchmark, calibration, fire, sensitivity study, system response quantity,
validation, verification
INTRODUCTION
Wide application of numerical models in structural engineering raises the question about their
predictive capability. This question is especially legitimate in the research areas where
complex, highly nonlinear structural behaviour is of interest. One of such research areas is the
structural fire engineering where interaction of additional effects due to elevated temperatures
has to be considered. Among such effects there are: thermal reduction of material properties,
generation of additional forces due to constrained thermal deformation, complex thermo,
chemical and mechanical effects such as dehydration and vapour pressure leading to
premature concrete failure and spalling.
The high, steady interest in computational research for structural fire engineering can be
observed based on the simplified statistics presented in Fig. 1 which shows number of related
papers recorded in the Google Scholar database (with FIRE in the title and FIRE + “FINITE
ELEMENT” anywhere in the article). There can be an expectation for more precise evaluation
procedures, specifically dedicated to the considered research area such as structural fire
engineering however, in the topic literature definitely dominates opinion that a general
procedure applicable to what is called Computational Science and Engineering (CS&E) or
Computational Engineering and Physics (CE&P) should be developed, (Oberkampf et al,
2004). The mentioned broad areas encompass many fields of engineering and physics,
characterized usually by adjective “computational” such as (computational) fluid dynamics,
solid mechanics, and structural dynamics. Even though, it is clear that the expected predictive
capability for linear FE static analysis is different than for structural fire engineering, as it is
shown schematically in Fig. 2, the same principles of V&V are applicable to all these research
fields.
Report (Oden et al, 2006) describes the importance of computer simulation for the
development of technical ideas today and predicts a sharp increase in the near future. We are
witnessing the continuation of the computer revolution, which, according to Moore's law
recognizes (Moore, 1998) a two-fold increase in computing power over the 18 months. In the
13

80’s and 90’s it was represented by doubling of the processor clock speed and now
represented by an increase of number of transistors that can be packed in a standard chip size.
The hardware development is followed by the rapid advancement of numerical programs. For
example, based on the finite element method (FEM) commercial program LS-DYNA®,
whose source code had 50,000 lines in its early days, in the 70s, now has more than 2.5
million lines in little more than a decade (Kwasniewski, 2009). The improvements in
computational capabilities are well illustrated by an example presented in (Belytschko et al,
2000): in the 1970s, a 20 ms crash test simulation using a 300-element vehicle model took
about 30 hours of computer time at a cost equivalent to the three-year salary of a university
professor. Today’s multiprocessor machines allow using a much higher number of finite
elements - tens of millions in some FE models. Rapidly increasing number of users or of such
programs, with the increasing access to multiprocessor computers with high-performance
computing, degrades the computational resource limitations as an excuse for simplified
computer simulations. The only limitation left for the use of multiple processors to solve a
given problem is scalability of the software for a given problem.

Fig. 1 Number of articles according to
Google Scholar

Fig. 2 Predictive capabilities of computer
simulations

Despite the rapid hardware and software development there are many contradictory opinions
about the reliability of computer predictions (Babuska & Oden, 2004), best expressed by a
famous statement: “Essentially, all models are wrong, but some are useful” (Box & Draper,
1987). It is almost impossible to model all the aspects of a complex event, yet valuable
conclusions from a series of simulations can be concluded if proper tools and statistical
measures are used through the V&V procedures. Early in the development of the finite
element method, the Journal of Applied Mechanics rejected FE papers for being insufficiently
scientific (Belytschko et al, 2000). Today’s general attitude is definitely evolving towards
more acceptance of computer predictions, and the numerical results obtained using the
dominant FE method are present in numerous technical and scientific papers from many
different research areas.
1

MODELLING, VERIFICATION AND VALIDATION

Today verification and validation (V&V) is recognized as the primary method for evaluating
the confidence of computer simulations (Oberkampf et al, 2004). The relationships between
activities involved in the development of mathematical and computational models and in their
verification and validation, are often schematically presented using diagrams such as the one
shown in Fig. 3 (Kwasniewski, 2009). In Fig. 3, the boxes represent four main concepts:
reality of interest, mathematical model, computer models, and validation experiments. Reality
of interest relates itself to two aspects: to the physical system containing objects as well as to
14

the processes intended for analysis. Reality of interest can apply to existing objects or to new
solutions (prototyping) but always refers to somehow defined physical objects, for example to
a structural element subjected to furnace test or to a whole structure subjected to full scale fire
test.
The mathematical (or conceptual) model comprises all assumptions and definitions
characterizing the mathematical representation of the reality of interest formulated generally
as a system of partial differential equations (PDEs) complemented by boundary and initial
conditions (Oberkampf et al, 2004). The transition from reality of interest to mathematical
model depends on the objective of the analyses, understanding of physics, the analyst’s
experience, and resources. Formulation of the mathematical model is the first step in the
model development and the first source of errors.
Usually, physical problems of a practical nature, represented by such mathematical models,
cannot be solved analytically due to the complexity of, for example, their geometry. To find
the solution, a mathematical model is replaced by an approximate computer (computational)
model using the process of numerical discretization, which replaces PDEs with sets of
algebraic (matrix) equations more suitable for computers. The discretization of space and time
can be done using procedures such as the finite element, finite difference, finite volume, and
boundary element methods. In solid mechanics and structural dynamics, space discretization
is dominantly done with the finite element (FE) method. Time domain of transient events is
discretized with finite difference method. In practice FE model development, especially when
a commercial code is used, requires many decisions on selection among numerous options.
The last box in Fig. 3 contains a set of validation experiments designed using the validation
hierarchy (Oberkampf et al, 2004). The objective of these tests is to increase the accuracy and
predictive capability of computer models. Specially designed additional experiments are
supposed to provide answers for the questions raised during model development and to
quantify the model’s uncertainties.

Reality
of interest

Conceptual
modeling
Validation
Experiments

Design of V.
experiments
Model
update

Mathematical
(Conceptual)
Model

FE model
development
Model
validation

Computer
(Computational)
Models

Model
verification

Fig. 3 Relations between modelling,
verification and validation
(Kwasniewski, 2009)

Fig. 4 Example parametric study of furnace test
on rotationally restrained steel columns in fire

The solid lines indicate the activities of general model development, including conceptual
modelling, computer (FE) model development (i.e., software implementation), and design of
validation experiments. Some of these activities are marked with arrows on both sides to show
their interactive character, and especially good cooperation between analysts and
experimentalists is recommended (Kwasniewski, 2009). The assessment activities, marked
with dashed lines, involve verification and validation. Verification and validation should be
performed with respect to assumed objectives defining the quantities of interest. The
difference between verification and validation is probably most accurately expressed by
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Roache’s informal statement: “Verification deals with mathematics; validation deals with
physics” (Roache, 1998). Verification uses comparison of computational solutions with
highly accurate (analytical or numerical) benchmark solutions and among themselves,
whereas validation compares the numerical solution with the experimental data. Verification
comprises of model and code verification stages. The analyst is usually provided with a
software and the code verification stage is usually performed by for software developer. The
objective of V&V practices, which is generally to corroborate (mathematical and
computational) model for its intended use, can be practically split into three tasks: to detect
and separate the model’s significant discrepancies, to remove and reduce removable and
unavoidable errors, and to evaluate uncertainties in the results. A very important aspect of the
V&V process is the proper determination of sources for all significant errors. The dashed line
representing validation connects experiments with both the computer and mathematical
models. Although validation involves direct comparison of computational results and
experimental data, the differences encountered have their sources in both models. It has been
pointed out (ASME, 2006) that verification should precede validation, but even the most
extensive verification cannot remove all errors (e.g., due to discretization) so validation
evaluates the whole modelling process, and some of the errors that originated in different
modelling phases cannot be completely separated, compare (Schwer, 2006).
2

DIFFICULTIES WITH EXPERIMENTAL VALIDATION IN STRUCTURAL
FIRE ENGINEERING

Experimental validation in the structural fire engineering through comparison between
numerical results and experimental data obtained using furnace tests is difficult and has many
limitations which are not only economical but also are due to inevitable uncertainties
characterising the specimen behaviour (Gillie, 2009). Practically, always limited number of
measurements during such tests cannot provide entire information about the space and time
distribution of temperatures, evolution of boundary conditions, or generation of additional
forces due to constrained thermal and mechanical deformation. The limitations of
experimental validation increase the importance of verification which is supposed to deliver
evidence that mathematical models are properly implemented and that the numerical solution
is correct with respect to the mathematical model.
The problems with experimental validation of computer simulations of structures subjected to
fires can be illustrated using the following parametric study (Kwasniewski et al, 2013) where
a furnace test (Ali F & O’Connor, 2001) on restrained steel columns was replicated using a
coupled structural-thermal numerical calculations, see Fig. 4. The objective of the study was
to identify and quantify all possible modelling parameters which can affect the numerical
results. The study was focused on improving prediction capabilities for the purpose of virtual
testing.
Common model calibration was replaced by experimental validation and extensive parametric
study. The calibration is understood here as a posteriori procedure where through repeated
calculations with modified input parameters we try to find an “optimal” set of input data
which can provide the model’s response closest to the actual experimental data. It can happen
that due to superimposing of errors we can get good correlation between experimental and
numerical results for a wrong model, defined by incorrect input parameters. Often, such a
situation can be detected when the model is used for a different case with changed input
conditions. Also, a complex model with only some of the input parameters “correctly”
calibrated should give a response different from the experimental data due to the
indeterminacy of other parameters. This is why validation based on more than one experiment
is considered as more reliable (Oberkampf et al, 2004).
In the considered parametric study the comparison of the numerical results and the
experimental data was presented for the relationships between column’s average temperature
and axial force, axial displacement, and lateral displacement in the middle section. Three
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critical modelling characteristics were determined: material behaviour, geometrical
imperfections, and longitudinal variation of the column temperature. It was found that the
postponed buckling occurring at higher furnace temperatures is due to a non-uniform
temperature distribution along the column, caused by heat transfer at the partially insulated
furnace openings. The study shows how the modelling factors, initially ignored, may affect
the numerical results without calibrating the FE model. In the authors’ opinion it is not
possible to correlate better numerical results with the existing experimental data without
reducing model uncertainties (e.g. imperfection magnitudes and loading variation) through
additional experiments and measurements. It seems that due to many uncertainties
characterizing the fire experiments, with often their wide variation, it is not justifiable to show
the comparison between numerical and experimental results in a traditional deterministic way,
where only two numbers or curves (i.e. experimental and numerical) are presented.
3

BENCHMARK PROBLEMS AND VERIFICATION

Verification is supposed to deliver evidence that mathematical models are properly
implemented and that the numerical solution is correct with respect to the mathematical
model. Due to the high complexity of mostly nonlinear problems that are practically
important, such verification can be conducted only empirically using “a posteriori” approach
where the reasoning is based on the experience coming from repeated calculations. A standard
example is the posteriori error estimation based on numerical results for different mesh
resolutions. According to (AIAA, 1998) verification can be conducted through tests of
agreement between a computational solution and four types of benchmark solutions:
analytical, highly accurate numerical solutions of an ODE or PDE problem, and manufactured
solutions. In contrast to numerical solutions used in the validation stage, the numerical
solutions applied for verification can represent mathematical models with little physical
importance.
The importance and usefulness of benchmark studies for specific areas of CS&E such as
structural fire engineering is postulated in many papers and conference proceedings. A
benchmark example should satisfy the following requirements. The problem considered
should be relatively simple, easy to understand. The considered case can show little of
practical meaning. It is supposed to be used for verification of computational models not to
solve an engineering problem. The complete input data must be provided in an easy to follow
way. All assumptions regarding material properties, boundary conditions, temperature
distribution, loading conditions, large/small deformations and displacements should be
identified. If a numerical solution is considered as a benchmark problem the mesh density
study should also be considered and it should be shown that provided results are within the
range of asymptotic convergence. One should also consider as a part of verification to use
alternative numerical models e.g. different codes or solid vs. shell finite elements (if possible).
Publishing a benchmark study we claim that this is a reliable solution. Hopefully, this
assumption will be verified by other users. Benchmark problems can serve for code
developers but are probably the most helpful for code users who can verify their modelling
assumptions, as most of the errors are due to the analyst’s mistakes.
4

COMPARISON BETWEEN EXPERIMENTAL AND NUMERICAL RESULTS

The soundness of an experiment as a source of data for validation depends also on the
relationship between the application and the validation domains (Oberkampf et al, 2004). The
application domain defines the intended boundaries for the use and predictive capability of the
computational model. The validation domain characterizes the representation capabilities of
the experiment. When a complex system is modelled, there is a need for many validation
experiments capturing different physical aspects of the system (e.g., different loading
scenarios, boundary and initial conditions) on different level of complexity of the model.
Unfortunately, due to high cost of furnace tests, the experiments are rarely repeated and the
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probability distribution of the test results is undefined. This distribution can be dramatically
different, depending on the selection of the so called system response quantity (SRQ). Some
of the researchers acknowledge large discrepancies between the experiment and the
computation especially for concrete structural elements subject to elevated temperatures when
the important role of moisture transport on the spalling mechanism is not sufficiently captured
in the computational model (Heijden & Bijnen, 2007). The need for multiple experiments and
computational probabilistic analysis can be best described by Fig. 5 presenting the difference
that can be measured between a single experiment and a single simulation and the actual
means of a given measure. Sensitivity of this measure to a given parameter is represented by
the shape (width) of the distribution function. When comparing simulated results to just one
experimental result the analyst has no confidence about representativeness of the experiment
result. In the process of calibrating the computational model to just one experiment actually
more errors can be introduced in the model and its predictive capability can be negatively
affected for a different set of initial parameters

Fig. 5 Difference between simulated and experimental values for a single and item and a
population of results
4.1 Validation domains
The ideal situation, possible only for simple systems, is when the validation domain
completely overlaps the application domain. This means that the available set of the
validation experiments covers all possible parameters defining the computational model
within its intended application. When complex systems are analysed, it is sometimes
infeasible or even impossible to conduct all necessary experiments to verify all features of the
computational model. An example of such a situation is the global analysis of structures in the
fire (Foster, 2007). There have been only a few full-scale experimental fire tests (i.e., the
Cardington tests) conducted so far, but there are numerical capabilities for such complex
analysis. The extreme, theoretical situation is when all possible or available experiments are
too far from the application of interest and there is no overlap between the validation domain
and the application domain. The credibility of such a computational model, validated only
through extrapolation, is obviously much smaller. To improve the predictive capability of
computation in such cases, hierarchical validation is introduced where closer correlation of
the domains is possible for lower-level experiments and then the gained confidence is
extrapolated to the global model.
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Fig. 6 Possible relations between validation and application domains (Thacker et al, 2004)
4.2 Validation metrics
Another important issue affecting the outcome of the comparison between the experimental
and numerical results is which parameter (SRQ) we select for the comparison and how it is
represented, deterministically or in a probabilistic manner. In (Oberkampf et al, 2004), the
authors distinguish six levels of validation comparisons, see Fig. 6. In the first level approach,
the simplest and the most common in today’s practice, a strictly qualitative comparison is
done using plots over the domain, for example, showing the deformation of a structure. The
second level represents a more quantitative but still fully deterministic comparison of the
numerical and corresponding experimental, single value input-response pairs, using tables or
plots. The second and third levels are most common in papers and reports dealing with
computational analyses. In the next, higher levels of comparison, the nondeterministic nature
of experimental data with both errors and uncertainties is taken into account. Instead of single
values for the input and the corresponding result, there are value bars with the centre point
representing the mean value and the length equal to two standard deviations (Oberkampf et al,
2004). The value bars provide information on the probability distribution estimated based on
the multiple experiments and can be applied to both uncertainties in the input and in the
results.

Fig. 7 Quality levels of validation metrics (Oberkampf et al, 2004)
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The highest levels are represented by comparison methods where additionally the
computational results are treated as nondeterministic, with their own input and output
uncertainties. The necessary information is provided by repeated computations for the input
variation determined by the experimentally estimated probability distributions (Szabó, 2008).
The ideal approach according to (Oberkampf et al, 2004) would show the difference between
the computational and experimental probability distributions over the whole possible range of
the input quantity, but that would require an enormous effort for any real life application. It
should be remembered that for a nonlinear system the relationship between the input and the
output can be very complex, and for example, the mean values of the response do not have to
be equal to the response for the mean values of the input parameters, compare Fig. 5.
4.3 System response quantity
As already mentioned, the validation procedure is based on the comparison between
computational results and experimental data. Generally, an experiment can provide much less
information than the calculation. The measurements for a quasi-static experiment on an
engineering structure usually give us loadings, displacements, and strains. A dynamic
experiment provides time histories of loads, strains, displacements, and accelerations. In
thermal analysis, the spatial distribution of temperatures is measured. The measurements are
done for a limited number of selected locations. Not all the experimental output data is
equally representative and has the same importance for comparison with the computation. For
example, strain in a uniform beam subject to bending is a local quantity related to internal
forces in the considered cross-section. However, the maximum deflection of the same beam is
a more representative quantity as it is the result of all deformations along the beam and
depends on the whole distribution of internal forces and on boundary conditions. The
correlation between the experimental and computational displacements for such a case is
more important for the purpose of validation than comparison of local strains. The
comparison of stresses instead of strains is more common in engineering practice but requires
recalculation of experimentally directly measured strains using material properties affected by
their uncertainties. In structural dynamics, we get a better correlation between smoother time
histories of displacements than between their second time derivatives—time histories of
accelerations that are rougher. The selection of the system response quantity (SRQ) is often
limited by the experiment output, e.g., for the earthquake or crash analyses time histories of
accelerations are the basic output information.

Fig. 8 Different sensitivity of a response on a
parameter variation

Fig. 9 Model of a hollow glass ball subject
to gravity acceleration

Also the range in which we test given response has a great impact on accuracy of the results.
If in a given range the response is not sensitive to variation of the input parameter the
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accuracy of prediction can be high (See Fig. 8). In some other range the response may be
highly sensitive to the variation of the input parameter and the accuracy of the prediction may
be significantly lower.
Let’s introduce the general idea of predictive capabilities of numerical calculations (i.e.
computer simulations) through a simplified example problem of structural mechanics. In this
problem we consider a test where a hollow glass ball with external radius of 25mm and the
wall 1mm thick is falling under gravity from a prescribed height (2.0 m) and hits a rigid
surface. The schematic of the test is shown in Fig. 9. The question is how precisely we can
predict the considered process using available nowadays software. From an experimental
point of view this test can be performed multiple times and probabilistic values for input
parameters characterizing glass as well as response can be measured. Geometrical
imperfections on macroscopic level can be also measured for the ball. Although experiments
are controlled by many parameters we don’t have to measure all of them to be able to perform
the tests. For example, not knowing failure parameters in the glass we can drop a hundred
balls and measure a radius occupied by all the shattered pieces of the ball. To perform an
equivalent simulation many more parameters has to be measured or provided to the analyst.
Performed here simulation in LS-DYNA software required detailed material properties of the
glass including failure and erosion criteria to allow for material separation. Such process,
although non-physical, is often used in simulations that pertain to material separation. If any
of the SRQ is related to the failure it may be predicted with large error or uncertainty. Mesh
size and mesh pattern are directly influencing the patterns of cracks that can develop only
through the eroded elements. On the other hand for example the maximum force that is
exerted by the ball on the ground is less affected by the mesh pattern and primarily depends
on the mass and the drop height of the ball.
0.0 msec

0.6 msec

0.8 msec

1.0 msec

2.0 msec

5.0 msec

Fig 10. Evolution of glass ball failure upon impact on rigid surface
5

SUMMARY

Recently in the literature, some guidelines for improving validation procedures have been
formulated. Validation hierarchy, placed in opposition to the model calibration common
today, and new validation metrics are examples of such improvement concepts. The examples
presented in this paper show how much the result of validation can be affected by the
selection of the system response quantity and that there is no universal metrics. The
importance of the comparisons using view graphs, often considered in the literature as lower21

level practice, is also emphasized as an efficient method for checking the physical validity of
mathematical models. What should be recommended, especially for complex problems with
practical meaning, is the design of simple experimental tests placed on different levels of
hierarchical validation. Such simple and less expensive tests can provide more valuable
material for comparison than costly experiments on entire structure.
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Abstract
The effect of sprinklers is taken into account in EN 1991-1-2 using reduction factors for the
fire load. The applicability of the Eurocode method to car fires was studied by modelling the
fires with Version 5.5.3 of the FDS program by NIST. The computer model is validated
against tests completed in the UK in 2006-2009. Three medium-size car fires are modelled
without and with the typical sprinklers used in car parks. The validation results showed that
the developed car fire model works well with the actual reference fires, with and without
sprinklers. The Eurocode reduction of fire load with sprinklers gives the same maximum
temperatures as the simulation with sprinklers up to the first peak of the heat release rate
(HRR). The Eurocode reduction does not take into account the fact that adjacent cars do not
ignite, as is the case with the developed model and as observed in the tests. The Eurocode
method is reliable up to the first peak, after that it is very conservative.
Keywords: car fire, sprinkler, Eurocode, FDS.
INTRODUCTION
Fire safety is one of the key issues when designing buildings. Car parks, open or enclosed, are
typical in modern urban environments. Car fires have been studied for many years. The study
of the of heat release rate (HRR) of cars began only with the car tests of VTT in Finland in
1991 (Mangs & Loikkanen, 1991). After that many researches have been completed (BRE,
2009). Extensive literature references and interesting statistical data are given in (Li, 2004).
Not only cars, but also parts of cars, such as tyres (Gratkowski, 2012) and engine
compartments (Weisenpacher et al, 2010) have also been studied. The /actual heat release rate
as function of time from ignition is generally the main property in the modelling of fires.
Car fires have in many cases been modelled using computational fluid dynamics (CFD), and
most of the analyses, such as (Halada et al, 2012), have been completed using a fire dynamics
simulator (FDS) by NIST (Mc Grattan et al, 2010, or older version). Only CFD is considered
in this study.
Regarding structural design in fire, the most advanced approach is to use the probabilistic
method where the effects (mechanical loads, fire) and the resistances, including passive and
active fire-fighting, are determined with their statistical values (distribution, mean, variation)
up to the required safety index presented in the Eurocodes for accidental events for the design
life time of the building. This method is used in (Schaumann et al, 2010) for open car parks.
The Eurocodes allow using not only a fully probabilistic method but also the performance
based method which uses the relevant HRR data of the fire to determine temperatures in fire.
The Eurocode (EN 1991-1-2, 2003) includes reduction factors for fire loads when sprinklers
are used. After the determination of the gas and structure temperatures, the resistances of
structures can be checked during the entire fire. In most cases heat transfer analysis and
mechanical analysis of structures can be done independently.
No design data for car fires are given in the Eurocodes. The main goal of this paper is to
provide background data for car fires and to study the usability of the reduction factors for
sprinklers mentioned in the Eurocodes. It is believed by the authors that car fires have
generally been well studied and documented, starting with typical cars in the car parks of
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buildings (Schleich et al, 1997) and ending up with the worst case scenario involving petrol
tankers (see Haack et al, 2005).
1

FDS MODEL AND ITS VALIDATION

1.1 The FDS model for car fires
The developed model for category 2 (Schleich et al, 1997) car fires includes a burning plane
of 1.8x4.8 m2 (Schleich, 2010) located 500 mm above the floor level. The heat release rate
(HRR) curve is fitted to (Schleich et al, 1997) with a peak value of 8 MW at 25 minutes from
ignition. The design curve is fitted so that the released energy per one car is 7500 MJ, as
required by the categorisation. The adjacent cars are located at a distance of 600 mm, and the
next car ignites 12 minutes after the previous one (Joyeux et al, 2001). To make it possible for
the fire to spread from one car to another, the burning plane is assigned material properties
representing the inner parts of the car. The details of the modelling are given in (Heinisuo &
Partanen, 2013). Tyres are objects with an independent HRR curve based on (Gratkowski,
2012). Generally the ignition temperature of tyres is 371-425 oC (Gratkowski, 2012) but in
this study it is set to 250 oC to make the overall car model work better with the verification
tests. Thus, two car fire models were developed. In one model the ignition time of the
adjacent car was pre-set to 12 minutes. The second model was fine-tuned to make the second
car ignite about 12 minutes after the first one via broken windows and burning tyres. The
second model can also be used for other purposes than adjacent car fires, for example, if the
ignition source is some other nearby object.
The windows were supposed to break at 300 oC (Weisenpacher et al, 2012). The side
windows of the first ignited car are open to have enough oxygen to enable the fire to burn
inside the car. The fire spreads via breaking windows and burning tyres from one car to
another so that the second car ignites about 720 s (12 minutes) after the first one, and the third
car ignites about 1440 s (24 minutes) after the first. Two materials are used for windows.
Automotive windscreens are usually made of laminated glass while side and rear windows are
of tempered glass. The car itself is modelled using the non-burning wrought aluminium
(Bertram & Buxmann, 2007), used in cars today. There are ventilation openings at the front of
the cars and around the tyres. Two tyres have thermocouples monitoring the spread of the fire
from one car to another. There are also thermocouples at each burning plane to monitor the
ignition temperatures inside the car.
The grid size is 100x100x100 mm3 near the car making the resolution (Heinisuo et al, 2008)
25, which means a rather dense and accurate grid. Some analyses use a grid size of
200x200x200 mm3 to accelerate computations at the 3 m zone from the edges of the
computational space.
The HRR curves for one and three adjacent cars are shown in Figs. 1 and 2.

1

Fig. 1 HRR for one car

Fig. 2 HRR for three adjacent cars
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1.2 Validation of the developed model
The FDS car fire model was validated with full scale tests (BRE, 2009). In the first test three
cars, a Renault Laguna (car 1), a Renault Clio (car 2) and a Ford Mondeo Estate (car 3) were
burned in the absence of sprinklers. They were modelled as category 2 cars, as described
above. The computational space was fitted to the tests using initial data describing the test
environment. The FDS model is shown in Fig. 3.

Fig. 3 FDS model of test (car 1 left, etc)

Fig. 4 Temperatures of the model

The fire started at car 1 and continued for about one hour. Temperatures were recorded in the
model at thermocouple trees, as in the tests. Fig. 4 illustrates the temperatures in one tree
where thermocouples were located 100, 200, 300, 500 and 1000 mm below the ceiling. The
temperatures in all recorded thermocouples of the model were about the same as in the test.
In the second test three cars, a Renault Grand Escape, a Seat Ibiza and a Land Rover
Freelancer were burned in the presence of sprinklers. These cars were modelled as category 2
cars, as above. The test environment with sprinklers was modelled, too. Six sprinklers of the
test had an OH2 classification, 5 mm/min and 12 m2 per head. In the BRE test only one car
ignited, as was the case with the simulation model. The temperatures based on the model were
higher in two thermocouple trees and smaller in one tree than in the tests. This is due the fact
that the first and only car that burned in the test was a Renault Grand Escape, not a category 2
car as in the simulation. The Renault Grand Escape is a category 5 car that releases 12000 MJ
of energy in fire. Category 2 cars, on the other hand, release 7500 MJ.
2

CASE STUDY WITH THREE ADJACENT CARS

The virtual car park with a floor area of 8x16 m2 and a free height of 3 m was modelled with
three category 2 cars in the middle. There were no walls in the computational space. The floor
and roof were modelled as 100 mm thick non-burning concrete. Four thermocouple trees and
nine similar sprinklers as in the BRE test were used in the model, as shown in Fig. 5. The
flow rates of the sprinklers in this case were 45 l/min, not 60 l/min as in the BRE test, because
the sprinkler coverage area per head was now 9m2. Thus, the requirement for sprinkler water
flow rate per unit floor area of 5 mm/minute for car parks was fulfilled.
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1

1

Fig. 5 Virtual car park case
This case was modelled without and with sprinklers. Then, the HRR curve was reduced
imitating Eurocodes: The automatic water extinguishing system reduces the design fire load
by a factor of 0.61. In the FDS model this reduction was completed by reducing the given
HRRPUA value of the burning plane inside the car by a factor of 0.69. Numerical integration
was used to calculate the released energy, which with this value was 0.61 times the original
energy, referred to as EC0.61. The same technique was used in two other simulations referred
to as EC0.43 and EC0.53. The HRR curves for the simulated cases are shown in Fig. 6.
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Fig. 6 Virtual car park case
It can be seen that the Eurocode reduction does not take into account the fact that adjacent
cars do not ignite, as is the case with the developed model and as observed in the tests.
Typical temperatures in the virtual thermocouple trees are shown in Fig. 7.

Fig. 7 Temperatures according to simulations
It can be seen that the Eurocode-based reduction of fire load in the presence of sprinklers (see
Fig. 7, EC0,61) results in the same maximum temperatures as the simulation with sprinklers
at the first peak of HRR. The Eurocode method is reliable for design within this range if the
maximum temperatures at the beginning of the fire are those used in the fire design of
structures. If it is used to simulate temperatures after the first peak of HRR, the temperatures
are very conservative based on these results.
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Abstract
The paper presents development of a series of solutions for beams at elevated temperatures
which are supposed to serve as benchmark problems for applications of computational models
in fire structural engineering. Three cases of loading i.e. pure bending, central force, and
uniformly distributed loading, are considered for a simply supported, and fixed on both ends
beams at uniformly distributed elevated temperature varying in time. The results are provided
in terms of the midspan deflection for specified loading levels and temperatures. The results
mainly obtained using finite element (FE) models and two commercial codes, are verified
through comparison with analytical solutions for simplified cases and through parametric
study aimed to examine the effect of modelling parameters. The numerical results are
subjected to mesh density study using the grid convergence index (GCI) concept.
Keywords: beam, benchmark, fire, finite element, verification
INTRODUCTION
Nowadays verification and validation (V&V) is recognized as the primary method for
evaluating the confidence of computer simulations (Oberkampf et al, 2004). V&V is
especially important in the research areas where complex, highly nonlinear structural
behaviour is considered. One of those is the structural fire engineering where interaction of
additional effects due to elevated temperatures has to be considered such as reduction of
material properties and generation of additional forces due to constrained thermal elongation.
Validation in the structural fire engineering through comparison between numerical results
and experimental data obtained using furnace tests is difficult and has many limitations due to
inevitable uncertainties characterising the specimen behaviour (Gillie, 2009). This fact
enhances the importance of verification which is sought as a comparison of computational
solutions with highly accurate (analytical or numerical) benchmark solutions and among
themselves, for example using mesh density study (Santiago et al, 2009).
The benchmark solutions can serve for both code developers, to check the corrections of new
features introduced in the code, and for code users who can check if their models are
developed correctly. They should represent a good balance between simplicity and
applicability. Simpler the problem considered, more reliable solution can be obtained, but too
simplified problem can miss some important features which need to be taken into account in
the study. On the other hand, more complex problem, less reliable solution can be provided.
This fact is reflected often when different codes are used for the same problem (Santiago et al,
2009) or different modelling parameters such as finite element formulation, solving
procedures, material models are used within the same code. To solve this dilemma a
hierarchical approach is proposed in which a series of solutions is developed starting from the
simplest cases towards more complex.
The paper presents application of such strategy to the problem of beams at elevated
temperatures. The objective of the presented study is to provide not only solutions but also
accumulate the evidence that they are correct.
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1

PROBLEM DESCRIPTION

To define a family of cases characterizing the behaviour of beams at elevated temperatures,
several parameters need to be identified as listed below. Some of them are taken from the
existing studies (Gillie, 2009) and present a good balance between simplicity and
correspondence with the real world. The stress is put on description of the numerical models
to allow other users to follow calculations and check their simulations. For better comparison
of results and for understanding the factors affecting differences between them and analytical
solution, two commercial FE codes are used: ABAQUS, very commonly used in such cases
(Santiago et al, 2009) and LS-DYNA, less often used in similar problems.
1.1 Geometry
Geometry means here a set of data defining all dimensions and shape of the beam. For all the
solutions presented in this study a 1000x50x30 mm beam was considered. The ratio of length
to depth is 20, so it is assumed that the shear force effect on deflection is negligible.
1.2 Material
Similar as in (Gillie, 2009), elastic-perfectly plastic material is considered, with the difference
that here both elastic modulus and yield stress are temperature dependent, comparable to (Lin
et al, 2010). Stress-strain relationship and temperature dependence are shown schematically in
Fig. 1. Elastic modulus at 0°C is E0 =200 GPa and the corresponding yield stress σ y 0 =200
MPa. Material model is simple enough to allow easy FE modelling but also reflects material
properties of structural steel at elevated temperature. In all cases υ =0.3 and α t =1.2·10-5 K-1,
which corresponds well with steel properties.

Fig. 1 Material model

Fig. 2 Plastic regions, loading and boundary
conditions – simplified drawings

1.3 Mechanical Loading
Three loading cases are considered: pure bending, central force, and uniformly distributed
load, see Fig. 2. Pure bending is applied by four point bending test where two equal forces are
applied at the top of cantilevers with bigger stiffness than the main beam. The central force is
applied at the neutral axis of the beam, and uniformly distributed loading is applied as
increased gravity. The first case is considered mainly to verify FE results with analytical
solutions for elastic-plastic bending. This solution is also used for the mesh density study. The
last case is more realistic and more related to experiments. The magnitude of the loads was
chosen to produce bending moment of magnitude 700 Nm in the most stressed cross-section
of simply supported beam. This lies between moments in which outer fibres yields (500 Nm)
and whole section reaches plasticity (750 Nm) at 800°C, giving good elastic-plastic response
of the beam. This gives force of 7000 N at the ends of 100 mm cantilevers in pure bending,
2800 N in point force load and equivalent of 5.6 N/mm distributed loading.
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1.4 Boundary Conditions
Only two idealized boundary conditions are taken into account: a simply supported beam,
where constraints are applied at the neutral axis, and a beam fully fixed on both ends. In the
presented study only planar bending is considered with symmetry constraints (transverse ydisplacement constrained) applied to all nodes in the vertical symmetry plane.
1.5 Temperature variation
Uniformly distributed temperature within the beam (the main span) is assumed. For FE mesh
studies with constant temperature, the temperature effect is modelled directly through
variation of the material properties and thermal expansion is not taken into account. At the
beginning of the simulations the loading is applied gradually and then it is kept constant. For
temperature varying in time, the simulations are divided into three steps. In the first step
temperature 0°C is constant while the mechanical loading grows from zero to the full
magnitude. In next two phases the loading is kept constant and the temperature grows linearly
to 800°C and back to 0°C,(Gillie, 2009). All calculations are static, without inertia effects,
and with time serving as nonphysical loading parameter.
1.6 FE Meshes
Only 3D meshes, as most general, are considered. It is supposed that FE models built of solid
elements are able to capture more comprehensively local effects, and eventual deviation of
plane cross sections (deplanation) due to shear deformation. Dimensions of FEs for three
subsequent meshes used for the mesh density study are 16.67x12.5x7.5, 8.33x6.25x3.75 and
4.17x3.125x1.185 mm. Each of three meshes is built of the same elements with denser
meshes generated through dividing each edge in two (one solid is divided into eight).
2

ANALYTICAL SOLUTIONS

For validation of FE models, analytical solutions for simply supported beams under pure
bending, point force and uniformly distributed loading were obtained below.
2.1 Pure bending
Analytical solutions are obtained based on the assumptions that cross sections stay planar and
the effect of shear is neglected. It is also assumed that the approximate formula (second
derivative) for the curvature can be applied to find beam deflection. For elastic-ideal plastic
material with yield stress σ y the bending moment can be given by
⎛ h2 σ y 2 2 ⎞
bh 2
bh 2
⎟
⎜
M = σ yb
ρ if σ y
≤ M ≤σy
−
⎟
⎜ 4 3E 2
6
4
⎠
⎝

(1)

where ρ is the radius of curvature which can be approximated by

1
= w' ' ( x ), w(0) = 0, w(l ) = 0
ρ

(2)

To obtain displacement function w( x ) it is necessary to solve differential Eq. (2) for
M = const . The maximum deflection f in the midspan is
−1 2
2
1 σ yl ⎛ 1 1 ⎞
f =
⎜ − μ ⎟ and μ =
8 3 Eh ⎝ 4 6 ⎠
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M
bh 2
σy
6

(3)

2.2 Concentrated force
For point load Eqs. (1 )and (2) are still valid. Maximum bending moment M ( x ) and the
maximum elastic moment M s (at the cross-section x = x0 ) are given as
M (x ) =

σ bh 2
P
x, Ms = y
2
6

and

Ms =

P
x0
2

(4)

Beam deflection shape w( x ) is divided into w1 ( x ) for x ≤ x0 (elastic behaviour of the cross-

section) and w2 ( x ) for x0 ≤ x ≤ l 2 (elastic-perfectly plastic behaviour of the cross-section).
Parameter x0 results from Eqs.(4.2) and (4.3).Displacement function w( x ) is obtained after
solving Eq. (5).

σy ⎛1
P
1
⎜ − P
− EIw1 ' ' ( x ) = x, w2 ' ' ( x ) = =
2
2
ρ
3Eh ⎜⎝ 4 2σ y bh
w1 (0 ) = 0, w1 ( x0 ) = w2 ( x0 ), w1 ' ( x0 ) = w2 ' ( x0 )

−1

⎞ 2
x⎟ ,
⎟
⎠
⎛l⎞
w2 ' ⎜ ⎟ = 0
⎝ 2⎠

(5)

Maximum deflection of the beam can be written as Eq. (6).

f =

3

2
1 σ y l 3 3 − 2ψ + ψ 3 − 2ψ − 5
P
and ψ =
2
2
6 Eh
ψ
2 σ y bh
3 l

(6)

MESH DENSITY STUDY

For the mesh density study, the maximum deflection for cases with pure bending at 0°C and
800°C was used. The procedure called Grid Convergence Index GCI (Slater, 2008),
(Kwasniewski, 2013) was applied. Using concept of Richardson extrapolation, the order of
convergence and asymptotic solution is found based on results obtained from three
subsequent meshes. The meshes are constructed with a constant grid refinement ratio r = 2
r=

h3 h2
=
= const
h2 h1

(7)

where h1 , h2 , h3 are measures of mesh size (e.g. the largest element egde) and h1 < h2 < h3 . In
this paper the convergence rate, given as (Slater, 2008)
⎛ f − f2 ⎞
⎟
ln ⎜⎜ 3
f 2 − f1 ⎟⎠
⎝
p=
ln (r )

(8)

where f1 , f 2 , f 3 are the results from three subsequent meshes. Next, the asymptotic solution is
obtained as
f1 − f 2
r p −1

f h=0 ≅ f1 +

(9)

The GCI is defined as (Slater, 2008):
GCI =

Fs ε
r p −1

100%
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(10)

where Fs = 1 is a safety factor, and ε defines relative difference between subsequent solutions

ε=

f1 − f 2
f1

(11)

As can be seen (Tab. 1) a good convergence and correlation with analytical solutions are
obtained for constant 0°C, 800°C (no thermal expansion) and for temperature varying from 0
to 800°C and deflection recorded at 800°C. For all next cases, the finest mesh is applied.
Tab. 1 GCI results for simply supported beam with pure bending
Temperature
[°C]

Solver

0constant
ABAQUS 800constant
800 varying
0constant
LS800constant
DYNA
800 varying

4

Result [mm]

f3

f2

p

f1

f h =0
[mm]

1.367 1.391 1.398
9.256 10.490 10.970
8.478 9.636 9.963
1.369 1.393 1.400
9.640 11.023 11.818
8.384 9.228 9.814

1.778
1.362
1.824
1.778
0.799
0.526

1.401
11.276
10.092
1.403
12.893
11.145

GCI 12

GCI 23

GCI 23
r p GCI 12

0.206
2.786
1.292
0.206
9.095
13.562

0.710
7.489
4.729
0.709
16.963
20.774

1.005
1.046
1.034
1.005
1.072
1.064

NUMERICAL RESULTS FOR BEAMS UNDER FIRE
Tab. 2 Deflection of simply supported beam with pure bending under fire [mm]
Analytical
ABAQUS
LS-DYNA

0°C
1.400
1.398
1.400

200°C 500°C 600°C 700°C 800°C 700°C 600°C 500°C 200°C
1.750 2.800 3.500 4.667 11.180
1.747 2.796 3.495 4.569 9.963 7.635 6.469 5.770 4.727
1.743 2.773 3.461 4.609 9.814 7.512 6.358 5.667 4.626

0°C
4.372
4.275

Tab. 3 Deflection of simply supported beam with concentrated force under fire [mm]
Analytical
ABAQUS
LS-DYNA

0°C
0.933
0.940
0.940

200°C 500°C 600°C 700°C 800°C 700°C 600°C 500°C 200°C
1.167 1.866 2.333 3.111 4.667
1.174 1.882 2.352 3.136 5.074 3.507 2.723 2.253 1.548
1.172 1.869 2.333 3.108 5.008 3.462 2.688 2.223 1.526

0°C
1.312
1.293

Tab. 4 Deflection of fixed beam with concentrated force under fire [mm]
ABAQUS
LS-DYNA

0°C
0.239
0.239

200°C 500°C 600°C 700°C 800°C 700°C 600°C 500°C 200°C 0°C
9.693 29.964 36.008 41.846 47.716 44.456 40.732 36.669 24.472 16.235
9.667 29.877 35.915 41.752 47.627 44.372 40.656 36.608 24.491 16.359

Tab. 5 Deflection of simply supported beam with distributed loading under fire [mm]
0°C

200°C 500°C 600°C 700°C 800°C 700°C 600°C 500°C 200°C

0°C

Analytical

1.167

1.458

2.333

2.917

3.889

5.833

-

-

-

-

-

ABAQUS

1.172

1.466

2.347

2.934

3.912

7.019

5.065

4.088

3.501

2.621

2.328

LS-DYNA

1.173

1.462

2.331

2.911

3.877

6.920

4.991

4.024

3.444

2.571

2.279

Fig. 3-7 present numerical and analytical results for five selected cases: simply supported
beam subjected to four point bending, simply supported and fixed beams subjected to
concentrated force and uniformly distributed loading. For all cases the time variation of
temperature defined in Section 1.5 is considered. Deflection f is shown in the relation to the
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displacement f 0 at 0°C, which makes variation of material properties under temperature more
visible.

Fig. 3 Deflection of simply supported beam under
pure bending and elevated temperature
Tab. 6 Deflection of fixed beam with distributed loading under fire [mm]
ABAQUS
LS-DYNA

0°C
0.239
0.239

200°C 500°C 600°C 700°C 800°C 700°C 600°C 500°C 200°C 0°C
9.649 29.946 35.996 41.839 47.714 44.449 40.734 36.669 24.386 16.060
9.607 29.810 35.840 41.664 47.514 44.261 40.555 36.503 24.311 16.110

Fig. 4 Deflection of simply supported beam
under concentrated force and elevated

Fig. 5 Deflection of fixed beam under
concentrated force and elevated temperature

Fig. 6 Deflection of simply supported beam
with distributed load and elevated temperature

Fig. 7 Deflection of fixed beam under
distributed load and elevated temperature

5

SUMMARY

A series of solutions for beams at elevated temperatures are presented as benchmark problems
for applications of computational models in fire structural engineering. Presented numerical
solutions have been verified through comparison with analytical solutions for limited number
of simple cases and through comparison of the numerical results obtained using two FE
codes. The mesh density study based on the grid convergence index (GCI) concepts is also
34

presented for beams subjected to pure bending. Comparison of the results shows very good
correlation for elastic range however, when plastic deformation is present there is a clear
difference between FE and analytical solutions.
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Abstract
There are many aspects of shear stud behaviour that may affect a heated steel-concrete
composite structure in fire such as stud layout, ductility and strength; heated material
behaviour; loss of composite action through the failure of multiple studs; and so on. This
paper attempts to understand the role of shear studs on full structural behaviour in fire during
both heating and cooling. Predictions of stud behaviour at ambient temperature using
numerical models are first compared to experimental work to benchmark the modelling
approach. A good correlation is found. This is followed by the analysis of full structural
behaviour in fire where shear stud properties are varied parametrically. Individual shear studs
are modelled so it is possible to identify which studs fail and at what point in the fire. The
results demonstrate the importance of ensuring continued composite action in fire.
Keywords: Finite element modelling, connections, shear studs
INTRODUCTION
Shear connectors in steel-concrete composite construction play a vital role in ensuring both
strength and serviceability requirements are met at ambient temperature. Their behaviour and
design has been extensively studied. In fire conditions it can expected that shear connectors
play a similarly important role, yet their behaviour in fire has received very little attention.
This is despite the many studies of composite structures in fire, both experimental and
numerical, that have been undertaken over the last 15 years examining almost all other aspects
of the behaviour of such structures.
This paper examines how shear connector behaviour may affect the response and strength of
heated composite structures by means of a numerical parametric study using Abaqus, the
commercial finite element package. Various models were produced which are discussed in
detail below; in each case a concrete slab, modelled with 4-noded shell elements, was
connected to steel beams, modelled with 2-noded beam elements, to simulate a portion of a
steel-concrete composite structure. Steel behaviour was modelled with an elasto-plastic
temperature dependent model assuming a von Mises yield criterion. Concrete was modelled
using the “damaged-plasticity” model available in Abaqus. Geometric non-linear effects were
accounted for. Because of the abrupt changes in stiffness that occur when shear studs fail, it
was necessary to use an explicit dynamic solver for all analyses to obtain numerical
convergence. This paper explores the effect of the degree of shear connection in fire on
structural behaviour. Other parameters are consider by Anderson (2012).
1

AMBIENT TEMPERATURE BENCHMARK

In order to gain confidence in later results, an initial model was validated against experimental
data. Experimental data on the behaviour of shear-studs in fire is rare so validation was first
made against ambient temperature data produced by Chapman and Balakrishnan (1964).
Chapman’s experiments consisted of concrete slab strips attached by shear studs to steel
beams. The slabs were loaded uniformly and deflections measured. A span of 5.5 m with
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simple supports was used. The steel beams were 305 mm deep and 152 mm wide, with a
flange thickness of 18 mm and web thickness of 10 mm. The slab was 152 mm deep and 1.22
m wide. It had 4, 8 mm Φ bars top and bottom in the longitudinal direction and 12.7 mm Φ
bars in the transverse direction at 152 mm spacing at the top and 305 mm spacing at the
bottom. Further details of test arrangements are given in Tab. 1.
Tab. 1. Material properties used for validating numerical models against experimental data;
starred values are assumed data; all others are taken from Chapman Balakrishnan (1964)
Property
Compressive strength (MPa)
Tensile strength (MPa)
Young’s modulus (GPa)
Strain at peak stress (-)
Strain at failure (-)
Poisson’s ration

Steel

Concrete
240
240
210
NA
NA
0.3*

Reinforcement
50
500*
5
500*
26.7
210*
0.003
NA
0.0045
NA
0.2
0.3*

Chapman’s test “U3” was used for validation. This test was chosen because it most closely
reflects a realistic building design and loading scenario. It used T-studs (a form of shear
connector commonly used in current construction) evenly spaced at 216 mm centres. The
load-slip behaviour of the studs obtained from push-out tests by Chapman is shown in Fig. 2
The numerical model used for validation is shown in Fig 1. In this model, friction between the
steel and concrete was included with a coefficient of friction of 0.5, as recommended in EC4
(2004), while a contact condition was specified that prevented the steel penetrating the
concrete but left separation free to occur. Twenty-four pairs of shear studs connecting the
steel and concrete were modelled explicitly using individual connector elements. These
elements were specified rigid in all direction except parallel to the beam axis where the forcedisplacement relationship followed that shown in Fig. 2. Chapman’s test data showed shear
studs failed on average at a load of 120 kN with a deformation of 2.54 mm. This failure
condition was included in the numerical model. Pinned-boundary conditions were specified at
each end of the beam. These provided rather more axial restraint than was present in reality
but it was found that assuming no axial restraint (simple supports) produced poorer
correlation with test data. A spring support would have been most accurate but the results
obtain (Fig. 3) are sufficiently good for the modelling approach used to represent the shear
studs to be considered validated at ambient temperature.

Fig. 1 Numerical model used for benchmarking model
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Fig. 2 Shear stud load slip behaviour from
Chapman and Balakrishnan (1964)
2

Fig. 3 Load-deflection response of 2D and 3D
(discussed here) benchmark models

NUMERICAL MODEL

With an ambient temperature model validated, a standard model was developed for a
parametric study of shear stud behaviour at elevated temperatures. This paper presents only
the results from the connectivity study although; other parameters have been considered in
Anderson (2012). Full connectivity is defined as the case where the steel or concrete fails
before the studs while partial connectivity is the converse. Connectivity therefore relates to
the strength of the studs.
2.1 Geometry
A 6m by 6m slab has been chosen to represent an average room size. A total imposed load of
5 kN/m2 is assumed. Together with the dead load of the slab, a beam size of UB533x210x92
was chosen and a slab depth of 150 mm. Reinforcement bars are provided at 150 centres top
and bottom and in both directions, 12 mm Φ bars in the bottom and 8 mm Φ bars at the top.
Shear studs are explicitly included and their spacing is calculated based on the distance
between ribs in the profiled steel decking under the concrete slab. This distance can vary
between around 150 m – 300 mm and so an arbitrary figure of 200mm was chosen in this
case, (Kingspan, 2009). The stud spacing is the assumed to be equal to this distance, (Quiroz,
2009). The studs at each end of the slab were placed at half this distance from the support
meaning there are a total of 30 studs in this case. Load-slip behaviour, based on the
experimental curve shown in Fig. 2 is defined in the direction of the beam main axis while
movement in any other direction is restrained.
Boundary conditions that pinned the ends of the beam and slab were imposed. Symmetry was
used at the two edges of the slab parallel to the beam to model continuity.
2.2 Heating
A parametric fire was assumed to heat the whole structure. A maximum gas temperature of
895 °C was achieved after 60 minutes and gas temperature returned to ambient after a total
time of 190 minutes, 130 minutes after the peak temperature. Heat transfer calculations were
carried out to calculate the temperature of the slab at 5 points throughout its depth while the
steel beam was assumed to have a uniform temperature. The slab took around 19 hours to
return to ambient temperature whereas the beam cooled in about 4 hours.
3

PARAMETRIC STUDY

3.1 Partial Connectivity
When the strength of an individual shear stud and its spacing along the beam is known, the
degree of shear resistance can be calculated. Full shear resistance is not required from the
studs and a minimum requirement can also be calculated. The degree of shear resistance can
be calculated as follows according to Eurocode 4 as:
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η=

Nc
N c, f

(1)
and N c , f = 0.85 Ac Fcd

where N c = 0.5nPRd

(2) / (3)

In the above equations Nc is the design value of the compressive normal force in the concrete
flange, Nc,f is the design value of the compressive normal force in the concrete flange with full
shear connection, n is the number of shear studs along the length of the beam, PRd is the
design shear resistance of a shear stud, Ac is the cross sectional area of the concrete and Fcd is
the characteristic design strength of the concrete. The minimum degree of shear resistance
required to meet the Eurocode recommendations can be calculated as:

⎛ 355 ⎞
⎟(0.75 − 0.03Le )
η min = 1 − ⎜
⎜ f ⎟
⎝ y ⎠

(4)

where Le is the effective length and fy is the yield strength of steel.
In the benchmark model, the capacity of a shear stud was 120 kN. The level of connectivity
was increased or decreased in this study to evaluate the effects on time to stud failure and slab
deflection. Stud failure forces of 60 kN, 90 kN, 120 kN, 150 kN and 180 kN were chosen for
the study. Degree of connectivity and minimum shear requirement is summarised in Tab. 2.
Tab. 2 Shear connectivity provided based on strength of studs
Required degree of shear
connection

Stud Shear strength

60kN

90kN

120kN

150kN

180kN

43%

Actual degree of shear
connection

35%

52%

69%

86%

103%

3.2 Results
Fig. 4 show the failure temperatures of each shear stud over half the length of the beam for the
five analyses. At the top of the diagrams is the layout of the slab and beam assembly where
the shear studs are explicitly indicated by a dashed line. On the left hand side is the gas
temperature throughout the analysis and adjacent to that the status of each shear stud is given:
a line ‘|’ denotes that the shear stud is still intact and a cross, ‘x’ indicates failure.
The following conclusions can be drawn from these figures:
•
•
•
•

As the level of connectivity increases, the shear stud failure temperature increases for the
studs nearer the centre. This is because the studs near the centre of the beam carry less
force and therefore will be the last to fail.
With increasing connectivity, fewer studs fail over the duration of the analyses
Most studs that fail do so in heating however there are a few that fail in cooling in the 180
kN model.
The stud to the far right of each figure is 100 mm from the middle of the beam and as the
analysis is symmetrical and ideal, the middle shear stud should not be subject to a
significant shear force throughout the analysis. This is highlighted in the fact that this
stud does not fail in any of the analyses.
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(a) 60 kN and 90 kN

(b) 120 kN

(c) 150 kN

(d) 180 kN

Fig. 4 Failure temperatures of shear studs for different stud capacities
Stud strength also has a marked effect on beam and slab deflection as can be seen from Fig. 5.
The beam mid-span deflections increase as the stud strength decreases.
•
•
•
•
•
•

In the model with the highest level of connectivity, with a stud failure force 180 kN, the
maximum deflection during heating is 300 mm.
In the model with the lowest level of connectivity, where the stud failure force is 60 kN,
the maximum deflection during heating is 380 mm.
The maximum deflection for the model with the lowest connectivity is therefore 25 %
higher than that for the model with the highest level of connectivity.
In cooling, the 180 kN failure model has a residual deflection of 135 mm.
This is compared to 210 mm for the 60 kN model.
The residual deflection for the model with the weakest studs is therefore larger by 55 %.

As the structure begins to heat, deflections increase and the slip between the slab and beams
also increases. As studs begin to fail at the edges of the beams, where the largest shear forces
are, larger rotations are possible and therefore in the models where more shear studs fail, i.e.
those with lower stud strength, there will be a larger mid-span deflection. Again, the opposite
pattern is seen in the slab deflections: as the stud strength increases, so do the slab edge midspan deflections, Fig. 5.
•
•

•
•

In the model with the highest level of connectivity, where the stud fails at 180 kN, the
maximum deflection during heating is 450 mm.
In the model with the lowest level of connectivity, the maximum deflection during
heating is 380 mm.
o The maximum deflection for the 180 kN failure force model is therefore 20 %
larger than that for the 60 kN failure force model.
In cooling, the 180 kN failure force model has a residual deflection of 295 mm.
This is compared to 210 mm for the 60 kN failure force model.
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o

The residual deflection for the model with the highest level of connectivity is
therefore 40 % larger than that with the least connectivity.

By considering the relative expansion rates of the beam and slab this can be explained. In
each model, the total thermal expansion of both the beam and slab will be the same. As the
failure force of the studs increases, the slab deflection over the beam decreases, as explained
above. For the total thermal expansion of the concrete to be the same in all models, this will
require the concrete expansion to be more prevalent elsewhere in the model. It is therefore
evident as a vertical deflection at the slab edges.

(a) beam midspan

(b) slab midpoint

Fig. 5 Deflections at the mid-point of the slab of beam for different shear stud strengths
4

CONCLUSIONS

This study shows that shear studs do effect the predicted response of composite structures in
fire. Depending on the design criteria, it may that the degree of shear connectivity appropriate
at ambient temperature is not sufficient for high temperature. Therefore, consideration should
be given to checking shear stud adequacy at in structural fire design, rather than, as is
currently common, simply assuming shear studes will be adequate in the fire limit state.
5
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The Use of Optimization Techniques for Estimation of Pyrolysis Model Input
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Abstract
This paper deals with the use of the optimization techniques for obtaining the input
parameters from the bench scale experimental data that are used for property based fire
modeling. Two multidimensional optimization techniques - Genetic algorithm (GA) and
Shuffled complex evolution (SCE) - are discussed. Their performance is compared based on
the algorithms application to estimation of the material properties of one of the commonly
used structural materials – wood.
Keywords: fire modeling, genetic algorithm, material properties estimation, global
optimization, shuffled complex evolution, wood
INTRODUCTION
CFD fire modeling quickly emerged as an useful and nowadays quite common tool in fire and
safety engineering practice. Commercially affordable CFD fire modeling softwares as FDS,
Jasmine or SmartFire are successfully used in many key fire safety applications, e. g.
proposing fire evacuation strategies, designing the layout of the active fire protection
components etc., where the main objective of the model is to study the consequences of the
fire (mainly the evolution of the temperature field and spread of the smoke). When the
amount of the heat released during burning (HRR) is known, commercial fire modeling
softwares provide good agreement between the model and the real case situations and work as
a reliable prediction tool.
Contrary to fire consequence modelling, capabilities of the softwares in case of fire
development and spread modelling are still very limited and their use is restricted to research
area only. The main challenge in modeling fire spread is to accurately predict the amount of
the mass released when the material is exposed to heat as a function of time, i.e. to establish
the pyrolysis model together with an appropriate reaction scheme of the material heat
degradation.
Considering the basic construction materials, the knowledge of the material mass loss rate
when exposed to heat is crucial from the point of view of the buildings static. The amount and
the composition of the gases released during pyrolysis significantly influence the evolution of
the temperature field and the rate of the heat transfer to the surrounding materials. High
temperatures further initiate pyrolysis and leads to the irreversible damage of the building
structures (the loss of strength and stiffness of steel beams or the destruction of the concrete
components caused by the sudden release of the water vapour from the moisture present in the
concrete).
When modeling pyrolysis the main problem is not the insufficient theoretical knowledge of
the pyrolysis models, but the lack of the methodology how to determine the model input
parameters – kinetic and thermal parameters of the decomposing material. Some of the
material properties can be determined from the experimental measurements like
thermogravimetric analysis (ISO, 1997), conic calorimetry (ISO, 2002) or differential
scanning calorimetry (ISO, 2009). However, most of the parameters have to be determined by
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inferring or optimization from the experimental data. The paper deals with using optimization
techniques for estimating the pyrolysis model input parameters.
1

THE PYROLYSIS MODELING

FDS (McGrattan et al., 2010), Gpyro (Lautenberger, 2007) and Thermokin (Stoliarov &
Lyon, 2008) belong currently to the most common pyrolysis models in the fire community.
Although these models were developed independently, their mathematical formulation are
quite similar. The main differences between the models are the variable specification (e.g.
conversion) and the extent of their generality. One of the key governing equations in the
pyrolysis model are the condensed phase mass conservation and the condensed phase species
conservation. These equations describe the change of the mass of the condensed phase over
time in the computational cell, i.e. how quickly the condensed phase species are released into
the gas phase. One of the ways to express a mass change is the use of conversion. Therefore
the reaction rate of species decomposition is the function of thermodynamic temperature T
and conversion α (normalized mass fraction). For simplifying the reaction rate is usually
expressed as the product of two independent functions
   

(1)

where   is only a function of conversion and  is only a function of temperature. The
dependence of the reaction rate on temperature is usually expressed by the Arrhenius
equation. The function   is called "reaction model" and may have different forms. The
 is most commonly used. Than the equation for description of the
simple form 
condensed phase decomposition kinetics has this basic form



  








(2)

where Z is the pre-exponential (frequency) factor, E is the activation energy, R is universal
gas constant and n is the reaction order. The Arrhenius equation parameters (Z, E) together
with the reaction order n are input parameters into models of thermal decomposition of solid
materials.
1.1 The optimization techniques
The problem of determination of material pyrolysis properties from bench-scale experimental
data is an inverse problem. The major complications for solving the inverse problem are the
existences of more than one main convergence region and many minor local optima in each
region. In general there are many approaches how to solve such global optimization problem
(e.g. deterministic methods, stochastic methods, heuristics etc.), but not all can be applied to
this problem. The main concern when choosing the optimization method is how close the
converged solution is to the global optimum and how quickly the algorithm converge to a
solution.
Since 1998, several scientific workers tried to apply different optimization algorithms to the
inverse problem of pyrolysis parameters estimation. One of optimization algorithms tested
through the fire research community was the genetic algorithm (GA) that belongs to the group
evolutionary algorithms. Genetic algorithm is heuristic method that uses the principles of
evolutionary biology (natural selection, crossover, mutation, heredity) to find the global
optimum. The basic principle of genetic algorithm is described in Fig. 1a. Although the GA
was proofed to be very versatile and powerful tool its use has a number of disadvantages.
Results obtained by GA are strongly dependent on the initial setup of algorithm parameters
such as population size, mutation probability, crossover probability or selection mechanism.
Moreover, the GA may have a problem with finding the global optimum. If we change one (or
more) parameter we can get qualitatively different solution which meet the optimization
criteria as well.
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Chaos et al. (2010) used the shuffled complex evolution (SCE) algorithm to estimate the
material pyrolysis properties from FPA (ISO, 2011) experimental data. The shuffled complex
evolution is the global optimization algorithm developed by Duan et al. (1993) at The
University of Arizona. The SCE method combine the strength of Nelder-Mead (downhill
simplex) method, controlled random search, genetic algorithm and complex shuffling. The
flowchart of SCE algorithm is shown in Fig. 1b. Lautenberger (2011) implemented the SCE
algorithm to his pyrolysis model Gpyro and compared its performance over GA using
synthetic cone calorimeter experimental data of hypothetical non-charring material. The result
suggested that in comparison to GA, SCE converge to a unique solution that corresponds to
the global optimum. The normalized deviation between solution was not usually greater than
units percent. Moreover, the fitness function reached much higher values (the fitness function
is maximized). However, to confirm these conclusions SCE need to be further tested. It is
necessary to apply the SCE on various materials and decomposition patterns.

Fig. 1 Optimization algorithm flowcharts a) GA, b) SCE
2

COMPUTATIONAL PART

This work deals with the estimation of beech wood decomposition kinetics using GA and
SCE optimization algorithm. The experimental data used for the optimization routine were
obtained from thermogravimetric analysis (TGA). TGA was carried out in nitrogen
atmosphere with heating rate of a sample 5 K/min to the maximum temperature 800 °C.
For the thermal decomposition of beech wood in non-oxidative atmosphere three-step
reaction scheme was chosen, shown in Fig. 2. In the first step the water vapour naturally
contained in the wood evaporates resulting in the change of the wood density. Subsequently
the dry wood decomposes by two independent reactions forming char and gaseous pyrolysate.
In the last step, the char transforms to residue again releasing gaseous pyrolysate.
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Fig. 2 Beech wood thermal decomposition reaction scheme
For the selected model the total number of parameters to be estimated is 14. 12 parameters (Z,
E, n for each decomposition reaction) are kinetic parameters for reaction k1, ..., k4 and the
remaining two are the density of char and the density of residue.
The estimation of the set of 14 parameters was carried out in program Gpyro. To determine
the model kinetic parameters two global optimization methods - genetic algorithm and
shuffled complex evolution - were chosen.
One of the main goals of the this work was to assess the ability of the optimization algorithm
to converge to the unique solution. Therefore ten trials with different initial parameter values
randomly generated in the search parameter space (specified by user) were performed both
using GA and SCE. At the end model data computed using both GA and SCE estimated
parameters were compared to the experimental TGA results. Additionally the rate of
convergence and final average value of fitness function were studied to compare which of the
algorithms is computationally more efficient.
To investigate the influence of the population size using GA, four calculations with the
population size doubling in every run from 125 to 1000 individuals were performed.
3

RESULTS

The sets of parameters obtained by optimization using both GA and SCE are summarized in
Tab. 1. The parameters listed here are the boundaries of each variable search space, the
average values of individual variables calculated from 10 trials with different initial estimate
of the parameter values, absolute standard deviation from the average value and normalized
standard deviation from the average value in percentages.
Tab. 1 GA settings: 250 individuals, 200 generations, SCE settings - 8 complexes each with
29 points, i.e. 232 points in total

Numbe
Variable Units
r
1
2
3
4
5
6
7
8
9
10
11
12
13

log Z1
E1
n1
log Z2
E2
n2
log Z3
E3
n3
log Z4
E4
n4
ρchar

log s-1
kJ/mol
log s-1
kJ/mol
log s-1
kJ/mol
log s-1
kJ/mol
kg/m3

14

ρresidue

kg/m3

Boundaries
GA
Maximu
Absolute Norm.
Minimum
m
Average standard st. dev.
value
value
deviation
(%)
3.5
5.0
4.03
0.39
9.64
35.0
50.0
45.9
2.1
4.57
0.7
1.5
1.14
0.16
14.21
10.5
12.5
11.40
0.31
2.72
140.0
160.0
151.0
3.3
2.17
1.4
3.0
2.18
0.14
6.35
19.0
21.0
19.84
0.27
1.34
250.0
280.0
262.5
2.8
1.08
1.0
2.0
1.79
0.17
9.37
6.0
9.0
6.99
0.38
5.46
140.0
170.0
149.9
4.3
2.86
2.0
3.5
3.10
0.32
10.19
3.1
1.58
80.0
200.0
196.3
1.5
0.90
80.0
200.0
166.4
Absolute average:
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5.17

SCE
Absolute Norm.
Average standard st. dev.
deviation
(%)
3.87
0.22
5.81
44.1
2.2
4.98
1.39
0.13
9.27
11.81
0.48
4.05
155.5
4.9
3.17
2.13
0.11
5.33
19.14
0.27
1.41
255.0
3.1
1.22
1.66
0.10
5.80
6.64
0.14
2.07
141.0
2.2
1.54
3.50
0.00
0.11
1.53
0.77
198.5
0.57
0.34
165.7
3.28

It can be seen, that both algorithms converged to one same solution within deviation of
approximately 5.2 and 3.3 % using GA and SCE respectively. The highest normalized
standard deviation from all parameters was approximately 14.5 % with GA and 9.5 % with
the SCE algorithm both in the same parameter - reaction order of the first reaction.
In overall, SCE performed slightly better than GA, but our calculations did not confirm that
GA should have a problem to find qualitatively the same solution. The Fig. 4 and Tab. 1
suggest that the GA is also able to find "one" solution for our case. This may be due to the
fact that the parameter space is very closely specify and does not have to contain a large
number of local extremes. However, definition of the close parameter space requires
extensive user experience.
The disadvantage of using the real experimental data is, that the exact values of the material
parameters are not known, so it is not possible to assess the accuracy of the results. However
it is possible to compare the model results using average values from Tab. 1 with the
experimental data to verify whether the estimated parameters provide a good fit (Fig. 3). As
can be seen, the selected reaction model can describe the experimental curves very well. It
describes both the initial mass loss and the secondary peak in the MLR curve.
Fig. 4a shows the GA fitness evolution of the ten trial computations. The group of curves with
higher fitness represent the evolution of the best individual (the individual with the highest
value of fitness function from all individuals) in the population. The curves below describe
average fitness value in the population. For the relatively small population (250 individuals
and less) oscillations of fitness function occurs. The part of GA as the evolutionary algorithm
are the random processes (e.g. mutation) which can cause that the best individual is knocked
out of the population and the fitness function with the number of function evaluations actually
decreases.
The SCE fitness evolution for ten different trials with the different random number seeds is
shown in the Fig. 4b. Opposed to GA, the SCE fitness evolution is much smoother and
without oscillation. The fitness function value increases rapidly in the first approximately
5000 function evaluations and then slowly increase. The fitness evolution follows quite
similar pattern in all trials and the fitness level reaches the absolute higher value than in GA.
Fig. 5 shows the effect of population size in the GA on the fitness evolution. With the
increasing population size the rate of convergence decrease and decrease the frequency of
oscillation - the probability that the best individual will be randomly eliminated decreases
with increasing population.

Fig. 3 Comparison of the experimental and model data
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Fig. 4 Fitness evolution a) GA, b) SCE

Fig. 5 GA fitness evolution for various population size 125, 250, 500 and 1000 individuals
4
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Abstract
Abstract In this paper constitutive models based on physical laws are derived that allow the
energy flows and the release of energy to be described and predicted for fires in enclosed
spaces and tunnels in particular. The models are generally formulated but are also specifically
formulated for practical applications, e.g. for considering the effect of limited burning due to
insufficient oxygen supply or the effect of firefighting systems. The solutions agree with the
experimentally obtained results in (Carvel et al, 2001 and Carvel et al, 2005). Accordingly,
the methods and solutions derived here can be considered adequately validated.
Keywords: tunnel fire, heat release rate (HRR), energy density, ventilation

INTRODUCTION
A number of serious tunnel fires, such as those in the Eurotunnel, the Mont Blanc Tunnel and
the Tauern Tunnel (Carvel, 2010, Lacroix, 2001Leitner, 2001,Brousse, 2001), have
contributed to the existing interest in methods for determining energy release rates and
temperature development in enclosed space. Such methods are of importance not only for
tunnel design and, by extension, the economic consequences of fires, but also in the
assessment of various rescue scenarios. As part of an international research project
(EUREKA) a number of fire scenarios, including a truck fire, were experimentally
investigated (Swedish National Testing, 1994,Ingason, 2003, deNenno et al, 2002).
Significant differences to known fire scenarios were identified in these experiments in terms
of structuial engineering. Fire development was much faster, and the temperature gradient at
the starting point of the fire was therefore significantly steeper. Significantly higher
temperatures were also reached in some cases. In this context, the question was also posed
regarding which effect the tunnel geometry or the special conditions of the fire within the
tunnel have on the rate of energy release or temperature development. On the basis of
experimental investigations, empirically observable relationships were derived taking this
effect into consideration (Ingason et al, 2005, Carvel et al, 2005, Carvel et al, 2010, Dehn et
al, 2011). Also on the basis of the experimental investigations, temperature-time curves
specifically applicable to tunnel structures were incorporated into relevant regulatory
guidelines (e.g. ÖVBB, 2005, RABT, ZTV, 2010) in order to enable future tunnel structures
to be constructed with adequate safety in terms of the expected fire load. At the same time,
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construction materials (see e.g. Dehn et al,2007Dehn et al, 2008) that can withstand the
relevant temperature load without loss of integrity and solutions for existing structures or for
passive fire protection (see Bergmeister et al, 2003, Clement, 2010). This paper derives
constitutive models on the basis of physical laws that allow the energy flows and rates of
energy release, and, in turn, temperatures and smoke development, in closed spaces and
tunnels in particular to be determined for various boundary conditions. The models are
generally formulated and are then further specified for practical applications. The solutions
agree with the experimentally obtained results in (Carvel et al, 2005) and (Carvel, 2010),
meaning that the methods formulated here (Carvel, 2010, Carvel et al, 2005, Carvel et al,
2004, Dehn et al, 2001) or closed solutions can be considered to be adequately validated.
1

THEORETICAL PRINCIPLES FOR THE MODEL

Generally a normal fire is too complex for an analytical approach that is why a simpler source
is normally constructed. This source is a superposition of a diffusion source and a radiation
source of energy. That is on the first view a strong simplification for the thermal convection,
but the thermal convection is the superposition on a direct and an undirect part and so the only
mistake of this description seems, to be the handling of the directed part.
The radiation field can thus be described in the following form with the normalization
constant (N) and the radius (r).
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and the diffusion field of energy with the following equation
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The blending is shown in equation (3) and Fig. 1.
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Fig. 1 Transition between a diffuse energy source (a = 1) and a radiative energy source (a=0)
The energy as a field generator size is concentrated in the center, similar to the mass for the
gravitational field. In figure Fig. 1 it can be seen more than 80 % of the energy field is in a
sector between r = 0 and r =2 for a source with the radius 1. For a non-spherical
approximation for energy density is this good ratio to calculation.
To calculate the leaks the following basis model can be used. A confined space has a border.
And on a infinitesimal small borderline the energy has two possibilities, the energy can leave
the system (transmission 0+1+.! /) or the energy can go back into the system
(reflection2+1+.! /). Every time the energy beak flow (Eb) to the system is to calculated by
the following general equation (Es Energy of the Source, El over the leak lost energy)
:E

ABBCBBD
3=
278
34  35 6
,70
@F
9<
3>5
:;

(4)

:?

This process will be repeated indefinitely and so the energy density increases by a factor of
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For a time interdependent spherical geometry it is possibly to calculate the effect of the
energy leaks with the equations (4) and (5). For a non-spherical system with some
simplifications, such as that the walls are lambertian emitters, that the geometry is easy and
that the energy transport from the walls is diffuse, it is possibly to solve the problem
analytically.
For a confined non-spherical space the problem is not only defined by the leak, it is as well
defined by the ratio of the radii of the source and the confined space. That means that a for
flat radiation source the infinitesimal visable surface is a function of the angle K between
the normal of the surface and vector between the center of the surface and the point of view.
A weak or non-visible surface can be neglected for the energy balance. For a radius higher
than the double source radius, the field gradient (Fig. 1) is zero. Or in other term, the reflected
energy density is low. For calculating the increasing factor the special case that the confined
space has the double radius of the source will be applied. The reason is simple, in this special
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case 95 % back flowing energy is captured for K  LMN. The solution for the energy
transfer back to confined space form surfaces with greater distances (in a non-spherical
system) and a higher angles K amount nearly zero and can be neglected. For a lower ratio
between the radii, it needs to be used K higher than 45 ° and for higher ratio the angle is
lower. So, for the approximation the ratio between confined space and source radius of
2:1was used. That makes it simple to approximationG.
With all this simplifications, the energy density can be written as (5 radius of source)
O
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To solve this is very easily with a little trick, one writes for 3 P 

(6)
T

3. In this case it is directly

to see that U  V+G. In the studies of Caravel and all [Carvel et al, 2001 Carvel et al, 2005
;

Carvel, 2010] is  L. And for this experiment is G  Wby 3=  O 35 .
As result of the superposition on source and reflection term one obtains (= radius of limited
area)
5 O
3X P  3X5 V+G ,  Q R
=
689

(7)
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The studies of Carvel are for tunnel. In this special case to calculate3= is only a geometrical
problem. The greatest angle it is to regard is 45 ° and ratio between the radii of source and
confined space is 1:2. In following the leak is calculated for cylindrically symmetrical
problem.The leak surfacesZ?  and the reflective surfaces [ZE \ are
Z?  V+]+5 and ZE  ^+]+5

(8)

The ratio 0between 3= and 35 is ratio between the closed surfaceZ? , ZE and leak surface Z?
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The effect of ventilation and fire fighting systems can be approximated by the Arrhenius
equation (3_ activation energy, `universal gas constant, temperature)
bc

a  & 'd+e

(10)

and the ideal gas law (f pressure, gvolume, Uamount of substance)
f+gJ  U+`+

(11)

O
(that means the
The ventilation can be approximated with the free volume gh  gJ 
volume of the system without the volume of the source), that can vary in the ratio to the
source from toi. For this reason, the total volume gJ from equation (11) must be corrected

52



with a weighting term of

jk

Y

. With this approximation the exponent of Arrhenius equation can

be written as follow:
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The effect of ventilation an the HRR (heat release rate) is
3X P  3X5 V+G , 

nY

O 'm(onY
&

(13)

For the fire fighting systems the same procedure can be applied. These systems can reduce the
system energy (3 amount of the energy reducing) or the free volume (p O expression of the
reducing of the free volume). That can written as an Arrhenius exponent in the following
form:
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In this case one can write equation (13) in the following form:
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Abstract
Two full-scale fire tests were carried out in a derelict apartment block in Bytom (Poland).
The primary objective of the tests was to investigate gas temperatures and toxicity conditions
during compartment fires in residential units which underwent energy-efficiency
improvement works. Such units are typically better sealed and better insulated, in order to
reduce heat losses through gaps in the doors, windows and walls. During the tests detailed
temperature measurements were collected for both the well-sealed compartment scenario and
the benchmark test with included a defined amount of openings in the fire compartment.
As a supplementary activity to the main topic of the research it was decided to carry out apriori and a-posteriori modelling of the thermal conditions within the compartment, using a
CFD software package called Fire Dynamics Simulator (FDS). The main purpose was to
validate the software for modelling of under-ventilated fires, as the reliability of CFD models
in this application is often questioned. The results of the comparison are herewith discussed.
Keywords: full scale fire tests, compartment fires, CFD modelling, software validation
INTRODUCTION
Due to increasing energy costs and more onerous requirements for thermal efficiency many
existing buildings in Poland are currently being improved with respect to insulation properties
of the enclosures as well as their air-tightness. This process (often referred to as thermomodernization) is beneficial in terms of the environmental performance of the residential
units. However, it is believed that the reduced ventilation rate within the units can increase the
risk of carbon-monoxide poisoning in flats equipped with individual gas boilers or stoves and
that it can affect tenability conditions in the event of a fire.
On 20 September 2012 two fire tests were carried out in order to examine fire development in
real-life conditions. The first test was conducted inside a residential unit with a high degree of
air tightness, the second one in a reference unit with typical leakage-paths and openings. The
scope of the tests included the analysis of four parameters of fire development, i.e.
temperature, toxicity, visibility and pressure (Sekret and Saleta, 2012).
As an additional element of this research work comparisons are being made between
experimental results and numerical predictions, in order to validate selected CFD software
packages for modelling of under-ventilated compartment fires.
Analysis of the impact of high temperature and concentration of toxic products of combustion
on evacuation conditions for the occupants is also being undertaken however it is outside the
scope of this paper.
The tests were organized and carried out by the Department of Heating, Ventilation and Air
Protection in the Faculty of Environmental Engineering and Biotechnology at Czestochowa
University of Technology and Municipal Headquarters of National Fire Service in Bytom
with a cooperation of 17 partners representing various industries, i.e. public administration,
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rescue services including mining rescue unit, research organisations dealing with fire safety
engineering in construction and last but not least the leading fire safety companies in Poland.
1

EXPERIMENTAL SETUP

The tests were conducted in a derelict apartment building, situated in Bytom (Silesian
Voivodeship). Characteristics of the apartment building:
•
•
•

five-storey apartment block built in late seventies, prefabricated reinforced concrete
structure (walls and floor slabs) with lightweight concrete infill walls;
due to structural damage (i.e. wall cracks, expansion joint damage etc.) caused by mining
exploitation, the building was vacated and earmarked for demolition;
the tests were carried out in the gable wall apartment block.

Two fire tests in two residential unit of the same layout were conducted: test number one was
a was sealed-room fire on the fourth floor, test number two was a normal (non-sealed) room
fire on the second floor. Residential units used for the fire tests were as follows:
•
•

4th floor flat with total floor area of approx. 37 m2 and the volume of approx. 91 m3 ;
the fire test was carried out from in the sitting room of 15,41 m2.
2nd floor flat with total floor area of approx. 38 m2 and the volume of approx. 94 m3 ;
the fire test was carried out in the sitting room of 15,41 m2.

Each residential unit consisted of: a sitting room (15,41 m2), a bedroom (9,88 m2), a kitchen
(5,07 m2), a bathroom (3,30 m2) and an entrance hall (3,93 m2).

Fig. 1 External view of the building

Fig. 2 Geometry of the apartment (test no.1)

During the fire tests temperature inside the compartment was measured using thermocouple
trees and infrared cameras. The temperature data was recorded with thermocouples inside the
fire room and additional thermocouples positioned outside the building.
•
•
•
•

thermocouples t1 and t2 fixed at 200 cm.
thermocouple t3 fixed at 150 cm.
thermocouple t4 and thermocouple tree t5 with 3 measurement point – were measuring
the parameters of external environment in the vicinity of the window.
thermocouple trees t6, t7, t8, t9 with 6 measurement points at 110 cm, 150 cm,190 cm,
215 cm, 230 cm, 245 cm.

In the first fire test flat door and entrance door to the staircase were closed, whereas doors in a
flat were open. In the second fire test all doors in a flat were open and the window was open
15 cm wide. Data loggers and other recording equipment were located in flats directly below
the test location.
Both tests were ignited with a small wood crib (BS 5852, „wood crib 7”), placed on the
central arm-chair.
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In the first test (sealed room) the fire has quickly involved the entire chair and has then
subsided due to lack of oxygen. The chair initially ignited was completely burnt in the test.
The bed positioned next to the chair was also ignited and partially burnt during the 30 min
duration of the test. Other items placed in the room (i.e. the second chair, the coffee table and
the book-case with books / cardboard boxes) were not ignited.

Fig. 3 Experimental set-up for test no.1

Fig. 4 Fire compartment after test no.1

In the second test (room with limited ventilation) the initial fire growth was slightly slower,
probably due to a quicker collapse of the source crib. After involving the first char the fire has
spread to the adjacent bed which was also totally burned during the 30 minutes of the test.
Other items placed in the room were not ignited (except for limited charring at edges).

Fig. 5 Experimental set-up for test no.2

Fig. 6 Fire compartment after test no.2

Both fires were extinguished by the fire brigade personnel after 30 minutes of the test.
2

NUMERICAL MODELLING

Numerical modelling of the fire scenarios corresponding to the two fire tests was carried out
using CFD software package called Fire Dynamics Simulator (FDS, version 5). Detailed
information about the programme can be found in the User’s Manual and the Technical
Reference Guide (McGrattan et al., 2010).
The computational domain was set-up to include the geometry of the relevant areas of the fire
test apartment. In all simulations a uniform mesh was adopted. Simulations were run using a
coarse mesh (10 cm) and a fine mesh (5 cm), resulting in the total number of 147,456 grid
cells and 1,179,648 grid cells respectively.
The initial fire was defined as an input, based on the HRR curve obtained from literature. The
fire curve selected was a fire test of a single 2-cushion mock-up chair, with peak heat release
rate of 260 kW, attained after 5 minutes (Sardqvist, 1993).
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Thermal and ignition properties were applied to obstacles defining adjacent objects such as
the bed, the second chair and the bookcase so as to allow fire spread from the initial object to
the remaining items in the fire room. As the exact properties of the materials used in the tests
were not known (i.e. they were not measured), the values used in the simulations were based
on the data available in the literature (e.g. Drysdale, 1998).
Combustion was modelled using the default mixture fraction model (a single-step reaction,
with local extinction). Default values of the critical flame temperature and lower oxygen limit
parameters were used (1427 oC and 0.15 respectively).

Fig. 7 Geometry of the CFD model
It should be noted that in the post-test simulations the ignition properties of some of the
materials were adjusted, in order to achieve better qualitative agreement with fire
development observed in the tests. In particular, slightly lower ignition temperatures were
adopted compared to the values suggested in the literature.

Fig. 8 Comparison of the HRR (in kW) calculated in the simulations for the sealed room
scenario with the input curve of a single chair (HRR in kW, time in seconds)
The ventilation conditions in the model were set to replicate the conditions applied in the test.
For the fully sealed fire test scenario the only significant opening (leakage path) in the
compartment was a ventilation grille in the kitchen.
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The rate of hear release computed in the simulation exceeded the growth rate of the initial fire
(which was applied as a boundary condition to the top surface of the horizontal cushion of the
central chair), which is due to adjacent combustibles being also ignited. After approximately
3.5 minutes the conditions become strongly under-ventilated, which can be seen on the HRR
graphs for both 5cm and 10 cm mesh simulations (see Fig. 8).
3

COMPARISON OF CFD PREDICTIONS WITH EXPERIMENTAL RESULTS

Numerical simulations were carried out for both the sealed room scenario and the test with
additional ventilation paths introduced (window opening, door gaps etc.). This paper will
focus on the comparison of the temperature predictions for the sealed compartment scenario
(test no.1) as it better highlights the issues arising with modelling of strongly under-ventilated
compartment fires.
Fig. 9 and 10 present comparisons of the hot layer temperatures measured in test no. 1 with
the values predicted in the simulations, for 10 cm and 5 cm mesh. The values refer to the
thermocouple tree located centrally in the room, approx. 1 m away from the first ignited chair.

Fig. 9 Temperature 2.40 m above the floor – FDS prediction vs. experimental measurement

Fig. 10 Temperature 2.00 m above the floor – FDS prediction vs. experimental measurement
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Although some allowance should be made for the uncertainties in defining the initial fire and
the material properties, it can be generally stated that in the investigated scenario FDS underpredicted the gas temperatures in the hot layer. The peak temperatures in the hot (upper) layer
predicted by FDS were 20-25% lower than the measured values.
The relative differences between the numerical end experimental values were even larger for
the under-ventilated stage of the fire, when the numerical prediction was 50% lower than the
actual temperatures measured in the test. The possible explanation for this may be the
following phenomenon observed in the subject simulation undertaken with FDS: in the
situation of strong oxygen depletion in the area of fire origin the combustion process (which
can be visualized in Smokeview software as the HRR per unit volume) was “shifted” to areas
richer in oxygen, even to the room remote from the fire seat and hence much cooler. Such
phenomenon was not observed in the experiment. A mixture of air and unburnt fuel gases
resulting from an under-ventilated fire can indeed be reignited, however this normally
requires high temperature of such gases or an explicit ignition source, neither of which was
present in the subject situation.
It is worth to note that the temperature in the cold layer (i.e. 1.00 m above the floor) was
generally overpredicted by FDS.
The mesh resolution has a much smaller influence on the predicted temperatures, and no
general trend can be identified in this respect. Despite common opinion improved mesh
resolution does not seem to lead to higher predicted temperatures for the scenarios
investigated.
4

SUMMARY

CFD models such as Fire Dynamics Simulator used in the subject comparison are very useful
for fire engineering work, for example as a tool to predict thermal loading on structural
elements exposed to a fire. However, particular care must be taken when applying FDS to
strongly under-ventilated fire scenarios. Comparison of numerical and experimental values
undertaken as part of a larger research programme and described in this paper indicate that
FDS may under-predict peak gas temperatures in the hot zone by up to 25%. In the later phase
of the fire, when the conditions in the compartment become severely under-ventilated the
difference can be even more significant. The possible cause of this is the difficulty of
accurately modeling the combustion processes occurring in severely underventilated fires
when the simple (default) combustion model is used.
FDS allows more complex approaches to combustion modeling (e.g. two-step reaction or the
final-rate, multiple-step combustion model), however these models require more detailed
information about the fuel chemistry and much better grid resolutions that would normally be
used in practical engineering applications.
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Abstract
For a rather big hippodrome we made a whole FDS model to investigate the influence of a car
fire on the structure in terms of smoke and temperature actions on the structure. As fire action
we proposed a one or triple car fire. Smoke evacuation is done by natural ventilation; open
windows in the roof and doors at ground floor automatically coupled on the detection system.
In this particular case we could deliver a report with the guarantee of a smoke free evacuation
layer during the required time and no protection is needed for the structure. A guide for the
use of the hall was delivered with all the restrictions for a safe use of the construction.
At this moment it seems to be useful, for featuring projects, to investigate if there is a
difference with the localized fire scenarios from annex C out of EN 1991-1-2. This is off
course only valid for the structural impact of the fire load.
Keywords: local fire, flame height, temperature, heat flux
INTRODUCTION
It would be interesting if we could make a comparison between the results of a localised fire
following annex C of the EN and the results of the CFD calculation done with the widely
known FDS software from NIST. There is a huge time difference to solve both problems,
where the EN takes about 5 minutes, the CFD takes sometimes weeks. In the following we
like to point out the boundary conditions of room and fire, followed by a discussion of the
main parameters such as; flame height Lf(z,t), temperature Ĭ(z,t) in the plume, heat flux to the
structure hr+c and at least and most important the steel temperature.
1

BOUNDARY CONDITIONS

1.1 Room geometry
The hippodrome is a long rectangular building with an insulated double pitch roof, in the
sections (Fig. 2 and 3) you’ll see some tribune elements which are also a separation or
compartment boundary between the hall and secondary rooms like bars, shops and so on.
Most important dimensions and materials are listed below:
•
•
•
•
•
•

Maximum length of compartment = 114,6 m & maximum width = 100,5 m
Minimum/maximum height of competition hall = 11,4/18,9 m
Minimum/maximum height of exercise hall = 10,5/12,9 m
Columns= concrete, steel truss beam for the roof
Floor, tribunes and walls till about 4,2 m height in concrete, above steel cladding with
insulation layer (only insulation in the model).
Vertical window openings of 6x2,1 m² aerologic surface coupled on smoke detection
system, ACME smoke detector I2 (Įe=1,8, ȕe=-1,1, Įc=1 and ȕc=-0,8).

The model is discretized in 335x382x67 cubes of 0,3x0,3x0,3 m³. The size is coming from
the smallest dimension of the concrete columns.
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Tab. 1 Materials and properties
Material
Concrete
Glass
Steel
Insulation

location
Floor, walls and
columns
Wall
Beams
Walls and roof

Conductivity
(W/mK)

Specific heat
(J/(kg.K))

Density
(kg/m³)

Thickness
(m)

1,60

900

2300

0,300

0,80
50
0,05

840
500
1030

2600
7800
40

0,006
0,020
0,100

100,5 m
114,6 m

Fig. 1 Floor drawing

Fig. 2 Longitudinal section

18,9m

12,9m

Fig. 3 Cross section
1.2 Fire geometry
Neither you investigate a so called Heskestad (flame height bellow ceiling) or Hasemi (flame
against ceiling) fire, both of those given formulas in the EN are developed for a circular pool
fire. The implantation of the car is determined by the most negative smoke spread which
could be obtained out of several simulations.
A conversion must be made between the car fire into an equivalent pool fire. The car was
simply modelled as a block with L = 4,2 m length by W = 1,8 m width and H = 1,5 height.
•

First we made a FDS calculation where all energy dissipation will be done by the top
surface of one car so Deq,top = ¥[4/ʌ.L.W] = 3,1 m and RHRmax = 1098 kW/m² .
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•
•
•
•

Secondly all energy dissipation will be done by the top and vertical surfaces of one car so
Deq,top+sides = ¥[4/ʌ.(L.W+2.(L+W).H)]=5,7 m (surf x 3,4) and RHRmax=385 kW/m².
In a third estimation all energy dissipation will be done by the top surface of three cars so
Deq,top,3 = ¥[3.4/ʌ.(L.W)] = 5,4 m and not three times Deq,top of 1 car.
In a fourth estimation all energy dissipation will be done by the top and vertical surfaces
of three cars so Deq,top+sides,3 = ¥[3.4/ʌ.(L.W+2.(L+W).H)] = 9,9 m.

Fig. 4 Real car fire

Fig. 5 Only top surface (1car) Fig. 6 Top + sides (3 cars)

1.2 Fire load
The in our case study applied fire is the one of a medium car, by Joyeux et al. a so called
category 3 car of 9500 MJ with a combustion rate of about 71% like can be deduced for new
cars. The rate of heat release of one till three cars are presented in the Fig. 7 and Tab. 2
below.
Tab. 2 RHR for 1 till 3 cars
time car 1
(s) (MW)
0
0
240
1,4
960 780
1440 780
1500 780
1620 780
2280 780
4200
0

time car 2
(s) (MW)
720
0
780
2,4
1320 2,4
1680 5,5
1740 8,3
1860 4,5
2520
1
4440
0

time car 3
(s) (MW)
1440
0
1500 2,4
2040 2,4
2400 5,5
2460 8,3
2580 4,5
3240
1
5160
0

Fig. 7 RHR, Joyeux et al.
In Fig. 7. We added also the rate of heat release according to table E.4. from the EN 1991-1-2
for a slow fire in a public space. The grow rate seems to be more or less the same till the peak
value for a 1 car fire.
For the description of the fire in the FDS software we used following parameters, we
proposed a wood based fire as an approximation: C=3.4,H=6.2,O=2.5; SOOT_YIELD=0.08
and HEAT_OF_COMBUSTION=17000 kJ/kg. For smoke particles this can be expected as
save sided.
2

FLAME HEIGHT

First criteria what must be checked will be the flame height, the choice between an Heskestad
fire (flame don’t reach the ceiling) or an Hasemi one has an influence on the formulas which
must be applied to define the temperature in the Plume and heat flux. In this way this is of an
extremely importance.

L f = −1,02.Deq + 0,0148.Q 2 / 5 > 0
where Deq
Q

Diameter of an equivalent pool, deducted from car surface.
Rate of heat release in W following Joyeux et al.
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(1)

Aborted, but of
lesser importance

Fig. 8 Flame height following EN

Fig. 9 Flame height following FDS

Following the flame length model included in the EN 1991-1-2, flames will never reach the
ceiling, therefore the Heskestad seems to be valid. Because of limited computer capacity we
did FDS only simulations for 1 car with energy dissipation on top (t), on top + sides (T+s) and
with 3 cars on top + sides.
Maximum flame height following EN is reached with 1 car which is almost the same as for 3
cars and this with energy dissipation only at the top. Results of simulations with also the
sides involved lead to very reduced flame height.
To obtain results of the FDS model about the flame height we used a graphical way, by the
aid of the HRRPUV (REL) > 66 kW/m³ results. Accuracy is for this reason not famous and in
the neighbourhood of 0,20 m. Simulations are done just somewhat further as 1500 s for a one
car fire and just till about 1000 s for the 3 cars fire (due to time and computer limitation).
3

TEMPERATURE

Where flame height is important to determine the model, it is the temperature which will
result in a heat flux on our structural components. The temperature in de plume can be
calculated as follows

Θ ( z ) = 20 + 0,25.Qc2 / 3 .( z − z 0 ) −5 / 3 < 900°C (2)
where Qc
z
z0

z 0 = −1,02.D + 0,00524.Q 2 / 5 (3)

Conductive part of the rate of heat release in W, taken as 0,8.Q, look (1).
level in m along the centre of the plume from mass centre.
imaginary centre point of the flame in m, if < 0 above mass centre.

At the location of our car the ceiling height is at 14,1 m, we present the calculated results with
steps of 2 m just till 2,1 (or 0,6 m above the car) and that in function of time. Because the
lower levels of the steel structure are situated at 13,8 m and 11,7 m also measurements this
levels are involved. In the FDS software there are simple devices incorporated.

Aborted, but of
lesser importance
Fig. 10 Temperature for 1 car (t) EN

Fig. 11 Temperature for 1 car (t) FDS
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Aborted, but of
lesser importance

Fig. 12 Temperature for 1 car (t+s) EN

Fig. 13 Temperature for 1 car (t+s) FDS

Fig. 14 Temperature for 3 cars (t) EN

Fig. 15 Temp. for 3 cars (t) EN, 3D impression

Still in progress

Fig. 16 Temperature for 3 cars (t+s) EN

Fig. 17 Temperature for 3 car (t+s) FDS

Out of the wide range of figures (8 till 14) it becomes clear that our scope of interest can be
reduced to what happens at 1500 s. We listed all reading in one table for EN and FDS.
Tab. 3 Temperatures in °C after 1500 s, values in italic are on steel members
Level

2,1 m

4,1 m

6,1 m

8,1 m

10,1 m

12,1 m

14,1 m

11,7 m

13,8 m

1 car t / EN

900

900

544

331

229

172

136

181

141

1 car t / FDS

767

445

289

213

157

125

123

33/111*

30/84*

1 car t+s / EN

861

454

290

207

158

127

106

133

109

1 car t+s / FDS

677

391

317

270

225

200

171

39/133*

32/100*

3 car t+s / EN

461

319

238

187

153

129

111

133

113

3 car t+s / FDS

?

?

?

?

?

?

?

?

?

* = Adiabatic surface temperature / Bold values are probably best match to reality
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4

HEAT FLUX TO STEEL AND SURFACE TEMPERATURE

Finally we’re most interested in the reaction of our structural component, perhaps errors in
flame height and temperature are of lesser importance because the influence on the heat flux
is limited. On base of the EN we calculate in the HEA 180 steel truss members a temperature
at 11,7 m of 93/72 °C and at 13,8 m of 75/61 °C based on respectively the t/t+s schema for
the fire load, look also last two columns of Tab 3.
Tab. 4 Heat flux to the steel in W/m² at 1500 s
Level

hr+c,11,7

hc,11,7

hr,11,7

hr+c,13,8

hc,13,8

hr,13,8

1 car t / EN

3507

2456

1052

2449

1822

627

1 car t / FDS

670

117

554

2240

1720

516

1 car t+s / EN

2255

1698

558

1710

1329

380

1 car t+s / FDS

948

159

789

3390

2670

726

3 car t+s / EN

2315

1745

570

1849

1431

418

3 car t+s / FDS

?

?

?

?

?

?

The differences in heat flux (Tab. 4) can be explained by differences in viewing factor, width
of the flame (Tondini et al.), radiation from ceiling and smoke flow due to natural ventilation.
5

CONCLUSIONS

It seems that there is a very good agreement between EN and FDS results when comparing
the flame height for a car with energy dissipation on the top + side surface (t+s). When we
involve only the top surface of the car (t), the EN regulations seems to give an overestimation
of the flame height.
On base of the figures, for the temperature the best approach is again achieved with 1 car and
t+s burning surface. But with the listed values of Tab. 3 it seems that at higher levels (starting
form 6,1 m) this t+s approximation is unsafe sided. Till about 10,1 m the best + save sided
approach is obtained by the t system, at higher levels this becomes also an unsafe
underestimation. The Horizontal plateaus like obtained by EN are not found.
Regarding the obtained surface temperatures on the structure, again the EN t+s schema fits
very well if applied as adiabatic temperature on the steel. It is already shown (Wickström et
al.) that this is the best single parameter interface between structural and structural models.
Calculations for a 3 car fire are still in progress, so conclusion can only be made for a local
fire with 1 car at this time. Sensibility analyses are on the way to verify influence of material
and reaction parameters.
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Abstract
Action of people in different building has large scale of uncertainty and there is poor
availability of experimental data describing it. Evacuation software might be a solution of the
problem, but their validation is a key issue. To analyze these key questions, a full scale test
was conducted with more than 200 persons participating in it. The test was divided to two
phases, first the comparison to Hungarian regulations with a numerical method taking the
speed, the width of doors and stairs into consideration and then the comparison to three
calculation methods of Pathfinder software. The criteria of calculation defined by the AHJ
resulted two different egress scenarios. There were interesting differences between the results
of the full scale test, the calculation and the three simulation methods, and also the reasons of
the differences were interesting.
Keywords: evacuation, experiment, validation, pathfinder, analysing, OTSZ
INTRODUCTION
The evacuation of buildings and open air program areas in Hungary is controlled by the
28/2011. (IX. 6.) BM regulation, concerning the National Fire Safety Codes (NFSC). This
regulation is a law, therefore obeying it is obligatory. Designers and authorities began to
doubt the evacuation proceedings due to the development of architecture and the needs of the
modern age. As a result of architectural development, bigger and bigger buildings are
constructed and in such buildings the number of escape routes may rise dramatically. Due to
the needs of the modern age, such technological devices are installed into the buildings some
of which have a favourable effect and some of which have an unfavourable effect on the
evacuation proceedings.
Evacuation aims to provide people a way to leave the building in safety. The method of
analysis provided by the law is not detailed enough to reach a safe enough solution. Since the
number of variants is high during the evacuation process and also, the effect of these variants
on each other is rather high, the analysis without computer simulation is extremely difficult.
However, using softwares may generate doubts. The question is whether we can accept these
results or not.
Validations can help to answer these questions. Validation is a process during which we
analyse a real scale experiment with the help of a software as well, and then the data of the
analyses are compared to each other. After the assessment of the comparison we can decide
how trustworthy the given software is to be considered. Today in Hungary Pathfinder is one
of the most widespread evacuation simulator softwares. This program offers several
calculation methods that can be used during a simulation.
There are validation documents available to the software that we all know but we wanted to
gather our own experiences concerning the credibility of the program. Thus, the aim of the
analysis is to find out how reliable the program is and to decide which of the three calculation
methods reflects reality in its fullest, indicating the level of safety as well at the same time.
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1

REAL EXPERIMENT

1.1 Describing the location
According to the evacuation calculation carried out based on the regulation, Dance Club
would provide room for too few people, and this way, the club wouldn’t be profitable (the
owners say). Larger parties have already been organised in the club and authorities did not
find the evacuation of the place problematic (only on-sight evaluation was conducted). The
owners decided to start an analysis, in order to find real possible solutions that are safe.
Evacuation simulations were run with Pathfinder’s three simulation modes and one of the
results would have been acceptable by the owners but since the results were different, it was
necessary to make further calculations. After the discussions with the National Directorate
General for Disaster Management, Ministry of the Interior (NDGDM) the next analysis took
place on the location.
The NDGDM defined the Dance Club as a disco that can be found on the 3-4-5-6th levels of a
six-storey building. Its only entrance is on the 3rd level at the meeting point of the hanging
corridor surrounding the building and the overhead pedestrian crossing that leads to the
railway station. Before and after the evacuation, the participants were to be found on the
hanging corridor or on the overhead crossing.
The floorspace of the various levels can be seen on Tab. 1. Net floorspace doesn’t include are
where built-in furniture and equipment can be found.
Tab 1. Dance Club
Dance Club
Level

Gross floorspace

Net floorspace

3.

19,76 m2

8,35 m2

4.

78,25 m2

49,4 m2

5.

98,64 m2

50,3 m2

6.

58,75 m2

35 m2

1.2 Variations
Hungarian regulations stipulate that each m2 of built-in furniture equals (provides room for) 4
people. Therefore, the distribution of the people who is in the club is to be calculated using
the most unfavourable scenario, that is, starting with the furthest point from the entrance and
using 4 people/m2 units. Owners said that if the distribution of the people would be like above
described, then the club wouldn’t be able to work so they set a number limit for the maximum
people to be let in. This way, they ensure a comfortable atmosphere on all the levels and the
club cannot be overcrowded.

Fig. 1 The Dance floor
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1.2.1 OTSZ variation
According to Tab. 1, appendix 22 of NFSC the building has to be evacuated in 90 seconds.
When defining the number of people to be allowed in, we have taken net floorspace and the
number of people allowed/m2 into account (Tab. 3, appendix 22 in NFSC). In the case of
discos, pop concerts and programs that take place in the open (and no seats are provided) this
value is 4 people/m2 (the number of employees wasn’t taken into account). We couldn’t fill
all the levels of the club because only 243 students participated in the analysis. 1022
participants would have been required to fill the whole place (if we count with 4 people/m2)
so we could only fill the upmost floor (see table).
Tab. 2 2nd part of the analysis
Level

Gross floorspace

Visitors

Employees

3.

2

19,76 m

0

Were not taken into account

4.

78,25 m2

0

Were not taken into account

5.

98,64 m2

103

Were not taken into account

6.

2

140

Were not taken into account

243

Were not taken into account

58,75 m

Total:
Total number of participants:

243

1.2.2 Pre-arranged variation
During the analysis we calculated with those numbers (on the three top levels) that were set
by the owners (see Tab. 2). We assumed that there are 14 employees and 206 guests can be
found in the building (220 total). Participants that were employees had pre-defined points of
location. Participants could only begin to leave the building after everyone else has left the
level they were on.
Tab. 3 1st part of the analysis
Level

Gross floorspace

Visitors

Employees

3.

19,76 m2

0

1 (cloakroom attendant)

4.

78,25 m2

47

1 barman + 2 security guards

5.

2

98,64 m

94

1 DJ + 2 barmen + 2 security
guards

6.

58,75 m2

65

2 barmen + 2 security guards + 1
business manager

206

14

Total:
Total number of participants:

220

1.3 Results of the variations
Tab. 4 Results of the variations
Simulation
I. Owner
II. NFSC

Number of
simulation

People in
the club

1.
2.
1.
2.

220
220
243
243

Simulation
Beginning
End
10:48
10:50
11:02
11:04
11:15
1:17
11:25
11:27
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Number of people
exiting in 90 second

Total time required
for evacuation

164
170
158
176

137
120
136
120

2

CALCULATIONS OF THE NFSC (ANALYSIS OF THE 1ST AND 2ND PART)

In Hungary, NFSC is responsible for regulating the evacuation procedures of buildings.
Evacuation analyses have two parts: first, they examine the process of leaving the room, and
then the exiting of the building is analysed. In the current scenario, only the first section is
regulated because the different levels have one airspace (people are outdoors after exiting it).
The analysis of the 1st section consists of two parts. First, the length of the escape paths is
examined, and then they determine how many people can exit the doors in a given period of
time. The width of the entrance door is 1.6 m.
Tab. 1, appendix 22 of NFCSS stipulates that rooms with “C”-“E” flammability class in a
building with III fire resistance rating it is required that people are evacuated within one and a
half minutes.
NFSC calculations are as follows:
t 1b=

N1
kx 1

where t1b is the evacuation time of the first section (given in minute, considering how many
people can exit the doors)
N1 is the number of people in the room
k is the permeability coefficient (value set to determine how many people leave the
exit in a given time period) of the exit that has a constant value of
41,7 people/m/m2
x1 is the width of exit N1, given in meter
On the basis of this, a maximum of 100 people (who can reach the exit in one and a half
minutes) may exit the narrowest cross-section.
•
•
•

Time required to evacuate 220 people: 3.29 minutes (198 s)
Time required to evacuate 240 people: 3.59 minutes (216 s)
Time required to evacuate 243 people: 3.64 minutes (219 s)

3

SOFTWARE

3.1 Introducing the software
Pathfinder is a simulator program (simulating evacuations and human motion) developed by
Thunderhead Engineering.
Pathfinder supports two pathing simulation modes. In “steering” mode doors have no effect
on the pathing of the participants; this simulation mode uses a steer-control based system
instead. This can ensure an optimal distance between the participants present in a simulation.
In SFPE mode participants do not attempt to avoid each other (the small circles, representing
participants may overlap) but doors do have an effect on their pathing and velocity is affected
by the size of the group of exiting participants.
One may change freely between the different simulation modes in the user’s interface, so the
results can be compared this way.
In steering simulation mode Pathfinder combines path design, navigation and the collision of
participants to coordinate the movement of the participants.
In SFPE mode Pathfinder uses a flux-based evacuation model, which was published in SFPE
Handbook of Fire Protection Engineering (Nelson and Mowrer, 2002) and the SFPE
Engineering Guide: Human Behaviour in Fire (SFPE, 2003).
3.2 Comparing the results of the three methods of analysis
The mathematic model, run by the computer models evacuation scenarios, which is basically
the computerised analysis of a given case. Several difficulties may arise during traditional
analysis methods. When carrying out an analogous analysis, it is not possible to examine the
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joint effects of geometry, mass or waiting in a line (taking all the details into consideration).
This way, all the factors can be analysed that haven’t been taken into consideration before.
The simulation was made with Pathfinder, which was developed by Thunderhead
Engineering.
Two distribution scenarios were analysed. One of these was the one defined by the NFSC (4
people/m2) and the other was the one defined by the owners. The simulation aimed to
examine what kind of results are produced by the software compared to reality.
3.3 Default data of the model
3.3.1 Geometry
The levels of the club were considered rooms in the simulation (as it is given in Pathfinder’s
user’s guide). Thus, we’ve examined 4 levels as rooms and additional 4 rooms were required
as flight of stairs. The rooms were connected by 10 stairs. The size of these stairs was 17.78
cm – 27.94 cm. An entrance door was also modelled on the entry level. The model was built
based on the drawings of the building. This model had 4 levels (entry level and three other),
The exit was also to be found on the entry level.
3.3.2 Properties of the participants, calculation mode
Width of shoulders: 45.58 cm
Maximum velocity: 1.19 m/s
Calculation mode: steering, SFPE
Evacuation begins at 0.0 s
Number of people to be evacuated:
•
•

220 (owner’s distribution)
243 (NFSC scenario)
Tab 5 1st simulation (owner’s distribution)

Level
3.
4.
5.

Gross floor space
19.76 m2
78.25 m2
98.64 m2

Visitors
0
47
94

6.

58.75 m2

65

Total
Total

206

Employees
1 cloakroom attendant
1 barman + 2 security guards
1 DJ + 2 barmen + 2 security guards
2 barmen + 2 security guards + 1 chief
business manager
14
220

Tab. 6 2nd simulation (NFSC scenario)
Level
3.
4.
5.
6.

Gross floor space
19.76 m2
78.25 m2
98.64 m2
58.75 m2
Total
Total

Visitors
0
0
103
140
243

Employees
were not taken into account
were not taken into account
were not taken into account
were not taken into account
were not taken into account
243

In the owner’s scenario the staff (14 people) began to leave the building with a 60 seconds
delay. The reason behind this is the fact that they helped other people during the evacuation.
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4

CONCLUSION
Tab. 8 Number of people evacuated in 90 s

Real experiment
Calculations by
NFSC
Pathfinder steering
Pathfinder SFPE
Pathfinder SFPE+

Owner’s
Simulation I. Simulation II.
164
170

NFSC
Simulation I.
Simulation II.
158
176

Ratios

100

100

100

100

1.64 x 1.58

90
90
94

90
90
94

78
64
63

78
64
63

1.82 x 2.02
1.82 x 2.46
1.74 x 2.50

Tab. 9 Full-time evacuation

Real experiment
Calculations by
NFSC
Pathfinder steering
Pathfinder SFPE
Pathfinder SFPE+

Owner’s
Simulation I. Simulation II.
137
120
198
198
218
255
250

NFSC
Simulation I.
Simulation II.
136
120
216
219

218
255
250

261
313
318

263
316
338

Ratios

1.44 x 1.58
1.59 x 1.91
1.86 x 2.32
1.82 x 2.33

It is observable that the 60 seconds latency of the staff in the owner’s scenario results in
different behaviour on the various levels. There aren’t any people on the lower levels but the
staff is still at its original spot. On the upper levels, however, the staff begins to exit the
building when the area is still crowded. It would be a lot better if they started to exit a given
level when it’s empty. On the basis of the results, we can safely claim that the evacuation
simulations with Pathfinder take more time than the evacuations themselves (in all 3 modes).
Calculations take place with 1.82 x safety level in steering and SFPE modes and 1.74 x SFPE+
mode during the 90 s simulation. When the whole evacuation process is analysed, calculations
have a safety level of 1.59 in steering mode, 1.86 in SFPE mode and 1.82 in SFPE+ mode.
The deviation of the simulation modes isn’t high but somewhat greater differences are
observable between steering mode and the other two modes. This is the result of the two
different mathematic models. SFPE modes are flux-based models, where cross-sections of the
doors and the level of crowdedness (affecting the pace of advancement) play a major role.
Steering mode on the other hand provides a more detailed way of analysis. This is provided
by the evasive model, which is a lot more sensitive to a decrease in crowdedness. Due to this
sensitivity, an evacuation simulation can speed up to a greater extent (than in SFPE mode)
when a decrease takes place. NFSC calculation results fell between real experiment values
and simulation values. This leads to the conclusion that the three modes can be considered
stricter than the NFSC requirements, thus resulting in more representative results.
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Abstract
In the paper the CFD modelling of the complicated braced barrel vault made from rectangular
hollow sections in natural fire is presented. The barrel vault is covering a shopping arcade.
The covered area of this shopping arcade is 40 m x 80 m. The shopping arcade has two levels.
One of the levels is underground. The model is built in full 3D. Natural fire is simulated in
FDS software for different fire scenarios. Fire load densities, fire growth rate and rate of heat
release are determined from EN 1-1-2: General Actions - Actions on structures exposed to
fire. Heat release rate per area is determined for t² function. The analysis shows temperature
of rectangular hollow sections, distribution of temperature in the shopping arcade, visibility
and heat fluxes. The temperatures or heat fluxes can be transferred to the non-linear structural
analysis in finite element code Abaqus.
Keywords: fire safety, CFD, FDS, natural fire, braced barrel vault
INTRODUCTION
Nowadays, examples of the expressive use of steel is more and more. Barrel vault is
architectural form, used since antiquity (Makowski et al, 1985). The example of braced barrel
vault is the construction of the roof of the Atrium Promenada Shopping Center which is
presented in Fig. 1. The another example of braced barrel vault is the shopping arcade of the
Heart of Atlantis Shopping Centre. The construction of the shopping arcade was designed by
Zdzislaw Kurzawa and Lukasz Polus and was presented in Fig. 2.

Fig. 1 Braced barrel vault in the Atrium
Promenada Schopping Center

Fig. 2 Braced barrel vault of the shopping
arcade in the Heart of Atlantis

Structural members of the construction presented in Fig. 2 are 75mm wide rectangular hollow
sections which are 4mm thick. The roof of shopping arcade is a single layer grid structure
with four 3D truss which improve the stability of the structure. The covered area is 40 m x 80
m and the shopping arcade has two levels. One of the levels is underground. A lot of people
may go shopping and fire is the greatest danger. Design for fire is an important in the design
process of the shopping arcade. In the paper, the natural fire in the shopping arcade is
presented.
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1

NATURAL FIRE MODEL IN SHOPPING ARCADE COVERED BY BRACED
BARREL VAULT

The model of shopping arcade was created in PyroSim which is a graphical user interface for
the Fire Dynamics Simulator and presented in Fig. 3. Model in Smokeview is presented in
Fig. 4.

Fig. 3 The model of shopping arcade
created in PyroSim

Fig. 4 The model of shopping arcade
in Smokeview

The braced barrel vault was modeled as a cylindrical shell with a thickness of 4 mm. Design
fire scenarios, characteristic fire load densities qf,k, compartment floor areas Af, fire growth
rates, RHR densities, fire growth rates and powers released by the fire Q are presented in Tab.
1.
Tab. 1 Design fire scenarios
qf,k

Af

RHR

Q

[m2]

Fire grow
rate
[-]

[MJ/m2]

[kW/m2]

Fire located to block primary means of escape
Public space on the ground floor

[MW]

122

184

Slow

250

17,64

Fire located to block primary means of escape
Public space underground

122

184

Slow

250

17,64

Fire exposing braced barrel vault
Shopping centre on the ground floor

730

88

Fast

250

22,00

Fire involving a large area
Shopping centre underground

730

182

Fast

250

45,50

Design fire scenario

The most severe fire is in the shopping centre on the ground floor. Design value of the fire
load qf,d is given in Eq.(1).
qf,d = δq1 δq2 δn m qf,k
where qf,k
m
δq1
δq2
δqn

(1)

characteristic fire load density
combustion factor
factor for different floor areas
factor for different types of occupancy
factor which takes into account the effect of active fire fighting measures

The factor m is a combustion factor which value is between 0 and 1 (Frannsen et al, 2010).
The combustion factor is assumed as 0,8. The factor δq1 which takes into account the fire
activation risk due to the size of the compartment, 88 m2 is equal 1,212. The factor δq2 which
takes into account the fire activation risk due to the tape of occupancy, shopping centre, is
equal 0,78. The factor δqn takes into account the different active fire fighting measures:
•
•

δn1 = 1,0; no automatic water extinguishing system
δn2 = 1,0; no independent water supplies
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•
•
•
•
•
•
•
•
•

δn3 = 1,0; no automatic fire detection and alarm by heat
δn4 = 1,0; no automatic fire detection and alarm by smoke
δn5 = 1,0; no automatic alarm transmission to the fire brigade
δn6 = 1,0; no fire brigade stationed in the building
δn7 = 0,78; off site fire brigade
δn8 = 1,0; safe access routes
δn9 = 1,0; normal fire fighting devices
δn10 = 1,5; no smoke exhaust system
δqn = 0,78·1,5 = 1,17

Design value of the fire load is equal 646,05 MJ/m2. The evolution of the RHR is presented in
the Fig 5.

Fig. 5 The evolution of the rate of heat release
2

SIMULATION RESULTS

Fig. 6 The wall temperature, mesh 0,5 m x 0,5 m x 0,5 m 1998 s
The wall temperature and the adiabatic surface temperature were obtained as an output from a
fire model. The wall temperature shows the temperature of construction. The adiabatic surface
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temperature, which considers a surface as a perfect insulator exposed to heating conditions,
should be use to calculating heat transfer to fire exposed structures (Wickstrom et al, 2007).
The adiabatic surface temperature is the solution to problems with heat flux boundary
conditions like: ,,the net heat flux to a surface computed by the fire model is dependent on the
corresponding surface computed by the same fire model” (Wickstrom et al, 2007). The wall
temperature is presented in Fig. 6 and Fig. 7. The maximum wall temperature is equal to
433°C.

Fig. 7 The wall temperature, mesh 0,25 m x 0,25 m x 0,25 m 1998 s
The adiabatic temperature is presented in Fig. 8.

Fig. 8 The adiabatic surface temperature, mesh 0,5 m x 0,5 m x 0,5 m 1863 s
The maximum adiabatic temperature is equal to 623°C. The wall temperature and the
adiabatic temperature in the other scenarios are lower.
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3

CRITICAL TEMPERATURE

According to EN 1993-1-2 the critical steel temperature Θa,cr at time t for a uniform
temperature distribution may be determined for any degree on utilisation μo at time t = 0 using
Eq. (2).

Θ a, cr = 39.19 ln[

1
− 1] + 482
0.9674 μ 03,833

(2)

The degree of utilisation was obtained from Autodesk Robot Structural Analysis Professional
software for the fire situation and presented in Fig.9. The combination of actions for
accidental situation is given by Eq. (3) (EN 1990).
Gk + 0,2S + 0,2W
where Gk
S
W

(3)

all permanent actions
snow loads
wind loads

Fig. 9 The degree of utilisation, the most loaded structural members are marked
The critical temperature of the most loaded element, μo = 0.48, is equal to 591,2°C.
4

SUMMARY

The wall temperature is lower than the critical steel temperature of the most loaded element.
The building is huge and hot smoke can easily propagate. The most severe fire is the fire in
the shopping centre on the ground floor which has not the highest power of all fires but it
exposes braced barrel vault. The adiabatic surface temperature should be use to calculating
heat transfer to fire exposed braced barrel vault and can be transferred to the non-linear
structural analysis in finite element code Abaqus.
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Abstract
In this paper are presented the results of natural fire tests and numerical simulations using the
Fire Dynamics Simulator (FDS) and analytical simulations using the methods of EN 1991-1.2
(2010). The main goal of the investigation is the validation of the values of fire safety
regulations on distance between openings corresponding to successive floors in a façade and
the effect of dimensions of balconies in the external fire spread into upper floors. It is
intended to quantify and measure the height and width of flames projected through the
windows and to measure the indoor and outdoor temperatures. The tests were performed in a
compartment that was intended to represent a small office with two opposing openings, a door
and a window. The distance between the openings in the successive floors was 1.10 m. The
test 1 was carried out without any balcony above the opening and tests 2 and 3 had a balcony
with different dimensions in length.
Keywords: fire simulations, natural fire tests, external fire spread
INTRODUCTION
The fires inside the buildings can sometimes spread to other buildings or from one floor to
another floor, because the flames can be projected to outside through windows, doors, roofs or
skylights. When projected the flame spreads the fire in façade by convection and radiation.
So, limiting the fire spread in the façade is a challenging problem. Reducing the fire spread
through the façade openings, many countries created fires safety regulations. The fire safety
regulations require a distance between openings to prevent the spread of flames to the top
floors and, on the other hand, this risk can also be reduced by a balcony above the openings.
In the fire safety regulations around the World exist different proposed distances between
openings and sizes of balconies. The distance between openings in Portugal is 1.10 m, but
when there is a balcony, with a span at least one meter from each edge of the opening, this
distance can be reduced by the span of the balcony. It is noticed that the balconies have to be
at least a fire resistance of EI60 (Law 1532/2008). The prediction of the temperature
distribution inside and outside (on the facades) a building during a natural fire should be as
faithful as possible to the ones observed in reality, in such a way that the fire design of
external elements is on the safe side but not too conservative either. Regarding to this matter,
for example, Wald et al. (2009) presented an experimental programme to investigate the
global structural behaviour of a compartment in the three-storey steel frame building in a
plant of the Mittal Steel Ostrava exposed to fire before demolition. Hence this research project
was focussed on the examination of the temperature development within the various
unprotected structural elements (beams and columns) and its connections during the natural
fire. They concluded that (i) the methods for calculating the compartment temperature by the
parametric fire curve given in Annex A of EN1991-1-2 compared well with the measured
data. (ii) The incremental analytical models allowed presumption of temperatures of the
unprotected beams with a good accuracy. (iii) Calculating the temperature of the beam-tocolumn connection from the measured gas temperature in the fire compartment based on the
mass of the connection parts according to Annex D of EN 1993-1-2, was conservative during
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the heating phase. (iv) A calculation based on the bottom flange temperature of the supported
beam was less conservative. (v) And finally, the prediction of the temperature of the beam-tobeam connections using the measured gas temperature in the fire compartment, based on the
mass of the connection parts, was also conservative during the heating phase. The authors still
proposed that the calculation based on the bottom flange temperature of the supported beam
may be improved by factor 1.0 instead of 0.88. Abecassis-Empis et al. (2008) also carried out
natural fire tests, which were conducted in a real high-rise building. The use of these
experiments contributed towards extending the current understanding of the complex
dynamics of fire and the inherent difficulties of predicting its evolution. They highlighted the
strengths and limitations of fire safety tools and practices in real fires. These tests served as a
validation tool for certain faculties of CFD models as well as emphasising some of the current
limitations of their use. In what concerns to experimental tests focused on the temperature
development along the facade of a building between openings, it is observed they are still
fairly rare and are mostly of numerical nature. One example, it is the preliminary study
published by Weinert and Poh (2006) on the performance of horizontal projections (balcony)
in vertical separation of openings in external walls. Three fires were examined with different
peak heat release rates. They found that a horizontal projection between about 0.3 m and 0.6
m is equivalent to a 1 m spandrel.
1

EXPERIMENTAL TESTS

The compartment fire was 5.30 m long, 2.03 m wide and 2.10 m tall. The compartment had
two openings, one window of 1.23 m width and 0.92 m height, one door of 1.74 m height and
0.73 m width which correspond to an opening factor about0.30. The façade was 3.30 m long
and 3.80 m tall. The distance between the openings in the successive floors was, in the three
tests,1.10 meters. The test 1 was carried out without any balcony above the opening. Tests 2,
3 had a balcony of 0.55 m span and its length was 1.23 m (the same length of window), and
3.23 m(the length of balcony plus 1m away from each side of the opening), respectively, in
tests 2 and 3. The internal walls and ceiling of the compartment were insulated by sandwich
panels made of fire resistant gypsum boards and rock wool (40kg/m3 for walls and 150kg/m3
for ceiling). The fire load used in the experimental tests was materialized by means of wood
cribs and was obtained by the simplified calculation methods established in EN1991-1-2
(2010). The heat release rate (HRR) used was 4.15 MW, distributed by three piles of wood
cribs in the middle of compartment with 1384 kW each one of HRR (Heat Release Rate). For
all tests, it was checked the air temperature and the wind speed before the test starts. So,
during these tests, practically no wind was detected for all tests, the air temperature was
around 30, 15 and 20ºC and the relative humidity was 36, 60 and 41% for tests 1, 2 and 3,
respectively.
1.1 Test 1, 2 and 3
In test 1 the ignition of wood cribs was a little bit slowly. The time to reach the maximum
temperature of 912.5 ºC inside the compartment (thermocouple localized in the ceiling) was
26 minutes. The maximum temperature outside, in the middle of the opening of the window
of upper compartment, was 260 ºC, reached at 15 minutes and 30 seconds. The projection of
flame and the plume of smoke in this test were slightly visible. The height of flame above the
lintel of window was 0.28 m, the length of flame was 0.10 m and the horizontal projection
was 0.88 m (Fig. 1).In test 2 the maximum temperature inside the compartment was 1080.9 ºC
in ceiling thermocouple reached after 17 minutes and 30 seconds. Outside, below the balcony,
was 501.4 ºC at 23 minutes and 30 seconds. The flame and the plume of smoke were very
visible in this test. The height of flame in projection through the window was 2 m, the
horizontal projection was 2.90 m and the lateral projection was 0.20 m (Fig. 2).In test 3 the
temperature inside was 1088 ºC, obtained in the ceiling at 18 minutes. In the outside, the
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maximum temperature obtained below the balcony, was 659.8 ºC, at 22 minutes. The flame
and smoke plume were very visible. The vertical and the horizontal projections of flame
obtained were 2 m and the lateral projection was 0.20 m (Fig. 3).

Fig. 1 Test 1

Fig. 2 Test 2

Fig. 3 Test 3

In test 1 the plume of smoke and the scanty flame up to the superior floor close to the façade
(fig. 1). The flame in test 2 bended towards the superior window and surrounded the balcony
(fig. 2). In test 2 the flame was projected to outside the façade after hit the balcony (fig. 3).
2

NUMERIC SIMULATIONS

In numerical simulations, the FDS program, version 5.5.3, was used. This program is a
computational fluid dynamics (CFD) model of fire-driven flow. It is a large-eddy simulation
code for low-speed flows with an emphasis on smoke and heat transport from
fires(MacGrattan et al, 2010).For visualization of results was used the smokeview interface.
The characteristics of fire compartment and façade were the same as in all experimental tests.
A finite element mesh of 0.15x0.16x0.17 m was generated automatically by the program and
used in all simulations. The time period of analysis was 1470 seconds, corresponding to time
when the HRR started to decrease.
2.1 Numerical simulation 1, 2 and 3
In numerical simulation 1 (FDS1) the maximum temperature inside the compartment obtained
was 947.2 ºC in the wall at 9 minutes approximately. The outside maximum temperature,
below the window of upper floor, was 849.3 ºC at 10 minutes after begins fire. The height of
flame obtained by simulations was 3.29 m upper the lintel of fire compartment window. The
lateral and horizontal projection was 0.30 m and 1.20 m, respectively. The maximum
temperature inside compartment in simulation 2 (FDS2) was 936.5 ºC at 8.74 minutes of fire.
The maximum temperature outside the compartment was 1118.1 ºC, in the balcony
thermocouple (end edge), at 10.34 minutes. The height of the projection of flame was 2.20 m
and the lateral projection was 0.53 m. The horizontal projection was 1.20 m. In numerical
simulation 3 (FDS3) the maximum temperature inside the compartment fire, was 936.1 ºC at
9.36 minutes. The outside maximum temperature was 1110.7 ºC at 11.34 minutes in front of
balcony. The height of flame projection was 3.29 m, the lateral projection was 1 m maybe due
to the balcony effect. The horizontal projection was 2 m.
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Fig. 4 Simulation 1

Fig. 5 Simulation 2

Fig. 6 Simulation 3

In numerical simulation 1 the flame rose up to the successive floor along the façade (Fig 4),
but in the simulation 2 the flame surrounded the balcony and bended toward the window
above (Fig. 5). The flame in the simulation 3 rose up parallel to the façade at a distance equal
to the balcony span (Fig. 6).
3

ANALYTICAL SIMULATIONS

It was also carried out analytical simulations using the method of the parametric fire curves
(annex A of EN 1991-1.2, 2010) and the simplified calculation method (annex B of EN 19911.2, 2010).The same compartment characteristics as the experimental tests were used in this
analytical simulations. The method of parametric curves gave a maximum temperature (wx) of
989 ºC at 0.480 h inside the compartment (eq. (1).
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where wx – gas temperature in fire compartment [°C]
t* –fictitious time
In the simplified calculation method used the equations of forced draught. The temperature
(Tf) inside compartment was 775.4 ºC by (eq. (2)).
  !!+

'J JJ+F++  , J

[K]

(2)

where T0, initial temperature [K]
ȍ, (Af.qf,d)/(Av.At)1/2
Af, floor area of the fire compartment [m]
Av, total area of vertical openings on all walls
At, total area of enclosure (walls, ceiling and floor, including openings)
q,f,d, design fire load density related to the surface area Af
The height of flame (LL) projected through the window was 0.58 m given by Eq. (3).
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where Q, rate of heat release of the fire
heq, weighted average of window heights on all walls
u, 6 m/s
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The horizontal projection (LH) obtained was 2.17 m given by eq. (4).
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The width of flame (lateral projection) (Wf) was 2.62 m given by eq. (5).
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where Wt, sum of window widths on all walls
The temperature of flame at the window was 746.9 ºC and the flame temperature along the
axis of one meter was 737.7 ºC. In the forced draught the trajectory of the flame may be
directed horizontally if there are balconies. The flame is deflected outwardly at a distance
equal to the width of the balcony, but the length not change. The Lf is the same and equal to
2.25 m.

a)

b)

Fig. 4 Flame deflection: a) without balcony; b) with balcony
4

COMPARISON AND VALIDATION OF RESULTS

The maximum temperatures inside compartment were obtained in the ceiling on experimental
tests and in the two smaller walls in the numerical simulations. The time to reach the
maximum temperature was 9 minutes (FDS 1), 8.70 minutes (FDS 2) and 9.36 minutes (FDS
3) for the numerical simulations and 26 minutes (Test 1), 17.5 minutes (Test 2) and 18
minutes (Test 3) for experimental tests and 29 minutes (Parametric curve) for analytical
simulations (Fig. 5).

Fig. 5 Maximum temperature in fire compartment
In experimental tests the temperatures inside compartment were higher than outside. In the
numerical simulations the temperatures outside were higher than inside compartment. It was
noted that the time was not the same when the maximum temperature was reached outside and
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inside the compartment both in the experimental tests and in the numerical simulations. The
existence of a balcony larger than the window (Test 3 and FDS3) led to that the temperatures
above it are smaller than in the case of the balcony ending on the border of the window (Test
2 and FDS2) and much smaller than comparing with the case of inexistence of balcony (Test
1 and FDS1). The results showed that temperatures along the façade do not decrease as a
function of height. At different points above the balcony and below the window of the upper
compartment were registered temperatures below the ones in the centre of the window of that
compartment. It can also be seen clearly in Fig. 6 e 7 that the numerical temperatures at points
corresponding to thermocouples T80, T81 and T82 (above the balcony) of the experimental
tests, were lower than the ones at pointes located below it.

Fig. 6 Temperature above the balcony

Fig. 7 Measuring temperature points

In Eurocode 1 part 1-2 (EN 1991-1.2, 2010) for forced draught the flame occupies the entire
window when occurs the flame projection. In experimental tests this situation didn’t occur,
(Fig. 7, 8 and 9).This can be observed by a dashed line in Figure 8, where the flame and the
plume of smoke do not occupy the entire opening. From these figures it can be assessed that
about 20% of the window was used by the fresh air to entry in the compartment while in
numerical simulations the flame occupied practically the entire window. The height of flame
projection in experimental tests 2 and 3 was 2 m being smaller than test 1 that was 0.28 m. In
numerical simulations, it was verified that the height of flame in FDS 2 was (2.22 m) smaller
than the ones obtained in FDS 1 and FDS 3 (3.29 m). Concerning the simplified calculation
method the height of flame was 0.58m. The horizontal projection in experimental tests was
higher in test 3where the flame was away from the façade. In the numerical simulations FDS
1 and 2,it was observed an equal horizontal projection of flame from the wall, which was
1.20m. In the simplified calculation method the horizontal projection of flames was 2.17m
that is the highest value relating to the experimental and numerical tests, exception for test 2.
The width of flame enlarged from each side of the window in all experimental and numerical
tests, but in experimental test 2 the enlarging is higher than in the others. In the simplified
calculation method the flame width was 0.70m that was smaller than in numerical simulation
FDS3 (1.0m) and higher than in the other numerical and experimental tests (see Fig. 9).

Fig. 8 Flame projection in forced draught
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Fig. 9 Flame projection
The presence of a balcony with 1 meter to each side of window was the most viable option,
since because of it the flame was kept away from the façade and so the temperatures in the
wall above the balcony were lower than the ones recorded in other tests. Therefore, with a
balcony between successive openings, the risk of fire propagation to the upper floors will be
much smaller. In FDS 2 the height of flames is smaller than the other cases however the flame
surrounded the balcony increasing lateral spread of the fire to the upper floors.
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$EVWUDFW
,Q WKLV SDSHU WKH ILUH EULJDGH LQWHUYHQWLRQ LV FRQVLGHUHG IRU WKH DVVHVVPHQW RI VWUXFWXUDO ILUH
VDIHW\WKURXJKWKH FRQFHSWRIDPD[LPDOFRQWUROODEOHILUH DUHD %DVHGRQ DOLWHUDWXUHVXUYH\
SUREDELOLVWLF PRGHOV DUH GHYHORSHG WR FRQVLGHU WKH XQFHUWDLQWLHV DVVRFLDWHG ZLWK WKH ILUH
GHYHORSPHQW DQG WKH ILUH EULJDGH LQWHUYHQWLRQ $ VHQVLWLYLW\ DQDO\VLV LGHQWLILHV WKH PRVW
LPSRUWDQW SDUDPHWHUV DQG VXJJHVWLRQV IRU IXWXUH GDWD FROOHFWLRQ DUH PDGH WR LPSURYH WKH
SUREDELOLVWLFPRGHOV

.H\ZRUGVILUHEULJDGHLQWHUYHQWLRQVWDWLVWLFDOGDWDSUREDELOLVWLFPRGHOVVHQVLWLYLW\DQDO\VLV

,1752'8&7,21
7KH ILUH EULJDGH LQWHUYHQWLRQ LV DQ LPSRUWDQW ILUH VDIHW\ PHDVXUH DQG DQ LQWHJUDO SDUW RI WKH
ILUH VDIHW\ FRQFHSW RI D EXLOGLQJ 7KHUHIRUH LW VKRXOG EH FRQVLGHUHG LQ VWUXFWXUDO ILUH VDIHW\
GHVLJQ 7KLV SDSHU IRFXVHV RQ WKH SUREDELOLVWLF PRGHOOLQJ RI WKH ILUH EULJDGH LQWHUYHQWLRQ
LQFOXGLQJ WKH GLVFRYHU\ RI WKH ILUH WKH HPHUJHQF\ FDOO DV ZHOO DV WKH UHVSRQVH DQG ILUH
VXSSUHVVLRQE\WKHILUHEULJDGH
,Q WKLV SDSHU OLWHUDWXUH RQ ILUH EULJDGH VWDWLVWLFV LV OLVWHG DQG XVHG WR GHYHORS SUREDELOLVWLF
PRGHOV 7KH OLVWHG OLWHUDWXUH SURYLGHV D PHWKRGLFDO EDVLV IRU IXWXUH VWDWLVWLFDO ILUH EULJDGH
VXUYH\V /LPLWDWLRQV DQG SUREOHPV XVLQJ WKH OLWHUDWXUH ZKHQ GHYHORSLQJ WKH SUREDELOLVWLF
PRGHOVDUHGLVFXVVHGDQGPHWKRGVWRDGGUHVVWKHVHSUREOHPVDUHSUHVHQWHG
)LUHGHYHORSPHQWKDVDPD\RULQIOXHQFHRQVWUXFWXUDOVDIHW\7KHUHIRUHWKHHIIHFWRIWKHILUH
EULJDGH RQ WKH GHYHORSPHQW RI QDWXUDO ILUH FRQGLWLRQV PXVW EH FDUHIXOO\ PRGHOOHG (DUO\
GHWHFWLRQE\DVPRNHDODUPV\VWHPVKRXOGDOVREHFRQVLGHUHG,QDVHQVLWLYLW\VWXG\WKHPRVW
LPSRUWDQWSDUDPHWHUVDIIHFWLQJWKHLPSDFWRIDILUHRQDVWHHOVWUXFWXUHDUHDQDO\VHG%DVHGRQ
WKLV VHQVLWLYLW\ DQDO\VLV VXJJHVWLRQV IRU IXUWKHU GDWD FROOHFWLRQ DQG VWXGLHV DUH PDGH WR
LPSURYH WKH SUREDELOLVWLF PRGHOV DQG FRQVLVWHQWO\ LPSOHPHQW ILUH EULJDGH LQWHUYHQWLRQ LQWR
ILUHVDIHW\GHVLJQ
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7KLV FKDSWHU HPSKDVLVHV RQ HQJLQHHULQJ PRGHOV XVHG WR DVVHVV WKH WKHUPDO DFWLRQ RQ WKH
VWUXFWXUHWDNLQJLQWRDFFRXQWWKHILUHEULJDGHLQWHUYHQWLRQ
 &RPSDUWPHQWILUHPRGHO
$ ILUH FDQ EH FKDUDFWHUL]HG WKURXJK WKUHH SKDVHV WKH SUHIODVKRYHU SKDVH WKH IXOO HQJXOIHG
ILUH SRVWIODVKRYHU DQGWKHGHFD\SKDVH$FFRUGLQJWR(XURFRGH (1 WKH
SUHIODVKRYHUSKDVHLVPRGHOOHGE\DWVTXDUHDSSURDFKFKDUDFWHUL]LQJWKHLQFUHDVHRIWKHUDWH
RIKHDWUHOHDVH4EHIRUHWKHPD[LPDOUDWHRIKHDWUHOHDVHSHUP5+5ILVUHDFKHG VHH)LJ 
7KHILUHJURZWKSDUDPHWHUWȽLVWKHEDVLFSDUDPHWHULQWKLVPRGHODQGLVGHILQHGE\WKHWLPH
QHHGHG IRU WKH ILUH WR UHDFK D UDWH RI KHDW UHOHDVH RI  0: 7KH EDVLV IRU WKLV PRGHO LV WKH
DVVXPSWLRQRIDFRQVWDQWUDGLDOILUHVSUHDGYHORFLW\LQDOOGLUHFWLRQV*LYHQWKHPD[LPXPUDWH
RIKHDWUHOHDVH5+5I SHUP WKHILUHVSUHDGDUHD$)FDQEHDVVHVVHGWKURXJK(T  
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7KH IXOO HQJXOIHG ILUH ± ZKHQ WKH ILUH HQJXOIV WKH WRWDO FRPSDUWPHQW DUHD $&RPS ± LV
FKDUDFWHUL]HGWKURXJKDFRQVWDQWUDWHRIKHDWUHOHDVHGHSHQGLQJRQWKHILUHUHJLPHOLPLWHGE\
WKHIXHORUWKHR[\JHQ$IXHOFRQWUROOHGILUHUHDFKHVWKHPD[LPDOUDWHRIKHDWUHOHDVH5+5I
SHUPDQGGHSHQGVRQWKHVXUIDFHDQGWKHPDWHULDOSURSHUWLHVRIWKHFRPEXVWLEOHPDWHULDO)RU
YHQWLODWLRQFRQWUROOHGILUHVWKHPD[LPDOUDWHRIKHDWUHOHDVHLVOLPLWHGE\WKHDYDLODEOHR[\JHQ
7KHILUHORDGTGHWHUPLQHVWKHIXOOHQJXOIHGILUH(XURFRGHSURSRVHVWKHVWDUWRIWKHOLQHDU
GHFD\SKDVHDIWHURIWKHILUHORDGKDVEHHQFRPEXVWHG
 ,QWHUYHQWLRQRIWKHILUHEULJDGH
7KH LQWHUYHQWLRQ RI WKH ILUH EULJDGH LQ WKH (XURSHDQ VWDQGDUG (XURFRGH  LV FRQVLGHUHG
WKURXJKDUHGXFWLRQRIWKHGHVLJQILUHORDG7KXVWKHGHFD\SKDVHRIWKHILUHZLOOVWDUWHDUOLHU
7KLVUHGXFWLRQRIWKHILUHORDGFDQEDUHO\EHTXDQWLILHGWKURXJKVWDWLVWLFDOGDWD7KHUHIRUHLQ
WKLV SDSHU D PRGHO LV SUHVHQWHG WKDW FRQVLGHUV WKH ILUH EULJDGH LQWHUYHQWLRQ EDVHG RQ
PHDVXUDEOHTXDQWLWLHV
7KH VXFFHVV RI WKH ILUH EULJDGH GHSHQGV DPRQJ RWKHU SDUDPHWHUV HJ FUHZ VL]H HTXLSPHQW
HWF  RQ WKH LQWHUYHQWLRQ WLPH 7, ZKHQ WKH ILUH EULJDGH VWDUWV ZLWK WKH ILUH VXSSUHVVLRQ
DFWLYLWLHV 7KLV WLPH 7, FRQVLVW RQ VHYHUDO FRQVHFXWLYH WLPH LQWHUYDOV DV LOOXVWUDWHG LQ )LJ 
7KHWLPHZKHQWKHH[WLQJXLVKPHQWSURFHGXUHVWDUWVLVH[SUHVVHGWKURXJKWKHVXPRIDOOWKHVH
WLPHV


7,

7'HWHFW  7&DOO  7'LVS  77XUQRXW  77UDYHO  76HWXS 



,I WKH ILUH LV JURZQ WRR ODUJH WKH VXSSUHVVLRQ RI WKH ILUH FDQQRW EH VXFFHVVIXO DQG D IXOO
EXUQRXWZLOORFFXU7KHILUHEULJDGHPXVWWKHQIRFXVRQSUHYHQWLQJIXUWKHUILUHVSUHDG+RVVHU
HW DO   SURSRVHG D PRGHO EDVHG RQ D PD[LPDO FRQWUROODEOH ILUH VL]H $/LPLW XVHG DV DQ
LQGLFDWRU IRU WKH ILUH VXSSUHVVLRQ FDSDELOLW\ RI WKH ILUH EULJDGH ,I WKH ILUH JURZV ODUJHU WKDQ
WKLV DUHD $) W !$/LPLW WKHQ D FRPSOHWH EXUQRXW PXVW EH DFFHSWHG RWKHUZLVH WKH ILUH
VXSSUHVVLRQ DFWLRQ VWDUWV UHGXFLQJ WKH UDWH RI KHDW UHOHDVH 7KHQ WKH GHFD\ SKDVH RFFXUV
HDUOLHU FRPSDUHG WR WKH FRPSOHWH EXUQRXW ILUH )LJ   ,W LV DVVXPHG WKDW WKH GHFD\ SKDVH
VWDUWV DW WKH LQWHUYHQWLRQ WLPH7, RI WKH ILUHEULJDGH 7KH UHODWLRQ$) 7,9 !$/LPLW GHWHUPLQHV
WKHSUREDELOLW\RIIDLOXUHIRUILUHVXSSUHVVLRQE\WKHILUHEULJDGH



)LJ5DWHRIKHDWUHOHDVHLQFOXGLQJ
WKHILUHVXSSUHVVLRQ


)LJ7LPHLQWHUYDOVIRUWKH
ILUHEULJDGHLQWHUYHQWLRQ



'$7$$1'/,7(5$785(6859(<

6WDWLVWLFDO DQDO\VHV RI GLIIHUHQW DXWKRUV DUH SHUIRUPHG E\ GLIIHUHQW DXWKRUV VHH UHIHUHQFHV 
EDVHG RQ QDWLRQDO RU ORFDO ILUH EULJDGH UHSRUWV ZLWK WKH DLP WR TXDQWLI\ WKH SDUDPHWHUV
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LQWURGXFHG LQ &KDSWHU 7KH OLWHUDWXUH FRQWDLQV VXPPDUL]HG DQG VWUXFWXUHG LQIRUPDWLRQ RQ
ILUHEULJDGHVWDWLVWLFV
7KHPRVWGLIILFXOWWLPHLQWHUYDOWRTXDQWLI\LVIRXQGWREHWKHGHWHFWLRQWLPH7KHGLIILFXOW\LV
WKDW WKH WLPH RI LJQLWLRQ LV XQNQRZQ 7KXV WKH WLPH KDV WR EH HVWLPDWHG LQGLUHFWO\ WKURXJK
VRPHSK\VLFDOUHODWLRQVKLSV+ROERUQHWDO  HVWLPDWHGWKHGHWHFWLRQWLPHDVZHOODVWKH
ILUH JURZWK WLPHEDVHG RQ(T  DQGSURYLGLQJ VRPHVDPSOHVWDWLVWLFV7KHGDWDWKH\XVHG
ZHUHFROOHFWHGE\ILUHLQYHVWLJDWRUVLQWHUYLHZLQJSHUVRQVZKRGLVFRYHUHGWKHILUH,WVKRXOGEH
QRWHGWKDWQRWDOORIWKHILUHVPHULWVXFKDQLQYHVWLJDWLRQ2QO\ILUHVZKLFKPHHWVRPHFULWHULD
LHILUHVZKHUHIRXURUPRUHILUHHQJLQHVDUHVHQWWRWKHVFHQHDQGILUHVZKHUHSHUVRQVKDVWR
EH UHVFXHG KDYH EHHQ UHSRUWHG  UHSRUWHG ILUHV  %HVLGHV WKH GHWHFWLRQ WLPH DQG WKH ILUH
JURZWK UDWH +ROERUQ HW DO SURYLGH VDPSOH VWDWLVWLFV IRU WKH FDOO WLPH DV ZHOO 7KH VDPH
GDWDEDVHKDVEHHQXVHGE\6lUGTYLVW  WRDQDO\VHWKHFRUUHODWLRQEHWZHHQWKHILUHVSUHDG
DQGWKHGLIIHUHQWWLPHLQWHUYDOVRIWKHILUHLQWHUYHQWLRQ%HFDXVHRIWKHVPDOOQXPEHURIGDWD
WKHUHVXOWVRIWKLVDQDO\VLVVKRXOGEHWUHDWHGFDUHIXOO\
/RWV RI LQIRUPDWLRQ RQ WKH UHVSRQVH WLPH RI WKH ILUH EULJDGH LV JLYHQ HJ +ROERUQ  
/RQGRQ )LUH %ULJDGH /)%   6FKZDQLW]   7yPDVVRQ HW DO   7LOODQGHU
 HWF7KHUHDVRQLVWKDWWKHUHVSRQVHWLPHLVHDV\WRPHDVXUHDQGLVRIWHQXVHGWRFKHFN
LI WKH SHUIRUPDQFH FULWHULD RI WKH DODUP FHQWUHV DQG WKH ILUH EULJDGHV DUH IXOILOOHG 6RPH
DXWKRUV SURYLGH VXJJHVWLRQV IRU SUREDELOLVWLF PRGHOV WRR HJ 6FKZDQLW] 7LOODQGHU
7RPDVVRQHWDO 
/LPLWDWLRQVLQWKHXVHRIILUHEULJDGHVWDWLVWLFV
)LUHEULJDGHVWDWLVWLFVGRQRWLQFOXGHILUHVZKHUHQRILUHEULJDGHDWWHQWLRQLVQHHGHGHJVPDOO
ILUHVZKLFKFDQEHH[WLQJXLVKHGE\RFFXSDQWV7KLVLPSOLHVWKDWWKHSUREDELOLW\RIDILUHHYHQW
LVXQGHUHVWLPDWHGZKHQILUHEULJDGHVWDWLVWLFVDUHXVHGWRDVVHVVWKLVSUREDELOLW\0RUHRYHUWKH
HIILFLHQF\RIGHWHFWLRQV\VWHPVDQGVPRNHDODUPLVXQGHUHVWLPDWHGEHFDXVHWKHUDWHRIVPDOO
ILUHVH[WLQJXLVKHGE\WKHXVHULQFUHDVHV+RZHYHULQVXUDQFHGDWDLQFOXGHVDOVRVPDOOGDPDJHV
VHH)RQWDQDHWDO DQGFRXOGEHXVHG±DOVRLQFRPELQDWLRQZLWKILUHEULJDGHVWDWLVWLFV±
WRDVVHVVWKHSUREDELOLW\RIDILUHHYHQWDVZHOODVWKHHIILFLHQF\RIVPRNHDODUPVDQGGHWHFWLRQ
V\VWHPV)XUWKHUILUHEULJDGHVWDWLVWLFVDUHDOZD\VUHODWHGWRWKHILUHEULJDGHSHUIRUPDQFHOHYHO
DQGORFDOFRQGLWLRQVHJWDUJHWFULWHULDIRUILUHEULJDGHV HJWDUJHWUHVSRQVHWLPH 7KHUHIRUH
LW LV GLIILFXOW WR FRPSDUH WKH UHVSRQVH WLPHV RI GLIIHUHQW ILUHEULJDGHV )LUHEULJDGH VWDWLVWLFV
VKRXOGLQFOXGHWKHSHUIRUPDQFHOHYHORIWKHILUHEULJDGHWKDWUHSRUWHGWKHGDWDDVGRQHE\WKH
/RQGRQ)LUH%ULJDGH /)% DQG6FKZDQLW]  
2IWHQ VHYHUH ILUH LQFLGHQWV PHULW D GHWDLOHG LQYHVWLJDWLRQ DQG DGGLWLRQDO YDOXDEOH GDWD DUH
FROOHFWHG DQG UHSRUWHG ,W LV LPSRUWDQW WR UHSRUW WKH QXPEHU RI VXFK GHWDLOHG LQYHVWLJDWLRQV
UHODWHGWRDOOFDVHV2WKHUZLVHWKHUHVXOWVRIDVWDWLVWLFDODQDO\VLVPLJKWEHELDVHG


352%$%,/,67,&02'(/6%$6('21),5(%5,*$'(5(32576

3UREDELOLVWLF PRGHOV DUH GHYHORSHG WR DGGUHVV WKH VWRFKDVWLF YDULDWLRQ RI WKH SDUDPHWHUV
GHILQHG LQ &KDSWHU  7KHVH PRGHOV DUH LQWHQGHG WR EH XVHG IRU ULVN DQDO\VLV RU IRU FRGH
FDOLEUDWLRQ 7KH SUREDELOLVWLF PRGHOV DUH GHYHORSHG IRU 6ZLW]HUODQG EDVHG RQ WKH OLWHUDWXUH
VHH7DE 
 )LUHJURZWKUDWH
7KH SUREDELOLVWLF PRGHO RI WKH ILUH JURZWK UDWH LV FKRVHQ EDVHG RQ WKH DQDO\VLV GRQH E\
+ROERUQHWDO  %HFDXVHWKH\LQFOXGHGDOVRVPRXOGHULQJILUHVDODUJHVFDWWHURIWKHILUH
JURZWKWLPHKDVEHHQREVHUYHG$VWKHLPSDFWRIDVPRXOGHULQJILUHLVQHJOLJLEOHIRUVWUXFWXUDO
HQJLQHHULQJLWLVDVVXPHGWKDWRQO\ILUHVZLWKDILUHJURZWKUDWHWȽRIOHVVWKDQVHFPLJKW
DIIHFWWKHVWUXFWXUHFRQVLGHUDEOH7KHUHIRUHD7UXQFDWHG/RJQRUPDO 7UXQF/1 GLVWULEXWLRQLV
XVHGWRPRGHOWKLVSDUDPHWHU
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 'HWHFWLRQWLPH
+ROERUQHWDO  HVWLPDWHGWKHGHWHFWLRQWLPHEDVHGRQUHSRUWVRI/RQGRQ¶VILUHEULJDGH
DQG(T  7KHGDWDLQGLFDWHDODUJHVFDWWHURIWKHGLVFRYHU\WLPH$*DPPDGLVWULEXWLRQLV
ILWWHGWRWKHIUDFWLOH PLQ DQGWKHIUDFWLOH PLQ RIWKHGDWD7KHGLVWULEXWLRQRI
WKH GHWHFWLRQ WLPH LQ 6ZLW]HUODQG LV DVVXPHG WREH LGHQWLFDO DV LQ /RQGRQ $V WKH GHWHFWLRQ
WLPHIRUIODPLQJILUHV ZKLFKDIIHFWWKHVWUXFWXUH LVSUREDEO\VKRUWHUDVIRUVPRXOGHULQJILUHV
LWLVDVVXPHGWKDWWKHGHWHFWLRQRIWKHILUHRFFXUVLQOHVVWKDQPLQ7KHUHIRUHWKH*DPPD
GLVWULEXWLRQ LV WUXQFDWHG DW  PLQ +ROERUQ HW DO VXSSRVHG WKH H[LVWHQFH RI D GHSHQGHQF\
EHWZHHQILUHJURZWKUDWHDQGGHWHFWLRQWLPH7KLVLVQRWFRQVLGHUHGLQWKHSUHVHQWPRGHO
7DE3UREDELOLVWLFPRGHOV UHODWHGWR6ZLVVRIILFHEXLOGLQJV 
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 ,QIOXHQFHRIDILUHGHWHFWLRQV\VWHP ZLWKDXWRPDWLFDODUPWUDQVPLVVLRQ 
)LUH GHWHFWLRQ V\VWHPV GHWHFW VPRNH RU KHDW UDLVH DQ DODUP DQG FDOO WKH ILUH EULJDGH
DXWRPDWLFDOO\ 7KH GHWHFWLRQ WLPH LV UHGXFHG EHFDXVH WKH DODUP RI WKH GHWHFWLRQ V\VWHP
QRWLILHV DXWRPDWLFDOO\ WKH DODUP FHQWUH 7KH UHGXFWLRQ RI WKH GHWHFWLRQ WLPH GHSHQGV RQ WKH
ILUH JURZWK UDWH 7KH IDVWHU WKH ILUH GHYHORSV WKH IDVWHU WKH GHWHFWLRQ V\VWHP ZLOO UDLVH DQ
DODUP )LVFKHU HW DO   SURSRVHG D UHJUHVVLRQ PRGHO IRU RIILFH EXLOGLQJV (T   WR
TXDQWLI\ WKH DFWLYDWLRQ WLPH RI WKH GHYLFHV 7KH GHWHFWLRQ WLPH GHSHQGV RQO\ RQ WKH ILUH
JURZWKSDUDPHWHUWȽ
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 ,QIOXHQFHRIDILUHDODUPZLWKRXWDXWRPDWLFDODUPWUDQVPLVVLRQ KRPHGHWHFWRUV 
$GHWDFKHGILUHDODUPUDLVHVDQDODUPZKHQWKHGHYLFHGHWHFWVVPRNH%XWLQFRQWUDVWWRWKH
GHWHFWLRQV\VWHPVWKH\GRQRWWUDQVPLWDQDODUPWRDQDODUPFHQWUH$ILUHDODUPZKLFKRQO\
UDLVHVDQDODUPLQFUHDVHVMXVWWKHSUREDELOLW\RIDQHDUO\GHWHFWLRQRIWKHILUHDQGUHGXFHVWKH
GLVFRYHU\WLPH$FFRUGLQJWRILUHEULJDGHVWDWLVWLFVIURP8. 1)%6 WKHGHWHFWLRQWLPH
RIDILUHZLWKWKHSUHVHQFHRIDGHWDFKHGILUHDODUPZLOORFFXULQRIWKHILUHVZLWKLQPLQ
7KHSUREDELOLVWLFPRGHOIRUWKHGHWHFWLRQWLPHLVDGMXVWHGWRWKLVYDOXH


6(16,7,9,7<$1$/<6,6

$ SUREDELOLVWLF DSSURDFK LV XVHG WR DVVHVV WKH PD[LPXP VWHHO WHPSHUDWXUH RI D EHDP XQGHU
QDWXUDOILUHFRQGLWLRQVDVDQLQGLFDWRUIRUVWUXFWXUDOVDIHW\7KHURRPWHPSHUDWXUHLVDVVHVVHG
ZLWKWKHWZR]RQHPRGHO2=RQH &DGRULQHWDO DQGWKHPD[LPDOVWHHOWHPSHUDWXUHLV
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DVVHVVHGZLWKWKHVLPSOLILHGFDOFXODWLRQPHWKRGGHVFULEHGLQ(XURFRGH (1 
8VLQJ WKH SUREDELOLVWLF DSSURDFK WKH XQFHUWDLQWLHV RI WKH LQSXW YDULDEOHV 7DE  DUH
FRQVLGHUHG FRQVLVWHQWO\ OHDGLQJ WR D YDULDWLRQ RI WKH VWHHO WHPSHUDWXUH RXWSXW  :LWK WKLV
DSSURDFK WKH VHQVLWLYLWLHV RI WKH LQSXW SDUDPHWHUV WR WKH RXWSXW DUH DVVHVVHG 7KLV SDSHU
GLVWLQJXLVKHVEHWZHHQORFDODQGJOREDOVHQVLWLYLW\DQDO\VLV
 /RFDOVHQVLWLYLW\DQDO\VLV
$ PHDVXUH RI WKH VHQVLWLYLW\ RI DQ RXWSXW <M YHUVXV DQ LQSXW ;L FDQ EH HVWLPDWHG E\ WKH
GHULYDWH w< M  w; L 7KLVGHULYDWHFDQRQO\EHFRPSXWHGDWDEDVHSRLQWGHILQHGWKURXJKDVHWRI
LQSXWYDULDEOHV;L,QWKHFRQWH[WRIFRGHFDOLEUDWLRQWKHPRVWFRPPRQEDVHSRLQWLVXVXDOO\
FKRVHQE\WKHVHWRIYDULDEOHVZKLFKOHDGWRWKHPRVWSUREDEOHIDLOXUHEDVHGRQDOLPLWVWDWH
IXQFWLRQ7KLVSRLQWLVGHILQHGDVWKHGHVLJQSRLQW$QHIILFLHQWDOJRULWKPWRILQGWKHGHVLJQ
SRLQW LV SURYLGHG E\ WKH )LUVW 2UGHU 5HOLDELOLW\ 0HWKRG )250  7KH GHULYDWH RI WKH LQSXW
YDULDEOHV DW WKH GHVLJQ SRLQW LQGLFDWHV WKH UHODWLYH LQIOXHQFH RQ WKH IDLOXUH VWDWH DQG FDQ EH
XVHGIRUFRGHFDOLEUDWLRQ7KLVSDSHUIRFXVHVRQWKHHQKDQFHPHQWRIWKHSUREDELOLVWLFPRGHOV
E\ LPSURYLQJ WKH LQSXW SDUDPHWHUV WKURXJK VWDWLVWLFDO GDWD 7KHUHIRUH QR ORFDO VHQVLWLYLW\
DQDO\VLVLVFDUULHGRXW
 *OREDOVHQVLWLYLW\DQDO\VLV
$ PHDVXUH WR GHFLGH ZKDW NLQG RI GDWD VKRXOG EH FROOHFWHG LV WR DVVHVV WKH UHODWLYH
SDUWLFLSDWLRQRIWKHLQSXWSDUDPHWHUV VHH7DE RQWKHYDULDQFHRIWKHRXWSXW HJPD[LPDO
VWHHOWHPSHUDWXUH 6DOWHOOLHWDO  SURSRVHDGHFRPSRVLWLRQRIWKHYDULDQFHRIWKHRXWSXW
LQILUVWRUGHUHIIHFWVDQGWRWDOHIIHFWV7KHILUVWRUGHUHIIHFWUHSUHVHQWVWKHPDLQFRQWULEXWLRQRI
DQLQSXWIDFWRU;LWRWKHYDULDQFHRIWKHRXWSXW<DQGLVGHILQHGWKURXJKWKHILUVWRUGHULQGH[
6L7KHWRWDOHIIHFW67LLVDPHDVXUHIRUWKHWRWDOFRQWULEXWLRQRIDQLQSXWSDUDPHWHU;LLQFOXGLQJ
WKHLQWHUDFWLRQVZLWKWKHRWKHUSDUDPHWHUV;aL7KHWRWDOHIIHFWLQGH[67LSURYLGHVDQLQGLFDWLRQ
ZKHWKHUWKHYDULDQFHRIDQLQSXWSDUDPHWHU;LFDQEHQHJOHFWHG 67L  7KHWRWDOHIIHFWDQG
WKHILUVWRUGHULQGH[DUHGHILQHGLQ(T   6DOWHOOLHWDO 
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7KHGLIIHUHQFHRIWKHILUVWRUGHULQGLFHVDQGWKHWRWDOHIIHFWLQGLFHVRIDYDULDEOHSURYLGHVDQ
LQGLFDWLRQRIWKHLQWHUDFWLRQHIIHFWVRIWKHPRGHO QRQOLQHDULW\RIWKHPRGHO 3DUDPHWHUVZLWK
KLJK LQWHUDFWLRQ HIIHFWV VKRXOG EH FRQVLGHUHG DFFRUGLQJO\ LQ WKH DVVHVVPHQW RI WKH PRGHO
RXWSXW
7KH VHQVLWLYLW\ LQGLFHV DUH DVVHVVHG IRU GLIIHUHQW FRPSDUWPHQW DUHDV )XUWKHU LW LV
GLVWLQJXLVKHG EHWZHHQ WKH FDVHV ZKHUH WKH XQFHUWDLQWLHV UHODWHG ZLWK WKH ILUH EULJDGH
LQWHUYHQWLRQDUHFRQVLGHUHG )LJD DQGZKHUHWKH\DUHQRWFRQVLGHUHG )LJE  RQO\QRQ
]HURSDUDPHWHUVDUHLOOXVWUDWHG 
7KHKLJKHVWLQGLFHVDUHREWDLQHGIRUWKHILUHJURZWKWLPHWĮ LQWKHFDVHZKHUHWKHILUHEULJDGH
LVFRQVLGHUHG )LJD 2QHRIWKHUHDVRQVLVGXHWRWKHKLJKYDULDELOLW\RIWKLVSDUDPHWHU7KH
GHWHFWLRQWLPHDQGWKHWXUQRXWDQGWUDYHOWLPHKDYHDOVRDPDMRULQIOXHQFHRQWKHRXWFRPH
,QWHUDFWLRQHIIHFWVRI DOOWKHSDUDPHWHUVKDYHDODUJHLQIOXHQFH QRQOLQHDULW\ DQGVKRXOGEH
FRQVLGHUHG LQ WKH DVVHVVPHQW RI WKH WHPSHUDWXUH ZKHQ FRQVLGHULQJ WKH ILUH EULJDGH 7KH ILUH
ORDGKDVRQO\DPLQRULQIOXHQFHRQWKHYDULDELOLW\RIWKHRXWFRPH
:LWKRXW FRQVLGHULQJ WKH XQFHUWDLQWLHV UHODWHG ZLWKWKH ILUH EULJDGH )LJ E  WKH YDULDWLRQ RI
WKH RXWSXW LV RQO\ GRPLQDWHG WKURXJK WKH XQFHUWDLQW\ RI WKH ILUH ORDG ,W LV VHHQ WKDW WKH
LQWHUDFWLRQ HIIHFWV RI DOO SDUDPHWHUV KDYH RQO\ D PLQRU HIIHFW RQ WKH YDULDQFH RI WKH RXWSXW
OLQHDUPRGHO 
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&21&/86,216$1'68**(67,216)25'$7$&2//(&7,21

7KHVHQVLWLYLW\DQDO\VLVVKRZVWKDWUHGXFLQJHVSHFLDOO\WKHXQFHUWDLQW\RIWKHILUHJURZWKWLPH
WĮZLOOUHGXFHWKHYDULDQFHRIWKHVWHHOWHPSHUDWXUH$ZD\WRUHGXFHWKHYDULDQFHRIWKHILUH
JURZWK WLPH LV WR UHSRUW SUHIODVKRYHU GDWD RI ILUH LQFLGHQWV WKDW DIIHFW RQO\ WKH VWUXFWXUH
UHVSHFWLYHO\ H[FOXGLQJ VPRXOGHULQJ ILUHV ,Q WKLV FRQWH[W DOO GDWD ZKLFK GHVFULEH WKH SUH
IODVKRYHU SKDVH DUH KHOSIXO )RU H[DPSOH GDWD DERXW WKH WLPH DQG WKH DUHD RI ILUH VSUHDG
HQFRXQWHUHGE\RFFXSDQWVRUE\WKHILUHEULJDGH FRXOGEHUHSRUWHGWRHQODUJHWKHNQRZOHGJH
DERXW WKH ILUH VSUHDG LQ WKH SUHIODVKRYHU SKDVH 7KH NQRZOHGJH DERXW WKH GHWHFWLRQ WLPH
FRXOGEHLQFUHDVHGVLPXOWDQHRXVO\$GGLWLRQDOO\UHSRUWLQJWKHSUHVHQFHDQGWKHRSHUDELOLW\RI
ILUHVDIHW\PHDVXUHVKHOSVDVVHVVLQJWKHHIIHFWRIWKHPHDVXUHVRQWKHWLPHLQWHUYDOV
2IWHQWKHWXUQRXWDQGWUDYHOWLPHVDUHDOUHDG\UHSRUWHGIURPILUHEULJDGHV6XFKGDWDVKRXOGEH
LQFOXGHGLQWKHDVVHVVPHQWRIVWUXFWXUDOVDIHW\,QGRLQJVRWKHSHUIRUPDQFHFULWHULDRIWKHILUH
EULJDGHVKRXOGEHUHSRUWHGWRR,QWKLVZD\DFRPSDULVRQRIGLIIHUHQWILUHEULJDGHVPLJKWEH
SRVVLEOH
'DWD RQ VXSSUHVVLRQ FDSDELOLW\ RI WKH ILUH EULJDGH VKRXOG EH FROOHFWHG WR YHULI\ WKH
HQJLQHHULQJPRGHOXVHGLQWKLVSDSHU7KHPD[LPDOWUHDWDEOHILUHVL]HFRXOGEHDQLQGLFDWRUIRU
WKLV FDSDELOLW\ $FFRUGLQJO\ GDWD RQ WKH ILUH VL]H DQG VXFFHVV RI WKH ILUH EULJDGH VKRXOG EH
FROOHFWHG
,W LV VHHQ WKDW WKH LQWHUDFWLRQ RI WKH SDUDPHWHUV LV LPSRUWDQW IRU GHWHUPLQLQJ WKH RXWFRPH
7KHUHIRUHGDWDVKRXOGEHUHSRUWHGFRPSOHWHO\DVSRVVLEOHIRUILUHLQFLGHQWV7KLVSURYLGHVD
EDVLV WR DVVHVV WKH FRUUHODWLRQ EHWZHHQ WKH GLIIHUHQW SDUDPHWHUV )XUWKHU LI WKH ILUH EULJDGH
LQWHUYHQWLRQ LV FRQVLGHUHG LQ WKH VWUXFWXUDO VDIHW\ GHVLJQ WKHQ WKH LQWHUDFWLRQ HIIHFWV RI WKH
SDUDPHWHUVVKRXOGEHFRQVLGHUHGWRR



)LJ6HQVLWLYLW\LQGLFHVZLWK D DQGZLWKRXW E FRQVLGHULQJWKHXQFHUWDLQWLHVDVVRFLDWHG
ZLWKWKHILUHEULJDGHLQWHUYHQWLRQ

5()(5(1&(6
&DGRULQ-'3LQWHD -)UDQVVHQ  7KH'HVLJQ)LUH7RRO2=RQH97KHRUHWLFDO
'HVFULSWLRQDQG9DOLGDWLRQRQ([SHULPHQWDO)LUH7HVWV8QLYHUVLW\RI/LHJH%HOJLXP
)LVFKHU . - .RKOHU 0 )RQWDQD  0 + )DEHU   :LUWVFKDIWOLFKH 2SWLPLHUXQJ LP
YRUEHXJHQGHQ%UDQGVFKXW],QVWLWXWIU%DXVWDWLNXQG.RQVWUXNWLRQ(7+=ULFK
)RQWDQD0-3)DYUH &)HW]  $VXUYH\RIEXLOGLQJILUHVLQ6ZLW]HUODQG
)LUH6DIHW\-RXUQDO
+ROERUQ3*3)1RODQ -*ROW  $QDQDO\VLVRIILUHVL]HVILUHJURZWKUDWHVDQG
WLPHVEHWZHHQHYHQWVXVLQJGDWDIURPILUHLQYHVWLJDWLRQV)LUH6DIHW\-RXUQDO




94


+RVVHU ' $ :HLOHUW & .OLQ]PDQQ 5 6FKQHWJ|NH  & $OEUHFKW  
6LFKHUKHLWVNRQ]HSW ]XU %UDQGVFKXW]EHPHVVXQJ %UDXQVFKZHLJ ,QVWLWXW IU %DXVWRIIH
0DVVLYEDXXQG%UDQGVFKXW]
/RQGRQ)LUH%ULJDGH  2XU3HUIRUPDQFH/RQGRQ8./)%
1)%6   )LUH 6WDWLVWLFV  *UHDW %ULWDLQ  'HSDUWPHQW IRU &RPPXQLWLHV DQG
/RFDO*RYHUQPHQW
6DOWHOOL $ 0 5DWWR 7 $QGUHV ) *DPSRORQJR - &DULERQL ' *DWHOOL 0 6DLVDQD  6
7DUDQWROD  *OREDOVHQVLWLYLW\DQDO\VLV-RKQ:LOH\
6lUGTYLVW 6   &RUUHODWLRQ EHWZHHQ ILUHILJKWLQJ RSHUDWLRQ DQG ILUH DUHD DQDO\VLV RI
VWDWLVWLFV)LUH7HFKQRORJ\
6FKZDQLW]%  %HZHUWXQJGHU9HUVDJHQVZDKUVFKHLQOLFKNHLWYRQ/|VFKPDVVQDKPHQGHU
)HXHUZHKU GXUFK $XVZHUWXQJ YRQ (LQVDW]VWDWLVWLNHQ XQG ,QWHJUDWLRQ GHU (UJHEQLVVH LQ
HLQSUREDELOLVWLVFKHV9HUVDJHQVPRGHOO78%UDXQVFKZHLJ'LSORPD7KHVLV
7LOODQGHU.  8WLOLVDWLRQRIVWDWLVWLFVWRDVVHVVILUHULVNVLQEXLOGLQJV977%XLOGLQJDQG
7UDQVSRUW(VSRR)LQODQG+HOVLQNL8QLYHUVLW\RI7HFKQRORJ\3K'7KHVLV
7yPDVVRQ % - %HQJWVVRQ ' 7KRUVWHLQVVRQ  % .DUOVVRQ   $ 3UREDELOLVWLF 5LVN
$QDO\VLV 0HWKRGRORJ\ IRU +LJKULVH %XLOGLQJV WDNLQJ LQWR $FFRXQW )LUH 'HSDUWPHQW
,QWHUYHQWLRQ 7LPH 3URFHHGLQJV RI WKH WK ,QWHUQDWLRQDO 6\PSRVLXP RQ )LUH 6DIHW\
6FLHQFH.DUOVUXKH*HUPDQ\





95

ApplicationofStructuralFireEngineering,1920April2013,Prague,CzechRepublic

STOCHASTIC FINITE ELEMENT METHODS FOR THE
RELIABILITY-BASED FIRE-RESISTANT DESIGN OF STRUCTURES
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Abstract
A reliability-based design methodology is needed to reconcile the uncertainty and ensure a
consistent level of safety is provided in engineered structural fire designs. This paper presents
the application of two stochastic finite element methods, namely the First- and Second-Order
Reliability Methods and Monte Carlo Simulation, to the design of structures subjected to fire.
An example of a protected steel column subjected to natural fire is presented. A numerical
investigation of the evolution of the failure probability with time demonstrates that analytical
reliability methods improve the efficiency of the simulation, although significant errors arise
when treating the fuel load as a random parameter. Further analysis reveals a “kink” in the
response surface due to the lack of sensitivity to the fuel load during the heating phase of fire
development. Utilization of an alternative fire model overcomes this limitation.
Keywords: stochastic finite element method, first-order reliability method, Monte Carlo
simulation, structural reliability
INTRODUCTION
The primary objective of engineering design is to produce a system that has strength that
exceeds the load demand. However, both the strength and demand of a system naturally
exhibit a large amount of randomness. In the fire-resistant design of building structures, the
fuel load density, thermal and mechanical properties of materials, and mechanical loads are
random in time, leading to a considerable amount of uncertainty in the structural response.
Safety factors are often used in engineering design to limit the failure probability in light of
uncertainty. Although such design philosophies generally lead to an acceptable level of safety
and are easy to implement due to the straightforward manner of the design, they are only the
first level of reliability-based design, i.e., the randomness has been taken into account but the
reliability of the system is not explicit quantified.
In recent decades, with major developments in the field of structural fire engineering, there is
a tendency to replace current prescriptive codes with performance-based design codes. The
performance-based design focuses on meeting target levels performance for given design
events, thus encouraging engineers to apply new materials and technologies to achieve
solutions that are beyond the prescriptive codes. In performance-based design, reliability
evaluation plays an important role in ensuring that the limit state requirements are achieved
with an acceptable level of safety. A number of researchers have conducted reliability
analyses and safety assessments for structures exposed to fire in recent years (Magnusson and
Petterson 1980/81; Mehaffey and Harmathy 1984; Beck, 1985; Shetty et al., 1998; Fellinger
and Both, 2000; Iqbal and Harichandran, 2010, 2011; Khorasani et al., 2012; Guo et al., 2012;
Guo and Jeffers, 2012)
This paper presents the application of two stochastic finite element methods, namely the Firstand Second-Order Reliability Methods (FORM/SORM) and Monte Carlo Simulation (MCS),
to evaluate the reliability of a column that was designed according to the prescriptive code in
the U.S. A comparison was conducted between the analytical reliability methods
(FORM/SORM) and Monte Carlo Simulation. The SORM shows a potential to evaluate the
reliability problem of a nonlinear limit state curve with improved accuracy and computational
efficiency. However, the following study demonstrates that challenges arise when treating the
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fuel load density as a random parameter for a parametric fire model (e.g., the Eurocode
parametric fire) that is not sensitive to the fuel load during the heating phase.
1

METHODS OF ANALYSIS

Three sequentially coupled processes are needed to simulate the structural response under fire:
(1) a fire simulation (i.e., parametric fire curve, zone model, or computational fluid dynamics
model) to determine the thermal boundary conditions at the structural surface, (2) a heat
transfer analysis to determine the temperatures within the structure under the specified
boundary conditions, and (3) a structural analysis to determine the mechanical response of the
structure. Uncertain parameters appear in each domain, and all of them will affect the final
structural response due to the coupling of the various models.
Monte Carlo Simulation (MCS) is the most popular sampling method to evaluate the
reliability of structures in fire. It is a versatile tool that can account for uncertainty in any
number of parameters as well as the coupling between various domains. However, MCS
requires a large sample of parameters, particularly for quantifying the reliability in systems
with low probabilities of failure. MCS therefore involves excessive computational costs,
although some advanced MCS methods have been introduced in recent years to improve the
efficiency of the method.
The First-Order and Second-Order Reliability Methods (FORM/SORM) are a class of
analytical reliability methods. These two methods simplify the limit state function by a firstorder and second-order Taylor expansion about the “design point,” as shown in Fig. 1. The
design point is defined as the point on the limit state curve which has the shortest distance to
the origin in standard normal space. The probability of failure evaluated by FORM and
SORM is equal to the integration of the joint probability density function on one side of the
approached limit state function. As all parameters have been transformed to standard normal
space as independent, normally distribution parameters, the integral can be simplified as
Pf _ FORM  1  
(1)
and
n 1



Pf _ SORM   

i 1

1
1 

i

(2)

where is the distance from the design point to the origin,  is cumulative density function
for a standard normal distribution,  i is the principle curvature, and ( ) is given as







,
 
where  is the probability density function for a standard normal distribution.

(3)

Fig. 1 Calculation of failure probability using FORM/SORM (Haldar and Mahedevan, 2000)
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2

CASE STUDY

A protected and ideally pinned steel column subjected to natural fire is analysed here. As
shown in Fig. 2, the column is the interior column D2 in the second floor of a four-story
building introduced in AISC (2011). According to the design requirement, a W12x65 section
was chosen for strength, and its geometric properties are shown in Fig. 3. The fire resistance
design used a cementitious spray-applied fire resistant material (SFRM). In order to achieve a
2-hour fire resistance rating, the thickness of 28.6mm (9/8 in.) was selected from UL fire
resistance directory, although in the reliability analysis the thickness was taken to be 1.6mm
greater than the design thickness based on the fact that the actual thickness tends to be larger
than the design value in construction (Iqbal and Harichandran, 2010).
Natural fire exposure was modelled by the Eurocode parametric fire (EC1, 2007). The column
shown in Fig. 3 was first modelled deterministically to evaluate response under natural fire
exposure. The column was given a rather large initial imperfection of L/100 to increase the
failure probability of the structure; this was done to ensure that discrepancies in the computed
failure probabilities were due to the FORM/SORM calculation rather than inadequate
sampling in the MCS. The opening factor O was assumed to be 0.04 m1/2 to ensure that the
fire was ventilation controlled. The values of thermal inertia b and fuel load density et shown
in Table 1 were based on the mean values reported in (Culver, 1976; Iqbal and Harichandran,
2010). In the heat transfer analysis, the exposed surface was heated by convection and
radiation assuming that the convection heat transfer coefficient h was 35 W/m2K and the
effective emissivity  of the structural surface was 0.8. The SFRM was assumed to have a
density of 300 kg/m3, a conductivity of 0.12 W/mK, and a specific heat capacity of 1200
J/kgK (Buchanan, 2002). In the structural model, the design dead and live loads were 1226
kN and 605 kN respectively. In the reliability analysis, the design dead load was multiplied by
a factor of 1.05 and the design live load was multiplied by a factor of 0.24 to get the values at
an arbitrary point in time (Ellingwood, 2005). The total column load w was calculated by

Fig. 2 Floor plan

Fig. 3 Geometric properties of the column

Table 1. Statistical properties for the uncertain parameters
Parameter
Fuel Load
Room
Properties
Thermal Initial
Thickness
Properties of
SFRM
Conductivity
Yield (at 20C)
Dead Load
Live Load
Parameters in
structural
A Factor
model
B Factor
E Factor

Mean Value
564 MJ/m2
423.5 Ws0.5/m2K
30.2 mm
0.120 W/mK
359 MPa
1287.6 kN
145.3 kN
1
1
1
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Distribution
Gumbel
Normal
Lognormal
Lognormal
Normal
Normal
Gamma
Normal
Normal
Normal

COV
0.62
0.09
0.2
0.12
0.08
0.1
0.24
0.04
0.2
0.05

Sensitivity
1.161
0.0058
-1.561
1.342
-1.740
2.729
0.308
2.729
0.308
3.037

Fig. 4 Simulation results: (a) Fire and column temperatures, and (b) Structural response

w  E  ( A  PDL  B  PLL ) .

(4)

where A, B, and E are load factors given by (Iqbal and Harichandran, 2010).
The fire and steel temperature from the deterministic analysis (using mean values for the input
parameters) are shown in Fig. 4a as the red solid line. The maximum fire temperature arrived
around 45 min and was approximately 1100 C . Under this heating, the column reached a
maximum temperature of approximately 400 C around 75 min. As shown in Fig. 4b, the
column maintains structural stability for the duration of the fire exposure.
A Monte Carlo Simulation with a sampling space of 10,000 was conducted here. In order to
reduce the number of random parameters, a sensitivity analysis had been conducted and ten
“key” parameters (given in Table 1) were chosen as random based on their sensitivity
coefficient and range of variability. A group of natural fire curves were obtained using the
statistical properties for the fire parameters. The mean fire temperature with the 0.05 and 0.95
fractiles is shown in Fig. 4a. The maximum fire temperature exceeded 1,200 C in the most
severe case. The mid-height lateral deflection is plotted in Fig. 4b for the mean value as well
as the 0.05 and 0.95 fractiles.
To evaluate the reliability of the system, failure was defined as the maximum mid-height
lateral deflection of L/150  0.028m. In the MCS, the probability of failure was calculated by
evaluating the total ratio of failed simulations, i.e.
Pf 

nf
n

,

(5)

where nf is the number of failed simulations and n is the total number of simulations. The
failure probability as a function of time is shown in Fig. 5a for both the MCS and FORM
analysis. As the FORM uses a first-order Taylor expansion of the limit surface, there is
significant error in the calculation, although it is noted that the result is conservative. It should
also been noticed that the column which was considered to be safe by the deterministic
analysis had a 30% probability of failure under natural fire exposure. However, the large
probability of failure was likely due to the large initial imperfection that was assumed.
3

COMPARISON OF METHODS

To better understand the source of the discrepancies between the FORM and MCS results, an
in-depth study of the response and response surface was conducted for various combinations
of the parameters given in Table 1. It was found that the FORM gave excellent agreement
with the MCS for all combinations of parameters except when the fuel load et was treated as a
random parameter. It was hypothesized that the error could result from the fact that the
response surface was possibly nonlinear. However, a second-order reliability analysis using
the SORM gave equally poor results for this case, as illustrated in Fig. 5b.
The problem was reduced to two random parameters and the response surface plotted in Fig. 6.
In Case 1, the fuel load et and the thermal inertia of the compartment b were treated as
random parameters. To simplify the analysis, the distribution of the fire load was assumed to
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follow a lognormal distribution rather than Gumbel distribution. The response surface for
Case 1 illustrates a “kink” in the response surface, which resulted in a limit state function that
was practically bilinear. This resulted in significant error in the failure probability for both
FORM and SORM, as illustrated in Fig. 5b. For comparison, Case 2 considered the dead load
PD and thermal inertia b as random. It can be seen that the response surface for Case 2 was
close to linear, giving reason as to why the FORM was able to yield a high level of accuracy
for this case.
The source of the bilinear nature of the response surface was suspected to stem from the fact
that the fire temperature from the parametric fire curve was not sensitive to the fuel load
during the heating phase (i.e., the fuel load only affects the duration of heating in the
Eurocode parametric fire). Therefore, the problem was reanalysed using the fire model
proposed by Ma and Makelainen (2000), which uses an exponential function that depends on
the fuel load during both heating and cooling phases of development. The response surface for
this case (Case 3) is shown in Fig. 6c. It can be seen that the fire temperature computed by the
Ma and Makelainen model leads to a smooth (albeit nonlinear) response surface. The failure
probability for this case (shown in Fig. 6c) illustrates that the FORM is not able to capture the
nonlinear behaviour of the response. However, the SORM yields excellent agreement with the
MCS, as shown in Fig. 6c. The FORM and SORM are more efficient than the MCS. In case 3,
FORM and SORM spent around 2.6 hours and 3.3 hours respectively to obtain the reliability
curve, but the MCS need 7 hours running in 20 parallel high-performance computing nodes.

(a)

(b)

(c)

Fig. 6 Response surface (a) Case 1, (b) Case 2, (c) and Case 3
4

CONCLUSION

Two kinds of reliability methods were used to analyse the structural response in fire where
uncertain parameters appeared in multiple physical domains. The comparison between the
analytical method (FORM) and the Monte Carlo simulation demonstrates that the FORM
exhibits acceptable accuracy and offers significant saving in computational cost. Furthermore,
the accuracy of the analytical reliability methods can be improved by the SORM with a
second-order approximation of the limit state function. However, the accuracy of both FORM
and SORM is dependent on the shape of the response surface. For the Eurocode parametric
fire curve, the response surface has a kink, which leads to significant error that cannot be
resolved with a higher order analysis. Nevertheless, this novel application of the analytical
reliability method provides an efficient computation of the time-variant probability of failure,
which allows the realization of high-level reliability-based designs in fire engineering.
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Abstract
An operation of fire protection equipment may be dangerous for intervening fire-fighters in
some cases. Therefore, it is necessary, in addition to the analysis of fire development which
includes a description of real fire scenarios, to affect active response of fire safety measures.
In 2009 the complex automatic fire protection equipment of coal handling route was installed
into operation in Tušimice power plant. However, after starting the operation it showed that
activation of the extinguishing system on the inclined conveyor bridge threatened the health
and life of fire-fighters conducting an intervention.
In the paper an interactive algorithm that ensures a flexible cooperation intervening firefighters and automatic extinguishing system without a risk of fire-fighters life is investigated.
Possible fire scenario is analysed in FDS. By numerical simulation applicability of the
algorithm is confirmed. Development of gas temperatures in strong chimney flow gives also a
view into part of mechanical response of structure.
Keywords: coal handling bridge, fire-fighters intervention, automatic extinguishing system,
numerical simulation, fire development
INTRODUCTION
In 2009 the installation of a complex fire protection equipment of coal handling route was
started in Tušimice power plant. Equipment consisted of sensors of temperature above and
under belts, coal dust sucking off, alarm system and automatic extinguishing system with
sending signals to 3 different surveillance locations. Automatic extinguishing system was set
to start in 5 min after fire alarm. However this time limit was insufficient to complete a fire
survey by fire-fighters. In case of automatic extinguishing, very dangerous conditions for firefighters originated from the water flowing down on inclined coal handling bridge. Moving on
inclined greasy floor covered with continuous flush of water (about 6760 l/min) was found as
life-threatening. In the first moment there were two solutions. To stop using of automatic start
of extinguishing system – the solution could lead to a big fire, or to do not realize fire surveys.
The second solution was not acceptable because of high number of false alarms (in last 8
years - 676 false alarms). Extinguishing by false alarm would cause several days of lay-by of
power plant and loss of 40.000 Euros per day.
The solution was found as an interactive algorithm of interoperability, which enables both an
elimination of false alarms or competent control of fire-fighting and automatic extinguishing
and cooling of construction in the shortest possible time in difficult conditions of the inclined
coal conveyor bridge.
1

DESCRIPTION OF INCLINED COAL HANDLING BRIDGE

Coal handling bridge T12 of Tušimice power plant consists of coated steel truss construction
inclined in angle of 16°, see Fig. 1 and Fig. 2. Total length of 170 m reaches the height of 47
m. The bridge is 7 m width and 3,3 m high. Steel structure consisted of trusses with upper and
lower stiffening trusses is covered by aluminium sheet, window openings are made of
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reinforced glass. Massive rigid frames are spaced at 3 m. Bottom deck laying bellow two
conveyors with rubber belts is made of reinforced concrete. By the aid of fire protection walls
the coal handling bridge is divided into 2 fire compartments of lengths 102 m and 68 m.
However, because of conveyors going through there are big holes in the fire partitions.

Fig. 1 Construction of coal handling bridge T12
2

Fig. 2 Tušimice power plant

DESIGN FIRE SCENARIOS

Four main reasons of the fire on the coal handling bridge can be specified:
•
•
•
•

seized rollers under the belt causes ignition of the elastic rubber belt (ignition
temperature – 460 °C), after burning the coal on the belt can ignite, the belt may
sever, and swirling coal dust can explode (scenario A)
sparkle from the seized roller can initiate ignition of coal dust – thanks to regular
cleaning it is not probable
transport of fire outbreak from outside – burning of coal followed by burning of belt
or reversely (scenario B)
failure of wiring, human mistake, nature element – burning of coal or coal dust,
ignition of belt (with previous reason compiled to scenario B)

2.1 Scenario A
Burning of the bottom of belt and its subsequent rupture causes whirling of burning materials
and the coal dust. This may exceed the limits of coal dust explosion. Early detection of fire
from the bottom of the belt is possible only by monitoring the temperature in the area of
rollers. Linear heat detectors are installed in the area of conveyors rollers. When the detected
temperature is higher than 80 °C, signal is sent to local fire station. However indication of
higher temperature does not start any extinguishing sequence. Starting of automatic
extinguishing system is not favourable in this case because of a small effect of extinguishing
during burning at the bottom side of the belt and conveyors cannot be stopped, because the
belt does not ignite during movement. This fire scenario is not further considered because
automatic extinguishing does not start.
2.2 Scenario B
In this scenario fire detection is possible by monitoring the temperature above the belt. After
detection of the temperature higher than 80 °C belts are stopped and fire intervention is
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started. The fire development can be determined by calculation of the design fire with
following conditions:
•
•
•
3

the most conservative case is considered (both belts are full of coal)
a rupture of the belt is not reached
an explosion of coal dust is not included

NUMERICAL SIMULATION

In inclined bridge there is a strong chimney effect, which accelerates the combustion on one
side and intensively cools the construction of the bridge on the other side. Cold air is sucked
by lower openings and heated by burning of coal on handling bridge. Holes in fire walls allow
air flow to upper part of the bridge where the hot air can leave by upper openings. Numerical
simulation based on CFD analysis is the most suitable method for solution of this problem.
Fire scenario B is studied numerically by FDS 5 (McGrattan, 2010).
3.1 Description of model
One of the FDS model of inclined bridge is shown in Fig. 3. The dimension of the
computational domain is 165 m by 7 m by 50,5 m. The size of openings for conveyors in the
lower, middle and upper fire walls is 2 x 2 m by 1,3 m, middle fire wall is placed in two-thirds
of the bridge. In the model there are 6 different materials including steel, concrete, plaster, fire
brick, coal and rubber. The detailed properties of these materials are described in (Entler,
2013). Properties of burning materials come from Catalogue of brown coal 2009-2010 of
mining company SD a.s. and Czech standard CSN 73 0804. Surface properties of the
obstructions in the FDS model include steel sheets, concrete bottom deck, plaster and fire
brick walls, coal layer and rubber belts. Nominal movement of the conveyor belt of 2 m/s is
simulated by air flow. Heat release rate, air velocity above the centre of fire, the air
temperature below the ceiling and the wall temperature of the structure of the bridge are
measured in 10 min (time needed for fire-fighters intervention).

Fig. 3 FDS model of inclined coal handling bridge
Minimum flaming core which causes stopping of belts was found by iteration method. This
size depends on parameters of a specific used coal. In this case the minimum flaming core is
40 x 40 x 30 cm. The focus of these dimensions stops the belt after driving of 40m.
During the study two different approaches were analyzed: a model of bridge with inclined
construction and ranked grid as stairs (approach A) and a model of bridge with horizontal
construction and horizontal cells of grid with inclined vector of gravitational forces (approach
B). The final model leading to probable results (approach A) was compiled from a total of 35
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computational grids of two sizes of cells. Basic cell size was 6 x 6 x 6 cm, cell size on
continuous parts of the bridge was 12 x 24 x 12 cm. The total number of computational grid
cells reached 1,8 mil.
3.2 Fire development
Based on the above findings, the fire outbreak is placed at 40 m from the beginning of the
bridge. After 20 s of moving on the belt, the temperature of 80°C is detected and belt is
stopped. Diagram of relative air flow shows fast movement of the flaming core inside the
bridge, then stopping of the belts is proved, see Fig. 4. After stabilization of air flow
equilibrium the fire starts to burn up and the flow rate gradually increases. From development
of rate of heat release shown at Fig. 5, it is obvious that burning the fire up starts after 2 min.
The fire spreads upward, in the direction of air flow. Till the 7th min the fire involves only
one belt of the bridge. Then it starts to spread to its width - to the second belt. Because of lack
of oxygen in upper part of the bridge flames start to spread in the down direction after 7 min.

Fig. 4 Air flow above the fire outbreak

Fig. 5 Rate of heat release

The gas temperature measured below the ceiling, fluctuates significantly. Development of gas
temperature in several locations in longitudinal direction of the bridge, below and above the
place of ignition is calculated. The trend of the transfer of warm air along the air flow
direction is evident. The highest gas temperatures occur between 40 m and 70 m from the
beginning of the bridge (450 -950 °C). Maximum temperature of the structure which forms
the ceiling reaches more than 800 °C in the most affected part. However the highest
temperatures occur only at small areas for short intervals of time. Average temperatures of
members of ceiling construction are less than 300 °C.
4

INTEROPERABILITY ALGORITHM

The solution of interoperability interactive algorithm is based on an analysis of fire-fighters
intervention of fire scenarios. The necessary fire precautions, however, varies according to the
fire scenario:
• Detection of elevated temperature in the area of rollers (scenario A) does not start any
extinguishing sequence and requires immediate control of coal handling operation by
fire-fighters. Until the belts stop, there is sufficient time for the fire survey.
• When a fire on belt is detected (scenario B) automatic extinguishing is started within 2
min from the announcement of a fire to prevent the risk of ignition of a conveyor belt.
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• Before the activation of automatic extinguishing the fire-fighters intervention is
expected. Within 1 min after fire alarm head of the fire intervention decides. To carry
out a comprehensive survey of the conveyor bridge time of 10 min is required.
Therefore, the delay of automatic extinguishing for management of fire intervention is
allowed to the head of the intervention by technically interactive form, but no longer
than 10 min from the fire alarm announcement.
• In order to prevent the spread of fire and prevent rupture of a conveyor belt, firefighting must be started manually immediately after the confirmation of a fire by firefighters, at latest 7 min after alarm.
• Elimination of risk of breakage of conveyor belt, which is critical for both fire
scenarios, can be ensured by excluding stopping of belts. In practice it is still
considered to be the only method to prevent the breakage.
• Delay of automatic extinguishing is made by mechanism of interactive algorithm that
allows changing of fire safety operations in accordance with the current development
of a fire.
Fig. 6 shows 3 phases of the interoperability. The phase 1 describes a situation when the firefighters intervention is not realised. The phase 2 shows a fire safety process when the
intervention is carried out. In case the fire is not confirmed or cancelled during fire-fighters
intervention, the process follows algorithm described in phase 3.

Fig. 6 Interoperability interactive algorithm
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5

SUMMARY AND ACKNOWLEDGMENT

Based on the requirements for the interaction of fire safety equipment and fire-rescue units
new interactive algorithm was developed. This algorithm has been successfully operated since
2010 in power plant Tušimice II. Number of tests was performed to confirm its functionality.
The algorithm has been further improved and has already been installed on another power
plant Tisová.
Numerical simulation proved that the evolution of the fire is based on flammability of coal
and rubber conveyer belts. Brown coal burned in the power plant is less flammable compared
to the material of belts. In case the coal is ignited, fire development is very slow and due to
the high speed of conveyors transporting the coal it is unlikely probable that the fire occurs on
the coal handling bridge. The development of the fire, therefore, depends on the ignition of
the conveyor belt, because the fire will spread rapidly at the moment of ignition of a rubber
belt. Analysis of all forms of design fire scenarios and CFD models proved that rubber-textile
conveyor belts are critical site of fire safety on coal handling bridge. To avoid the risk of fire,
regardless its place of origin it is therefore necessary to use a self-extinguishing (fire and
flame resistant) conveyor belts.
Analysis of the main design fire scenario in FDS which shows probable fire development
confirmed the applicability of the algorithm. By calculation of gas temperature and average
temperature of the structure at the most affected part of the bridge in 10 min (time needed for
fire-fighters intervention), it is proved that upper construction of the bridge should in the
worst case of fire survive only with local damages.
Work on the research presented in this paper is supported by project grant LD11039 and
SGS12/122/OHK1/2T/11.
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,Q UHFHQW \HDUV EULGJH ILUHV DUH EHFRPLQJ D JURZLQJ FRQFHUQ KRZHYHU WKHUH LV QR VSHFLILF
UHTXLUHPHQWV LQ FRGHV DQG VWDQGDUGV IRU GHVLJQ RI EULGJH VWUXFWXUDO PHPEHUV DJDLQVW ILUH
KD]DUG 7KLV SDSHU SUHVHQWV DQ DSSURDFK IRU GHYHORSLQJ DQ LPSRUWDQFH IDFWRU IRU GHVLJQ RI
EULGJHVDJDLQVWILUHKD]DUG7KHSURSRVHGLPSRUWDQFHIDFWRUWDNHVLQWRDFFRXQWWKHGHJUHHRI
YXOQHUDELOLW\ RI D EULGJH WR ILUH DQG DOVR WKH FULWLFDO QDWXUH RI D EULGJH IURP WUDIILF
IXQFWLRQDOLW\SRLQW7KHSURSRVHGLPSRUWDQFHIDFWRUIRUILUHGHVLJQZKLFKLVVLPLODUWRWKHRQH
FXUUHQWO\ XVHG IRU HYDOXDWLQJ ZLQG DQG VQRZ ORDGLQJ LQ EXLOGLQJV LV YDOLGDWHG DJDLQVW
SUHYLRXVEULGJHILUHLQFLGHQWV,WLVVKRZQWKURXJKWKLVYDOLGDWLRQWKDWWKHSURSRVHGPHWKRGIRU
LPSRUWDQFHIDFWRUFDQEHXVHGDVDSUDFWLFDOWRROIRULGHQWLI\LQJFULWLFDOEULGJHVIURPWKHSRLQW
RI ILUH KD]DUG DQG DOVR WR GHYHORS UHOHYDQW GHVLJQ VWUDWHJLHV IRU PLWLJDWLQJ ILUH KD]DUG LQ
EULGJHV
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7KHUH KDYHEHHQ QXPHURXV ILUH LQFLGHQWV LQEULGJHVLQ UHFHQW \HDUV DQG LQ VRPH FDVHV WKHVH
ILUHV OHDG WR VLJQLILFDQW GDPDJH RU FROODSVH RI EULGJHV .RGXU HW DO   7KH PDMRULW\ RI
WKHVH EULGJH ILUHV DUH FDXVHG E\ FROOLVLRQ RI YHKLFOH ZLWK RWKHU DXWRPRELOHV RU EULGJH
VWUXFWXUDOPHPEHUV *DUORFNHWDO %DLHWDO*XWKULHHWDO KHQFHILUHVLQ
EULGJHVFDQEHH[SORVLYHLQQDWXUH7KLVKDVEHHQDWWULEXWHGWRWKHIDFWWKDWFROOLVLRQVRFFXUDW
KLJK VSHHGV OHDGLQJ WR EXUQLQJ RI KLJKO\ IODPPDEOH K\GURFDUERQ EDVHG IXHOV 7KXV EULGJH
ILUHVFDQUHDFKH[WUHPHO\KLJKWHPSHUDWXUHV LQWKHUDQJHRI&&RUPRUH LQWKHILUVWWKLUW\
PLQXWHV ,Q VRPH FDVHV ILUHV FDQ LQGXFH VLJQLILFDQW FDSDFLW\ GHJUDGDWLRQ LQ VWUXFWXUDO
PHPEHUVGXHWRORVVRIVWUHQJWKDQGVWLIIQHVVSURSHUWLHVRIFRQVWLWXHQWPDWHULDOVZKLFKRIWHQ
OHDG WR SDUWLDO RU IXOO FROODSVH RI EULGJHV %DL HW DO  *XWKULH HW DO   (YHQ LQ WKH
FDVH RI PLQRU ILUH LQFLGHQWV ZKHUH QR FROODSVH RFFXUV SURSHU LQYHVWLJDWLRQ LQVSHFWLRQ DQG
PDLQWHQDQFHLQ WKH DIWHUPDWK RI D ILUH LQFLGHQW LV UHTXLUHG EHIRUH WKH EULGJH LV RSHQHG WR
WUDIILF 6KXWWLQJ GRZQ D EULGJH IRU PDLQWHQDQFH ZRXOG UHTXLUH WUDIILF GHWRXULQJ WR QHDUE\
URXWHVZKLFKFDQLPSRVHVLJQLILFDQWWUDIILFGHOD\VLQWKHDIIHFWHGUHJLRQ
%ULGJHVGXULQJWKHLUVHUYLFHOLIHDUHH[SRVHGWRPXOWLSOHORDGLQJVDQGYDULRXVULVNV,QUHFHQW
\HDUV WKHUH LV DQ LQFUHDVH LQ VKLSSLQJ RI KD]DUGRXV PDWHULDOV VSRQWDQHRXVO\ FRPEXVWLEOH
PDWHULDOV DQG GDQJHURXV PDWHULDOV 86 'HSDUWPHQW RI 7UDQVSRUWDWLRQ   )XUWKHU
EULGJHVDUHRSHQWR JHQHUDOSRSXODWLRQDQGHDVLO\DFFHVVLEOHWRSXEOLF ZLWKPLQLPXPRUQR
VHFXULW\DWDOOKHQFHWKH\ DUHVXVFHSWLEOHWRYDQGDOLVPZKLFKFDQRIWHQOHDGWRILUHV 6$,&
 
$OWKRXJKILUHUHSUHVHQWVDVLJQLILFDQWKD]DUGWREULGJHVLWLVVWLOORIDUDUHRFFXUUHQFHDQGLQ
PDQ\ FDVHV WKHVH ILUHV PD\ EXUQRXW TXLFNO\ RU DUH H[WLQJXLVKHG WKURXJK ILUHILJKWLQJ $V D
UHVXOWLWLVQRWHFRQRPLFDORUSUDFWLFDOWRGHVLJQDOOEULGJHVIRUILUHKD]DUG2QO\EULGJHVWKDW
DUHDWKLJKULVNIURPWKHSRLQWRIILUHKD]DUGDUHWREHGHVLJQHGIRUILUHVDIHW\)LUHKD]DUGLQ
EULGJHVFDQEHRYHUFRPHWRDFHUWDLQH[WHQWWKURXJKSURYLVLRQVRIDSSURSULDWHILUHUHVLVWDQFH
WR VWUXFWXUDO PHPEHUV VXFK DV JLUGHUV SLHUV HWF *DUORFN HW DO   )RU HYDOXDWLQJ ILUH
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GHVLJQ RI EXLOGLQJV FDQ EH TXLWH XVHIXO,Q JHQHUDO ILUH UHVLVWDQFH LV DFKLHYHG YLD SURSHU
GHVLJQ VHOHFWLRQ RI PDWHULDOV DQG GHWDLOLQJ RI WKH VWUXFWXUDO PHPEHUV 8QIRUWXQDWHO\ DW
SUHVHQW WKHUH DUH QR VSHFLILF UHTXLUHPHQWV LQ FRGHV DQG VWDQGDUGV IRU ILUH UHVLVWDQFH RI
VWUXFWXUDOPHPEHUVLQEULGJHV+HQFHWKLVSDSHUSUHVHQWVWKHGHYHORSPHQWRIDQLPSRUWDQFH
IDFWRUIRUILUHGHVLJQRIEULGJHV
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7KH LPSRUWDQFH IDFWRU IRU DVVHVVLQJ ILUH ULVN LQ D EULGJH LV PDLQO\ D IXQFWLRQ RI ILUH
SHUIRUPDQFH RI VWUXFWXUDO PHPEHUV LQ D EULGJH DQG LPSDFW RI ILUH RQ WUDIILF IORZ 7KH ILUH
SHUIRUPDQFHRIDEULGJHLVLQIOXHQFHGE\WKHGHJUHHRIYXOQHUDELOLW\RIVWUXFWXUDOPHPEHUVWR
DILUH2QWKHRWKHUKDQGWKHLPSDFWRIILUHRQDEULGJHLVGHSHQGHQWRQWKHFULWLFDOQDWXUHRI
WKHEULGJH IURP WKHSRLQW RI WUDIILF IXQFWLRQDOLW\ 6RPH RI WKH NH\ IDFWRUV WKDW LQIOXHQFH WKH
ILUHSHUIRUPDQFHRIEULGJHVDUHGLVFXVVHGEHORZ
9XOQHUDELOLW\RIEULGJHVWRILUH
7KH NH\ IDFWRUV WKDW FRQWULEXWH WR YXOQHUDELOLW\ RI EULGJHV WR ILUH KD]DUG DUH JHRPHWULFDO
IHDWXUHVPDWHULDOVXVHGLQFRQVWUXFWLRQORDGLQJDQGUHVWUDLQWFRQGLWLRQVDQGILUHLQWHQVLW\)RU
LQVWDQFH VOHQGHUQHVV DQG ODWHUDO UHVWUDLQW WR VWUXFWXUDO PHPEHUV XVHG LQ VWHHO EULGJHVFDQ
VLJQLILFDQWO\ DIIHFW ORFDO RU WRUVLRQDOEXFNOLQJRIJLUGHUVXQGHUILUHFRQGLWLRQV2QWKHRWKHU
KDQGFRQFUHWHFRYHUWKLFNQHVVWRLQWHUQDOVWHHOUHLQIRUFHPHQWKDVDGLUHFWEHDULQJRQWKHILUH
UHVSRQVHRIUHLQIRUFHGFRQFUHWHVWUXFWXUDOPHPEHUVLQFRQFUHWHEULGJHV)XUWKHUWKHWKHUPR
SK\VLFDODQGPHFKDQLFDOSURSHUWLHVRIFRQVWLWXHQWPDWHULDOVVLJQLILFDQWO\DIIHFWWKHUHVSRQVHRI
VWUXFWXUDOPHPEHUVXQGHUILUH,QJHQHUDODOOPDWHULDOVH[SHULHQFHORVVRIVWUHQJWKDQGHODVWLF
PRGXOXVSURSHUWLHVDWKLJKWHPSHUDWXUHVDQGUDWHRIORVVYDU\GHSHQGLQJRQWKHFRPSRVLWLRQRI
WKHVH PDWHULDOV 7KH W\SH DQG LQWHQVLW\ RI ORDGLQJ DV ZHOO DV UHVWUDLQW FRQGLWLRQV FDQ
LQIOXHQFHWKHILUHSHUIRUPDQFHRIVWUXFWXUDOPHPEHUV+LJKORDGOHYHOVVXEMHFWWKHPHPEHUVWR
DGGLWLRQDOVWUHVVHVKHQFHUDSLGGHJUDGDWLRQRIDYDLODEOHFDSDFLW\RFFXUVXQGHUILUH5HVWUDLQHG
VXSSRUW FRQGLWLRQV FDQ VLJQLILFDQWO\ HQKDQFH ILUH UHVLVWDQFH RI IOH[XUDO PHPEHUV GXH WR
GHYHORSPHQW RI ILUH LQGXFHG UHVWUDLQW IRUFHV WKDW FDQ FRXQWHU EDODQFH WKH ORDG LQGXFHG
PRPHQWV )XUWKHU ILUH LQWHQVLW\ LQ D EULGJH ILUH DQG LWV GXUDWLRQ GHSHQG PRVWO\ RQ WKH IXHO
W\SH DQG TXDQWLW\3UHVHQFH RI KLJKO\ IODPPDEOH K\GURFDUERQ SURGXFWV XQOLPLWHG R[\JHQ
VXSSO\ DQG ODFN RI DFWLYH DQG SDVVLYH ILUH SURWHFWLRQ PHDVXUHVFDQ DFFHOHUDWH WKH UDWH RI
JURZWKRIILUHVSURGXFLQJKLJKLQWHQVLW\ILUHV
&ULWLFDOQDWXUHRIEULGJHV
7KH VHFRQG PDMRU IDFWRU WKDW LV WR EH FRQVLGHUHG LQ HYDOXDWLQJ WKH LPSRUWDQFH RI D EULGJH
IURPWKHSRLQWRIILUHKD]DUGLVWKHFULWLFDOQDWXUHRIWKHEULGJHZKLFKLVPDLQO\LQIOXHQFHGE\
WKH EULGJH ORFDWLRQDQG WUDIILF GHQVLW\,I WKH EULGJH LV ORFDWHG LQ D URXWH FRQQHFWLQJ QDWXUDO
REVWDFOHV VXFKDVYDOOH\VRUULYHUV DQGLIWKHUHDUHQR DOWHUQDWLYHURXWHVIRUWUDIILFGHWRXUV
WKHQDQ\FORVXUHRIWKDWEULGJHGXHWRILUHGDPDJHZLOOVLJQLILFDQWO\VORZGRZQRUVKXWGRZQ
WKH WUDIILF LQ WKH UHJLRQ 6LPLODUO\ WUDIILF GHQVLW\FDQ GHWHUPLQH WKH FULWLFDO QDWXUH RI WKH
EULGJH,IDEULGJHLVORFDWHGRQDFRQGHQVHKLJKZD\RULQWKHVXUURXQGLQJVRIXUEDQDUHDWKDW
VHUYHVODUJHQXPEHURIYHKLFOHVGDLO\ORVVRIRSHUDWLRQRIVXFKDEULGJHGXHWRILUHZLOOFDXVH
VLJQLILFDQWWUDIILFGLVUXSWLRQVLQWKHUHJLRQ


$3352$&+72(9$/8$7(,03257$1&()$&725

7KHSURSRVHGDSSURDFKIRULPSRUWDQFHIDFWRULVGHULYHGE\WDNLQJLQWRDFFRXQWWKHYXOQHUDELOLW\
RIEULGJHVWUXFWXUDOPHPEHUVWRILUHDVZHOODVWKHFULWLFDOQDWXUHRIWKHEULGJHWRWKHWUDIILF
IORZ7KHVWHSVDVVRFLDWHGLQWKHGHYHORSPHQWRILPSRUWDQFHIDFWRURIEULGJHVDUHH[SODLQHG
EHORZ
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&DOFXODWLRQRIWKHLPSRUWDQFHIDFWRU
,QRUGHUWRHYDOXDWHWKHLPSRUWDQFHIDFWRURIDJLYHQEULGJHVHYHUDOIDFWRUVDQGSDUDPHWHUVDUH
WREHFRQVLGHUHG7KHSDUDPHWHUVDUHEDVHGRQWKHYXOQHUDELOLW\RIEULGJHVWUXFWXUDOPHPEHUV
WR ILUHDV ZHOO DV WKH FULWLFDO QDWXUH RI WKH EULGJH IURP WUDIILF IORZ FRQVLGHUDWLRQ7KH
YXOQHUDELOLW\ RI D EULGJH WR ILUHDULVHV IURPJHRPHWULF GLPHQVLRQV DQG GHVLJQ IHDWXUHV RI LWV
VWUXFWXUDOPHPEHUVDQGOLNHOLKRRGRIILUHRFFXUUHQFHLQWKHYLFLQLW\RIWKDWEULGJH%DVHGRQ
WKHSUHYLRXV ILUH LQFLGHQWV LQEULGJHV WKRVH IDFWRUVZHUH IRXQGWREH WKH PDMRU FRQWULEXWLQJ
IDFWRUVWRWKHEULGJH¶VVWDWHRIYXOQHUDELOLW\ .RGXUHWDO 
2Q WKH RWKHU KDQG WUDIILF GHPDQG HFRQRPLF FRQVHTXHQFHV LQ WKH DIWHUPDWKRI D ILUH
LQFLGHQWDQGH[SHFWHGILUHORVVHVGHILQHWKHFULWLFDOQDWXUHRIDEULGJH%ULGJHVZLWKKLJKWUDIILF
YROXPHVDUHPRUHSURQHWRKLJKHUORVVHVDQGWUDIILFGLVUXSWLRQGXHWRILUH)XUWKHUFORVXUHRID
ILUHGDPDJHGEULGJHGXHWRSRVWILUHLQVSHFWLRQRUPDLQWHQDQFHZRXOGUHTXLUHGHWRXULQJWUDIILF
WRQHDUE\URXWHV6XFKGHWRXULQJZRXOGDPSOLI\WUDIILFLQWHQVLW\LQWKHQHDUE\KLJKZD\VDQG
DIIHFWWKHWUDIILFIORZLQWKHUHJLRQ
)RU GHULYLQJ DQ LPSRUWDQFH IDFWRU WKH NH\ FKDUDFWHULVWLFV WKDW GHILQHWKH LPSRUWDQFH RI D
EULGJH YXOQHUDELOLW\ WR ILUH DQG FULWLFDO QDWXUH WR WUDIILF IORZDUH JURXSHG LQWR ILYH
FODVVHV .RGXU DQG 1DVHU   (DFK FODVV LV FRPSULVHG RI GLIIHUHQW SDUDPHWHUV WKDW
FRQWULEXWHWRWKHLPSRUWDQFHIDFWRU:LWKLQHDFKSDUDPHWHUWKHUHDUHYDULRXVVXESDUDPHWHUV
WKDW GHWHUPLQH WKH FRQGLWLRQV RI D VSHFLILF EULGJH %DVHG RQ HQJLQHHULQJ MXGJPHQW DQG
UHFRPPHQGDWLRQV RI SUHYLRXV VWXGLHV *DUORFN HW DO  (OKDJDQG :DQJ :DUGKDQD
DQG+DGLSULRQR  6FKHHU   ZHLJKWDJH IDFWRUVDUH DVVLJQHG WR GLIIHUHQW VXE
SDUDPHWHUV7KHZHLJKWDJHIDFWRUV ĳL[ RQDVFDOHIURPWRDUHVKRZQLQ7DEOH
7DEOH:HLJKWDJHIDFWRUVEDVHGRQWKHGLIIHUHQWIHDWXUHVRIDEULGJH
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ZKHUH LVWKHPD[LPXPZHLJKWDJHIDFWRURIHDFKSDUDPHWHULQFODVV [ 
= LV WKH VXPPDWLRQ RI PD[LPXP ZHLJKWDJHIDFWRUV RI DOO SDUDPHWHUV LQ DOO ILYH
FODVVHV
7KHQ D FODVV FRHIILFLHQW ȴǆ  LV FDOFXODWHG DV WKH UDWLR RI WKH VXPPDWLRQ RI WKH ZHLJKWDJH
IDFWRUV RI DOO VXESDUDPHWHUV LQ FODVV [  WR WKH VXPPDWLRQ RI WKH PD[LPXP ZHLJKWDJH
IDFWRUVRIDOOWKHSDUDPHWHUVLQWKHVDPHFODVV


¦M
¦M

'[

L[





[ PD[

ZKHUHL[LVWKHZHLJKWDJHIDFWRURIVXESDUDPHWHU L LQFODVV [ 
 LVWKHPD[LPXPZHLJKWDJHIDFWRURIHDFKSDUDPHWHULQFODVV [ 
)LQDOO\DQRYHUDOOFODVVFRHIILFLHQW ʄ LVHYDOXDWHGDVWKHVXPPDWLRQRIWKHSURGXFWRIFODVV
FRHIILFLHQW ȴǆ DQGFRUUHVSRQGLQJFODVVIDFWRU \ [ 


O

¦' \
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7KHRYHUDOOFODVVFRHIILFLHQW ʄͿLVWKHQXWLOL]HGWRDVVLJQILUHULVNJUDGHIRUDEULGJH7KLVLV
GRQHE\FRPSDULQJWKHYDOXHRIWKHRYHUDOOFODVVFRHIILFLHQW ʄͿZLWKQXPHULFDOVFRUHVJLYHQLQ
7DEOH  DQG DUULYH DW D ULVN JUDGH DQG LPSRUWDQFH IDFWRU ,)  7KH ULVN JUDGHV DQG UHODWHG
RYHUDOOFODVVFRHIILFLHQW ʄͿVFRUHVDUHJLYHQLQ7DEOH,WVKRXOGEHQRWHGWKDWDERXWRI
EULGJHV IDOO XQGHU ³FULWLFDO´ ULVN FDWHJRU\ DQG DSSURSULDWH ILUH SURWHFWLRQ WR VWUXFWXUDO
PHPEHUVLQ³FULWLFDO´EULGJHVFDQPLQLPL]HWKHDGYHUVHHIIHFWVRIILUHKD]DUGWRDJUHDWH[WHQW
)XUWKHULQIRUPDWLRQRQWKHFODVVHVSDUDPHWHUVUDWLRQDOHIRUDVVLJQLQJZHLJKWDJHIDFWRUVDQG
ULVNJUDGHVFDQEHIRXQGHOVHZKHUH .RGXUDQG1DVHU 
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7DE5LVNJUDGHVDQGDVVRFLDWHGLPSRUWDQFHIDFWRUVIRUILUHGHVLJQRIEULGJHV
5LVNJUDGH
&ULWLFDO
+LJK
0HGLXP

2YHUDOOFODVVFRHIILFLHQW Ȝ 




,PSRUWDQFHIDFWRU ,) 




/RZ






9DOLGDWLRQRIWKHSURSRVHGDSSURDFK
7KH DERYHGHYHORSHG DSSURDFK ZDV YDOLGDWHG E\ HYDOXDWLQJLPSRUWDQFH IDFWRU IRU VHYHUDO
EULGJHV WKDW H[SHULHQFHG PDMRU ILUH LQFLGHQWV 2QH VXFK LQFLGHQW LV WKH EULGJH ILUH WKDW
RFFXUUHG DW WKH , +RZDUG $YHQXH 2YHUSDVV LQ %ULGJHSRUW &7 )XOO GHWDLOV RI YDOLGDWLRQ
DQGDGGLWLRQDOFDVHVWXGLHVDUHSURYLGHGHOVHZKHUH .RGXUDQG1DVHU 
,Q%ULGJHSRUW&7ILUHDFDUFUDVKHGLQWRDIXHOWDQNHUWUDQVSRUWLQJOLWHUVRIKHDWLQJRLO
RQWKH,+RZDUG$YHQXH2YHUSDVVRQ0DUFK7KHEULGJHZDVVXSSRUWHGE\
LQFKGHHSVWHHOJLUGHUVWKDWKDGDVSDQRIPHWHUV7KHWUXFNVOLSSHGDORQJWKHRYHUSDVV¶V
FRQFUHWH EDUULHU DQG KLW WZR OLJKW SROHV DIWHU DQ XQVXFFHVVIXO PDQHXYHULQJ DWWHPSW 7KH
KHDWLQJRLOVSLOOHGRYHUDOHQJWKRIPHWHUVDQGLJQLWHG7KHILUHEURNHDQGODVWHGIRUWZR
KRXUVZLWKSHDNWHPSHUDWXUHVRIDERXWÛ&7KHKLJKLQWHQVLW\RIILUHLQLWLDWHGVLJQLILFDQW
EXFNOLQJLQVWHHOJLUGHUVFDUU\LQJWKHRYHUSDVV7KLVUHVXOWHGLQSDUWLDOFROODSVHRIVWHHOJLUGHUV
FDXVLQJERWKQRUWKERXQGDQGVRXWKERXQGODQHVWRFROODSVH)ROORZLQJWKHILUHWUDIILFLQERWK
GLUHFWLRQV KDG WR EH GHWRXUHG 7KH UHIXUELVKPHQW RI WKLV ILUH GDPDJHG EULGJH FRVWHG DERXW
PLOOLRQ 9DQ+RUQ 
7KH DERYH GHYHORSHG DSSURDFK LV DSSOLHG WR HYDOXDWH WKH LPSRUWDQFH IDFWRU IRU WKLV EULGJH
DJDLQVWILUHKD]DUG7KHLPSRUWDQFHIDFWRUZDVIRXQGWREH8VLQJ7DEOHWKHULVNJUDGH
IRUILUHKD]DUGLVGHWHUPLQHGWREHKLJKDQGWKXVWKHLPSRUWDQFHIDFWRULV6LQFHWKHEULGJH
IDOOVXQGHUKLJKULVNFDWHJRU\ILUHSURRILQJRIVWHHOVWUXFWXUDOPHPEHUVZRXOGHQKDQFHWKHILUH
SHUIRUPDQFHRIWKHEULGJH+\SRWKHWLFDOO\WKHEULGJHFRXOGKDYHVXUYLYHGLIWKHVWHHOJLUGHUV
ZHUHSURWHFWHGZLWKKRXUILUHLQVXODWLRQ


'(6,*1,03/,&$7,216

7KH YXOQHUDELOLW\ RI D EULGJH WR ILUHKD]DUG FDQ EH DVVHVVHG XVLQJ WKH SURSRVHG LPSRUWDQFH
IDFWRU 7KH SURSRVHG LPSRUWDQFH IDFWRU LV VLPLODU WR WKH RQH XVHG IRU HYDOXDWLQJ ZLQG DQG
VQRZORDGLQJLQEXLOGLQJVDQGFDQEHDSSOLHGLQWKHGHVLJQRIQHZEULGJHVRULQUHWURILWWLQJRI
H[LVWLQJ EULGJHV ,I D EULGJH LV IRXQG WR EH LQ ³FULWLFDO´ RU ³KLJK´ILUH ULVN FDWHJRU\ WKH
YXOQHUDELOLW\RIVXFKDEULGJHWRILUHKD]DUGFDQEHPLQLPL]HGE\SURYLGLQJILUHSURWHFWLRQWR
VWUXFWXUDO PHPEHUV EDVHG RQ FRQYHQWLRQDO SUHVFULSWLYH DSSURDFKHV $OWHUQDWLYHO\ DGYDQFHG
DSSURDFKHGVXFKDVSHUIRUPDQFHEDVHGILUHGHVLJQPHWKRGVFDQEHDSSOLHGWRGHYHORSXQLTXH
VROXWLRQV WR RYHUFRPH ILUH ULVN LQ FULWLFDO EULGJHV+HQFH WKH DERYH GHYHORSHG ILUHEDVHG
LPSRUWDQFH IDFWRU FDQ SURYLGH D PHDQ WR LGHQWLI\ FULWLFDO EULGJHV IURP ILUH KD]DUG ULVN DQG
GHYHORSDSSURSULDWHVWUDWHJLHVWRHQKDQFHILUHVDIHW\RIVXFKEULGJHV
6800$5<
%DVHGRQWKHLQIRUPDWLRQSUHVHQWHGLQWKHSDSHUWKHIROORZLQJFRQFOXVLRQVFDQEHGUDZQ
x )LUHUHSUHVHQWVDVHYHUHKD]DUGLQEULGJHVDQGFDQLQGXFHVLJQLILFDQWGDPDJHRUFROODSVH
RIVWUXFWXUDOPHPEHUV
x $PHWKRGRORJ\ IRU HYDOXDWLQJ LPSRUWDQFH IDFWRU IRU ILUH GHVLJQ RI EULGJHV LV
SUHVHQWHG7KHDSSURDFKWDNHVLQWRDFFRXQWWKHOHYHORIYXOQHUDELOLW\DQGFULWLFDOQDWXUH
RIWKHEULGJHIURPWKHSRLQWRIWUDIILFIXQFWLRQDOLW\
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x

7KHLPSRUWDQFHIDFWRUFDQEHXVHGDVDEHQFKPDUNWRDVVHVVUHODWLYHILUHULVNLQEULGJHV
DQGDOVRGHYHORSDSSURSULDWHVWUDWHJLHVIRUPLWLJDWLQJILUHKD]DUGLQEULGJHV

$&.12:/('*0(176
7KLV PDWHULDO LV EDVHG XSRQ WKH ZRUN VXSSRUWHG E\ WKH 1DWLRQDO 6FLHQFH )RXQGDWLRQ XQGHU
*UDQW QXPEHU &00, WR 0LFKLJDQ 6WDWH 8QLYHUVLW\ $Q\ RSLQLRQV ILQGLQJV DQG
FRQFOXVLRQVRUUHFRPPHQGDWLRQVH[SUHVVHGLQWKLVSDSHUDUHWKRVHRIWKHDXWKRUVDQGGRQRW
QHFHVVDULO\UHIOHFWWKHYLHZVRIWKHVSRQVRUV
5()(5(1&(6
.RGXU 9 *X / *DUORFN 0 5HYLHZ DQG $VVHVVPHQW RI )LUH +D]DUG LQ %ULGJHV
7UDQVSRUWDWLRQ5HVHDUFK5HFRUG-RXUQDORIWKH7UDQVSRUWDWLRQ5HVHDUFK%RDUG
86 'HSDUWPHQW RI 7UDQVSRUWDWLRQ )HGHUDO +LJKZD\ $GPLQLVWUDWLRQ +LJKZD\ 6WDWLVWLFV
,ELG+LJKZD\6WDWLVWLFV :DVKLQJWRQ'&$QQXDO,VVXHV 
*DUORFN03D\D=DIRUWH]D,.RGXU9*X/)LUHKD]DUGLQEULGJHV5HYLHZDVVHVVPHQW
DQGUHSDLUVWUDWHJLHV(QJLQHHULQJ6WUXFWXUHV
$ *XLGH WR +LJKZD\ 9XOQHUDELOLW\ $VVHVVPHQW IRU &ULWLFDO $VVHW ,GHQWLILFDWLRQ DQG
3URWHFWLRQ 3UHSDUHG E\ 6FLHQFH $SSOLFDWLRQV ,QWHUQDWLRQDO &RUSRUDWLRQ 6$,& 
7UDQVSRUWDWLRQ3ROLF\DQG$QDO\VLV&HQWHU9LHQQD9$
%DL < %XUNHWW : 1DVK 3 5DSLG %ULGJH 5HSODFHPHQW XQGHU (PHUJHQF\ 6LWXDWLRQ &DVH
6WXG\-%ULGJH(QJ
*XWKULH'*RRGZLOO9+LFNV07DQNHUILUHVKXWVGRZQ,FROODSVHV1LQH0LOHEULGJH
7KH'HWURLW1HZV
3D\i=DIRUWH]D,*DUORFN,$QXPHULFDOLQYHVWLJDWLRQRQWKHILUHUHVSRQVHRIDVWHHOJLUGHU
EULGJH-RXUQDORI&RQVWUXFWLRQDO6WHHO5HVHDUFK
(OKDJ7:DQJ<5LVNDVVHVVPHQWIRUEULGJHPDLQWHQDQFHSURMHFWVQHXUDOQHWZRUNYHUVXV
UHJUHVVLRQWHFKQLTXHV-RXUQDORI&RPSXWLQJLQ&LYLO(QJLQHHULQJ
:DUGKDQD . +DGLSULRQR ) $QDO\VLV RI 5HFHQW %ULGJH )DLOXUHV LQ WKH 8QLWHG 6WDWHV -
3HUIRUP&RQVWU)DFLO
6FKHHU-)DLOHG%ULGJHV&DVH6WXGLHV&DXVHVDQG&RQVHTXHQFHV-RKQ:LOH\ 6RQV
.RGXU 9 1DVHU 0 ,PSRUWDQFH )DFWRU IRU 'HVLJQ RI %ULGJHV $JDLQVW )LUH +D]DUG
(QJLQHHULQJ6WUXFWXUHV6XEPLWWHG
9DQ +RUQ - &UHZV 5HRSHQ )LUH&ORVHG , LQ 6L[ 'D\V &RQVWUXFWLRQ (TXLSPHQW *XLGH
 0DU\ODQG 'ULYH )RUW :DVKLQJWRQ 3$  5HWULHYHG RQ -DQXDU\ QG 
KWWSZZZFRQVWUXFWLRQHTXLSPHQWJXLGHFRP&UHZV5HRSHQ)LUH&ORVHG,LQ6L[
'D\V
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PERFORMANCE-BASED FIRE SAFETY DESIGN OF DIFFERENT
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Global Structure behaviour of Steel Constructions
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a

Technical University of Braunschweig, Institute for Building Materials, Concrete constructions and fire
protection, Braunschweig, Germany
b
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Abstract
The objective of this article is the illustration of the calculation of natural fires and fire
resistance of structural members based on the Eurocodes of three types of special structures,
in this case a railway bridge, a parking deck and an airplane hangar. The railway bridge has a
width of nearly 70 meters and consists of steel beams and a massive concrete slab that are
supported by massive columns and walls and for that reason can be compared to a tunnel. The
parking deck was calculated on the basis the FE program ANSYS. The load-bearing capacity
as well as the reactive internal forces in the case of fire were investigated. The load-bearing
structure of the roof of the hangars is made of steel and is supported by steel columns. The
choice of a fire scenario on the safe side is crucial for the design process of the unprotected
steel structure.
Keywords: Natural Fires, Global structural behaviour, Steel, thermal and mechanical
analysis, non-linear material properties, reactive internal forces
INTRODUCTION
Improvements in performance-based design allow for a more realistic and cost effective fire
safety design of structures. Within the year 2012, the fire parts of the Eurocodes and the
included methods for the calculation of natural fires and the resistance to fire of structural
members are introduced into the German building laws. For that reason the application of
these methods is generally permitted by the authorities having jurisdiction (AHJ) and it can be
assumed that they will become more and more important in years to come.
Thereby simplified or general calculation methods of the according European standards for
structural fire safety design can be used, depending on application case. To adopt this method
of calculation finite element analysis is required, which considers nonlinear material
properties and nonlinear thermal loads in structural elements. In this contribution the
application of these methods using the FE-program ANSYS shall be described by means of
two types of realistic building projects.
1

GENERAL PROCEDURE

The first step in fire safety design is the definition of design fires in the form of heat-releasetime curves specially adapted to the building in question and the relevant fire scenarios.
Subsequently, the effects of a design fire on a building and its load bearing structure are
evaluated using simulation models, depending on the complexity of the building with zone or
CFD-models. The temperatures calculated in these analyses are the basis of the simplified and
advanced calculation methods of the Eurocodes.
In Germany the fire safety design of large railway structures like tunnels and stations can rely
on special pre-defined design fires that were developed by the German railway services on the
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basis of Eurocode 1-1-2 (DIN EN 1991-1-2, 2010) and the specific geometric properties and
fire loads of typical train cars.
Design fires for buildings like airplane hangars are not standardized in Germany and have to
be derived for the special case. Similar to the design fires for train cars, the special geometric
properties (like width and height of airplanes) are taken into account.
2

PROJECT EXAMPLE: TRAIN STATION “OSTKREUZ” IN BERLIN

2.1 Description of the Construction
The building in consideration is a crossing station in the city of Berlin, where the S-Bahn and
long distance train lines intersect on two levels (see figure 1). The platform and the tracks
supports of the upper level are made from steel girder grids supporting a concrete slab. The
girders are single span beams carried by solid supports and supporting walls. The width of the
superstructure is approx. 70 m and has almost the dimension of a tunnel.
A burning train located directly below the superstructure carrier represents the worst case fire
scenario. The main task for the fire safety design of the superstructure was to prove that the
steel parts of the structure withstand the effects of a fire long enough without loss of load
carrying capacity and to devoid fire protection measures such as covering or coating.
2.2 Fire Scenarios and Design Fires
By means of a CFD simulation (computational fluid dynamics) the determination of
temperature over the period of the fire is calculated using the program FDS (McGrattan, K. B.
et al., 2010).
In fig. 2 the relevant time-temperature-curve of the train fire is shown. This time-temperature
curve has been measured at the open carriage door one metre above the roof of the car.

Figure 1 Crossing station in Berlin with
overlapping platforms (Source:
Deutsche Bahn)

Figure 2 Development of the maximum fire
temperature

The time period during which temperatures > 200 °C act on the structure, is approx.
25 minutes. At the time of the maximum impact 950 °C are reached for a short time. For
comparison, the uniform-temperature-time-curve (UTTC) is also shown in Fig 2.
2.3 Thermal and Mechanical Analysis
The thermal and mechanical analysis was performed with the FE program ANSYS. The
mechanical analysis examined the load bearing and deformation behaviour of the
construction. The temperatures acting on the structure over the duration of the fire, as well as
the mechanical loads and the non-linear temperature-dependent material properties were taken
into account.
Fig. 3 shows the vertical deformation of the loaded cross member over the period of fire
exposure. It is clearly visible how the course of the deformations corresponds with the natural
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fire curve of the thermal load (fig. 2). At the end of the fire, the influences of the temperatures
on the load-bearing structure are getting smaller and the deformations are reduced.

Fig. 3 Deformation of the cross-members
during the time of the fire

Fig. 4 Three-dimensional model of the steel
girder grid of the platform level

The calculations showed that the failure criteria of the distortion were met over the entire
period of stress. The results of the simulation show that the girder grid made from unprotected
steel resists a natural train fire with temperatures above 900 °C and does not fail in the event
of a fire. No fire protection measures such as insulating surface protection for the steel are
required.
3

PROJECT EXAMPLE: PARKING DECK

3.1 Description of the Construction
The BBC Böblingen Center has a length of 190 m and a width of approx. 130 m. It consists of
six floors. The ground floor and the first floor are intended for trade. Above this three levels
of parking are located. The structure consists of steel-reinforced concrete, steel columns and
composite beams. The steel girders of the composite slab and steel supports in the garage are
to be classified in fire resistance class F 90. It is planned to provide the support beams and
supports with an intumescent coating which allows a classification in fire resistance class
F 30. Proof is required that the objectives with regard to stability are not compromised during
the course of fire. This is done on the basis of natural fire scenarios, where it has to be
ensured that the device successfully endures the entire fire load and does not fail.
3.2 Thermal and mechanical Analysis
As fire scenario a burning of 8 cars in parking deck 1 was analyzed. The fire flashover time
from car to car was established at 10 minutes. The resulting load temperatures of the burn-up
of the cars for the structure were determined using a general nature fire model (CFD
simulation). The steel frame is protected with a layer of intumescent coating with the fire
resistance rating R 30. The thermal material properties of the coating, such as the thermal
conductivity and heat capacity, are specified according to (Dorn 2003).
The warming and the carrying- and distortion behavior of the structure was then simulated
according to the General calculation method with the help of ANSYS.
The results were evaluated and compared with selected failure criteria. It was found that the
failure criteria for bending and deformation were not exceeded.
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Fig. 5 Deformation in the vertical direction to the 90th minute (left - total system; right - steel
construction)
As a result of the compressions in the connections occurring in the heating phase of the fire
there will be tensile stresses during the cooling phase. These restraining forces must be
considered when the connections are determined. The restraining forces are calculated by
multiplying the normal tension with the respective tensioned cross sectional area of the
connection. The maximum restraining forces amounted to up to 1300 kN, so that an
assessment of the connections for these restraining forces was not possible. As a result, cleats
were arranged below the carriers in the connection area, taking over the bearing in the failure
of the connection.
4

PROJECT EXAMPLE: AIRCRAFT HANGAR

4.1 Description of the Construction
The hangar discussed here has the outer dimensions of 83.40 m width and 77.60 m depth and
an inner area of 6,472 m². The hangar has a horizontally orientated roof, which is supported
by the main load-bearing system which consists of an external two truss girders on steel
supports. The hangar has a mean interior height of approximately 18.10 m.
4.2 Safety Objectives
Alike to the train station, the main objective that has to be fulfilled by the fire safety design of
the construction was a sufficient structural safety in case of fire. Therefore the results from
CFD-Simulations should be used for the structural fire design of the steel structure according
to the simplified calculation procedures of Eurocode 3 (columns and roof structure). The
objective was to use the least possible amount of fire protection measures.
4.3 Fire Scenarios
The fire scenarios are compiled according to the various aircrafts that are to be serviced in the
hangar:
•
•
•

Scenario 1: fire in the cabin of a B747-400 with participation of part of the wings
(plastics and kerosene fire), fire surface 100 m², fires in a height of approx. 6 m.
Scenario 2: cabin fire in a B747-400 in the upper-deck (plastics) without participation of
the wings, fire area 50 m², fires in a height of approx. 8 m.
Scenario 3: local fire, for example larger car or a similar major technical device or
storage good, fire area 10 m², fires at a height of 4.0 m.
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4.4 Design Fires
To ensure design fires on the safe side, the relevant input parameters must be adopted
conservatively, so that all relevant fire events are covered.
It is conservatively assumed that the heat release rate is not reduced after the depletion of the
fire load but will remain at the maximum rate of heat release. For that reason, only the nature
of the fire load, but not the amount is significant the for the fire safety design. This leads to
the fact that the safety objectives in the building will be proven when a stationary state, i.e. a
balance of the energy supplied by the fire and the energy dissipated by the smoke and heat
exhaust measures is reached. In all fire scenarios extinguishing measures, for example, by the
extinguishing system or the airport fire brigade, are not considered to have a direct effect on
the heat release rate. They are accounted for conservatively by the partial factor Ȗfi,HRR
according to (DIN EN 1991-1-2, 2010).
According to the literature such as the (vfdb-Leitfaden, 2009), area-specific heat release rates
of between 150 kW/m² and 500 kW/m² are realistic. In individual cases also values over 600
kW/m² can occur especially in plastics and lubricants. This adds up to the following design
fires for the defined fire scenarios (partial safety factors in accordance with (DIN EN 1991-12, 2010)):
•
•
•
•
•
•

Scenario 1 (Fire in cabin + wing): q‘ = 600 kW/m²
Q‘max [kW] = 600 kW/m² * 100 m² * 1,075 = 64500 kW after approx. 930 s
Scenario 2 (Fire in upper-deck cabin): q‘=450 kW/m²
Q‘max [kW] = 450 kW/m² * 50 m² * 1,075 = 24187.5 kW after approx. 720 s
Scenario 3 (Local fire at support): q‘=500 kW/m²
Q‘max [kW] = 500 kW/m² * 10 m² * 1,075 = 5375 kW

The mean value of the heat of combustion of the fuel mixture was derived from the specific
parameters of the individual substances to be approximately 27 MJ/kg.
The results of the fire simulations carried out have proven to be decisive for the roof structure.
Because of the height and the width of an aircrafts and their necessary distance to the steel
columns of the building, there was no relevant increase in temperature in their vicinity during
the fire simulations. Since no fire scenario could be ruled out, the effects of a localized fire
event in the immediate vicinity of the columns were analysed. The temperatures resulting
from such a fire were calculated with a Plume-model in accordance with Heskestad (DIN EN
1991-1-2, 2010) using a maximum heat release rate of 5 MW.
4.5 Fire Safety Design
In a next step, a thermal analysis in 3-D was undertaken for the steel columns using the
temperatures evolving from the localized fire as thermal load. Here, segments of a height of 2
metres were assumed to receive the same thermal load. It was taken into account that the
components were protected by a protective coating up to a height of 8 m.
A thermal analysis for the structure of the roof was not necessary, since the temperatures
recorded in the CFD simulation were only at about 400 °C. This temperature is well below the
critical temperature of the structural members made of steel, as a result a fire safety design
was only required for the columns. This design was carried out using the simplified
calculation procedures on resistance level of Eurocodes 3 part 1-2 (DIN EN 1993-1-2, 2005).
This was done in the most unfavourable area of the components regarding the internal forces
and thermal loads. A fire safety design was not necessary for all stiffening components
because they were protected from a critical warming by protective coatings.
5

SUMMARY AND ACKNOWLEDGMENT

The application of computational design methods of the Euorcodes for complete or partial
structures can only be performed with powerful FEM programs that are able to depict and
calculate the non-linearities of material build-ups and design loads. The heat generation in the
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cross section of the components is done by FEM programs as well. Usually a thermal analysis
of two-dimensional models is of sufficient accuracy due to the material properties of steel that
lead to quick uniform temperatures.
Depending on the complexity of the analysed structures the simplified or general calculation
methods of the Eurocode. In the first case, the internal force in the fire case can be calculated
using simple standard software, in the latter case more complex 3-D mechanical analysis is
required.
With the rapid development and the increasing capacity of the computer coupled analysis of
3-D models will be possible in the future. Further research in these areas will extend the
possibilities of the design of constructions, reduce the cost of planning the implementation of
a project, and shorten the time for the realisation of buildings by the reduced structural fire
protection at the same level of safety.
We would like to thank
and the Deutsche Bahn AG for the excellent cooperation.
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Abstract
A case study of fire investigation of a ‘Serious fire’ in a food industry located in Northern
Greece is presented. This work summarized, analyzes and reports detailed fire experience data
through on-site investigation and significant investigation report. This fire investigation
provides all evidence, witnesses and suspect statements, as well as conclusions and
recommendations offered by the fire investigative team in relation to the fire itself, the suspect
and potential prosecution.
Areas documented in this work include details about the place of the onset of fire; ignition
sources; first ignited materials; time of ignition; degree of spread; contributions of building
construction; suppression scenarios; performance of structures exposed to the fire; smoke and
toxic emissions; human reaction (response) and evacuation; and the extent of life loss, injury
and property damage. Fire Brigade intervention and the time taken to undertake its activities
at a fire scene has been evaluated.
Fire investigation analysis clearly show that the prevention of fire spread beyond the first
ignited item would have a major impact on the reduction of fire losses. Experimental analysis
included small scale (Cone Calorimeter) and medium scale (Enclosed Fire Rig) equipment
combined with online effluent gas analysis equipment (FTIR) were employed to estimate the
potential of reducing the probability of breaking out and spreading of fire.
Keywords: risk, fire, food industry, ignition, fire fighting, fire prevention
1

INTRODUCTION

This study examines a case of a ‘Serious fire’ in a food industry located in the industrial area
of Thessaloniki. This food industry was complied with fire safety measures as predicted by
the Greek Government Desicion (1589/104/2006) “Industrial Fire protection”. (So, it has
been supplied with passive protection measures i.e means of escape, emergency lighting and
signs, and active measures i.e. fire detection, permanent fire water supply network but with
no sprinkler installation.) The food industry was a 10.190 m2 concrete building with 105
employees. Processed materials were Glucose, ground sesame, sugar, cocoa, vanilia, dried
fruit put on many mdf wooden pallets. Also, many wooden (mdf) wrapping material used to
pack final products.
2

INCIDENT ANALYSIS

The fire has been caused by ‘electrical spark’ originated in the ‘production and machinery
area’ below wooden pallets. First ignited materials were ‘unprotected’ wooden mdf pallets
and secondary materials were raw mdf wooden material. These factors were leading to the
rapid fire growth and flash over conditions. Fire almost immediately spread from first to
second ignited materials. It was not contained to the room of origin and spread beyond to the
whole building i.e. first and second fire Compartments were inadequate to stop the fire and
fire was not been be possible to be suppressed by permanent fire fighting hose reels by
industrial fire staff.
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Almost the whole processed (raw and secondary) materials, final products and electromechanical equipment of industry have been destroyed by the fire. Estimated property loss
1,600,000 euro. On the other hand, the reinforced concrete, columns, beams performed very
well in such a severe fire due to high fire resistance of reinforced concrete (above two hours
and a half). Estimated property value saved 1,250,000 euro.

(a)

(b)

Fig. 1 Fire incident during post-flashover period (a) production and maintenance area,
(b) storage area
Because of the size of the fire, a site-wide evacuation was immediately initiated.
Unfortunately, five workers sustained minor injuries including scrapes and smoke inhalation.
3

EMERGENCY RESPONCE

The initial call reporting this incident was at 13.08 hours i.e in the middle of working day at
23-09-11. Food industry had a trained and equipped Emergency Response Team (ERT) that
included 25 members. On the day of the incident; 15 trained emergency responders were
immediately available. They effectively helped building evacuation and tried to extinguish the
fire using permanent fire water supply network of industry. Their effort was unsuccessful due
to severe fire conditions.

(a)

(b)
Fig. 2 Fire fighters efforts to tackle the fire

Firefighters from the surrounding fire stations were at ‘emergency alert’ providing 27 fire
vehicles with 80 fire fighters deployed at the scene of fire. Immediately four firefighters using
breathing apparatus invaded into the storage area in the back of the building and rescued three
employees that were trapped over there. One aerial ladder truck had been used with effective
results in the fire extinguishment efforts (see Figure 1). It was used to fight a fire from above
and access the upper reaches of a building from the outside. Simultaneously, fire fighters
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deployed 2-1/2” (64 mm) handlines around the burning building (see Fig. 2). All lines were
immediately placed into operations.
4

LESSONS LEARNED

It is clear from the above that prevention of fire spread behind the wooden first item ignited
would have a significant impact on the reduction of fire losses.
In this case where the first material ignited is wood, it is considered that ignition and fire
spread could be prevented or minimized by treating the timber surfaces with suitable flame
retardants. Fire data on the effects of flame retardants on wooden surfaces is not available,
since the relevant market is quite recent and not particularly widespread in Greece.
5

EXPERIMENTAL INVESTIGATIONS

Therefore, in order to investigate this possibility mdf type of timber (as the same that was
mainly used for industry’s wooden pallets and other industry’s wooden construction), were
tested with bare samples, as well as using flame retardants (treated at different percentage (%)
of the total surface area with a water – based, intumescent flame retardant, suitable for
internal surfaces) ; using small scale (Cone Calorimeter) and medium scale (Enclosed Fire
Rig) equipment combined with online effluent gas analysis equipment (FTIR) (Small and
Medium scale).

(a)

(b)

Fig. 3 (a) mdf exposed at heat flux 35 kW/m2, (b) untreated mdf crib at 300 sec into the test
Analysis involved thermal behavior and toxic species analysis of the samples:
•
•

‘No ignition’ and lower toxic emissions compared to untreated samples were observed
at 35 kW/m2 (small scale).
The same behavior was observed in those cases where wooden surfaces located next
to ignition source had been treated (medium scale).

(a)

(b)

Fig. 4 (a) flame retarded Mdf exposed at Heat flux 35 kW/m2, (b) flame retarded mdf crib
at 300 sec into the test
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FTIR Toxic Gas Analysis
The European Community COSHH (COntrol of Substances Hazardous to Health Regulations)
workplace 15 minute maximum allowable toxic concentrations are used to evaluate overall
toxicity. For untreated mdf , formaldehyde and acrolein were the dominant gases. NH3 was
also significant. CO emissions was significant but not very high. Lower toxic concentrations
measured for full (100%) treatment case where acrolein was the dominant toxic.
The effects of flame retardant treatment on major toxic emissions compared with the bare
samples are shown on the following Table. In most fully-treated (100%) cases, even in the
half-treated (50%) cases, lower or almost equal to unity emissions were measured compared
with the bare samples. This is due to the fact that, in such cases, due to the in-tumescent
action, there was either no ignition of the samples (100%-treated cases), or a considerable
delay was seen (50%-treated cases). Excessive HCN and N0 occurred in 60% of the untreated
cases due to the considerable involvement of the flame retardant paint in flaming combustion,
since it contains N in its chemical composition.
Tab. 1 Comparative effects of flame retardant treatment on major exhaust emissions
Coated emission
Bare emission

100%F.R.
6 g ethanol

100%F.R.
20 g ethanol

100%F.R.
30 g ethanol

50%F.R.
6 g ethanol

60%
Untreted
6g
ethanol

60%
Untreted
20 g
ethanol

≈

≈

'Peak CO(ppm)
Ratio'
'Peak HCN(ppm)
Ratio'
'Peak Acrolein(ppm)
Ratio'
'Peak NH3(ppm)
Ratio'

≈

≈

'Peak N0(ppm)
Ratio'

≈

≈

≈

≈

Each arrow
/
indicates decreasing/increaing up to a factor of three. Two arrows
together is equivalent to a change by a factor of 3-6. Three arrows together is equivalent to
a change by a factor for greater than 6.
6

CONCLUSIONS

The main factors leading to the rapid fire growth and the fire spread to almost the whole
building were:
•
•
•
•

the lack of effective fire suppression measures close to ignition source;
the untreated wooden first and secondary ignited materials;
it is proposed that the application of intumescent flame retardants on wooden surfaces
located close to ignition sources in the most probable areas for a fire to break out, could
be a safe and approach in reducing fire loss in food industry;
fire safety management of industry need to be improved following the guidelines below:
o proper use of fire safety measures from Emergency Response Team. Therefore more
fire safety education is needed. Participation in fire fighting exercises in corporation
with local fire service is necessary;
o all building employees were required to participate in periodic emergency evacuation
drills;
o check the company’s space; Keep out the flammable substances and sparks and take
the necessary fire precautions where is required.
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A prosecution may be initiated for industry failing to comply with preventive measures as
predicted by government decision 7/1996.
7

SUGGESTIONS

Performing of more small- and medium – scale experiments, treated with the updated
technology of the intumescent paints different types of wooden(in the form of cribs or some
other form of samples), and using various ventilation rates to achieve both establishing and
documentation of the contribution of intumescent technology in fire suppression, are
suggested.
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Abstract
The ability to predict the thermal and structural performances of steel fire doors subjected to
fire tests described in safety standards via the finite element method is investigated. These
doors must withstand high temperatures without deforming in a manner where gaps might
appear allowing flames and smoke to pass through. There are 2 key challenges for modelling:
first, deciding how much complexity to include since the tests involve high temperatures and
possibly times lasting hours, and second, obtaining the needed material properties over the
temperature range seen during the tests. In this investigation, we focus on, one aspect of
complexity, the importance in capturing the thermal contact between steel parts within the fire
door to improve the predictability of the finite element model.
Keywords: Fire Doors, Fire, Structures, Finite Element Analysis, Thermal Contact
INTRODUCTION
Knowledge about the fire resistance of structural components can be derived through physical
or virtual testing. Physical testing is expensive due to the destructive nature of the tests. Also
physical testing can be limiting due to instrumentation constraints. On the other hand, virtual
testing or computer modelling, techniques such finite element analysis (FEA), provide a very
data rich output but require tremendous input information such as material properties,
loadings, boundary conditions and other details that an experimenter typically need not know
in order to conduct experiments.
One method for evaluating the fire resistance of building components, such as fire doors,
follows test methods described by fire safety standards (Iwankiw, 2000). Though there have
been many numerical and experimental investigations studying various aspects of the standard
fire resistance, in this study, we focus on predicting the performance of steel double fire doors
subjected to the standard fire test such as described by UL 10 (UL 10 B, 1997). The FEA
technique is employed building on previous modelling of steel fire doors (Tabaddor et al.,
2009).
1

FIRE RESISTANCE TESTING

The presence of fire doors within a building is meant to prevent the spread of fire with a
secondary influence on the smoke and heat exposures to building occupants. As a means of
evaluating fire resistance, fire door assemblies are tested according to standards such as the
UL standard for fire safety, UL 10B, ‘Fire Tests of Door Assemblies’ (UL 10B, 1997).
This paper only focuses on the performance of the fire door during the Fire Endurance portion
of the test, which is described next. As part of the preparation for this test, the fire door along
with supporting structure such as frame and walls are constructed according to specified
instructions. The door is part of a restraining frame (Fig. 1) that fits onto the furnace
subassembly. With the assembly in place, the fire doors are subjected to a heat flux from gas
burners which generate temperatures according to a standard time-temperature curve shown in
Fig. 2 (ASTM, 2007). Some tests include a pressurized furnace to capture additional forces
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generated during a fire. The conditions of acceptance for the UL 10B standard cover the
movement of the door and flaming on the unexposed side.

Fig. 1 Schematic of Setup
2

Fig.2 Standard time-temperature curve

FINITE ELEMENT MODEL

To build a finite element (FE) model of a fire door assembly, it is prudent to assess the
necessary amount of detail that should be captured. As the full complexity of the fire door
assembly is transferred into the FE model, both the model-building task and the time to solve
the analysis increase substantially.
Fire doors generally consist of steel faces, steel stiffeners and filler insulation material. The
fire door in this study was a double door. The door without a lock handle is called the
inactive leaf. It included latching bolts that can lock the door into the frame at the top and
bottom. During the test, the inactive leaf was latched to the frame. The other door with the
lock handle is called the active leaf. The active leaf included the door lock, which was a latch
bolt that engaged into the inactive leaf. The inner edges of the two doors facing each other
are known as the meeting edge. The gap at the meeting edge was monitored during the test.
In addition, fire resistance tests require inclusion of the frame and hinges that connect fire
doors to the frame for an assessment of the fire performance of the entire fire door assembly.
Some fire doors have windows and glazing. The fire door in this test did not include
windows. The general assumptions guiding the model building process were as follows:
(i)
(ii)
(iii)

The wall and frame holding the fire door are rigid during the entirety of the test.
The thermal insulation does not provide any structural strength to the fire door.
The coupling between thermal and structural response is one-way, that is, the
structural response has negligible effect on the thermal response.

The software of choice was ANSYS (ANSYS, 2011). For the FE mesh, shell elements were
chosen for both the thermal and structural analyses (except for the insulation materials).
These 2-D elements are more computationally efficient than 3D elements and are applicable
in cases where the thickness of a component is much smaller than its other dimensions (Bathe,
1995). Some idea of the level of detail in the model can be seen in Fig. 3 and Fig. 4. Thermal
and mechanical properties over the temperature range of test were found from several public
resources (Milke, 2002; NIST, 2005) and can be found in (Tabaddor et al., 2009).
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Fig. 3 Solid model of double steel fire door
3

Fig. 4 Detail of connection in FE model

THERMAL CONTACT

For the transient thermal analysis, it was found that detail of the thermal contact between
mating parts was very critical. For example, the steel stiffener is mechanically joined to the
steel panel via welds. Clearly the welds will be a critical transfer path. However, depending
upon tolerances and deformations, the actual thermal contact region is likely larger and
changing. In the fire door, the metal portion on the face exposed to the furnace will be heated
via radiation and convection. Heat then flows through the internals mostly through
conduction ignoring air gaps between parts and within the insulation. However, due to the
differences in thermal conductivities, the steel parts are the most thermally conductive paths
and so mating between steel parts can affect the thermal results and subsequent structural
predictions. So in this investigation, we developed several different thermal contact
configurations.
For the first thermal contact configuration, we assumed only thermal contact via spot welds.
Clearly this will lead to the least heat flow through the interior of the door to the unexposed
side. The next thermal contact configuration relies upon thermal links placed between all
metal surfaces that are expected to be in contact. With the inclusion of thermal links, now an
additional variable, the thermal resistance of the thermal link is a required input. As a starting
point, we selected the thermal conductivity of air which is 2.0 W/(m K). In this case, now
more heat will flow through the stiffeners. Fig. 5 provides some detail on the various thermal
contact configurations.
4

THERMAL RESULTS

Fig. 6 show a snapshot of the temperature contours at 15 minutes for both the unexposed and
exposed surfaces of the fire door assembly for the metal-to-metal thermal contact
configuration of only welds. For the unexposed side, hot spots include the lock and the edges
of the door. As mentioned previously, the lack of welds on the unexposed side reduces the
thermal paths through the stiffeners to the panel. For the exposed surface, cool spots include
the lock and edges. Temperatures on the exposed surface reach as high as 800°C. On the
unexposed side, the model predicts that most of the panel surface is below 130°C. The same
general patterns holds as the door heats up further.
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Fig. 5 Description of different thermal contact configurations

Fig. 6 Temperature contours on exposed (left) and unexposed (right) surfaces at 15 minutes
with only thermal contact through the welds
Fig. 7 shows the temperature at 3 different points along one of the unexposed panels, similar
to measurements taken during the test. The plot shows that the temperatures on the
unexposed side are considerably lower than the temperatures measured during the test.
Clearly, this model with no metal-to-metal thermal contact between stiffener and unexposed
panel under-predicts temperatures. Despite the presence of welds on only one side of the
stiffeners, it is expected that there is more metal-to-metal contact.
Fig. 8 shows the temperature at 3 different points on the unexposed panel similar to
measurements taken during the test. As expected, the temperatures on the unexposed panel
are much closer to the test temperatures as compared to the previous thermal model which
only assumed thermal contact through welds. Clearly, metal-to-metal contact is present and
may be changing as the door deforms. This effect is especially more difficult to capture in the
absence of welds that would help maintain contact between the stiffener and door panels.
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Fig. 7 Temperature over time from unexposed surface with weld only thermal contact
5

STRUCTURAL RESULTS

For the structural analysis, it was not necessary to run a transient analysis. Instead, the
thermal results at different particular points in time where fed into the structural model to
establish heat loads and material properties. This approach is computationally more efficient
so that if it shows promise in predicting the structural deflections, a great advantage is gained.
However, as noted in the thermal FE results section, the temperature predictions from the
original door design show sensitivity to how the thermal contact between metal parts.
Therefore the structural analysis results for the original fire door design will show the effect
of varying thermal contact conditions. Of course, with this level of uncertainty in the details
of the fire door construction, the structural results may not provide accurate quantitative
deflection predictions. In addition, the structural analysis was linear not accounting for
geometric or material nonlinearities or contact nonlinearity. A nonlinear analysis requires
more model building and computational effort and was outside of the scope of the project.
Nevertheless, there is value in running a structural analysis for this original door design and
comparing the results with the concept fire door design. It is expected that if significant
differences exist that they will reflect the proper trends in fire performance simply due to
design changes.
Fig. 8 shows the deflection plot for the different cases. The key pattern repeats at all other
times, where the basic global feature is bowing of the door towards the furnace. Recall that
once the thermal contact condition is set, it does not change. The plot in Fig. 8 compares the
deflections at the same point for the original fire door design and the concept fire door design.
The first thermal contact configuration (labeled db2) results in higher deflections than the
weld/thermal link contact configuration (labeled db3). This suggests that a higher
temperature gradient through the thickness of the door will lead to higher deflections from
greater bowing of the doors. This effect is documented in the published literature.
Examining the results over time show that deflections increase rapidly during the early part of
the test and then exhibit a gradually rising form. Though the deflection values are plotted up
to 1 hour, the relative movement of stiffeners and panels for this first-level of modeling is not
expected to be applicable beyond 30 minutes. Furthermore, the actual values are not reliable
without full model validation. However, the qualitative features of the results for the first 30
minutes are expected to be insightful for design decisions.
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Fig. 8 Normal deflection contours (left) and deflection time plot (right) for 2 different thermal
contact configurations and a baseline design
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Abstract
The aim of this paper is to examine the impact of post-earthquake non-structural damages on
the development of natural fire in an industrial building, used as storage area. Parametric fire
scenarios with various levels of damage (window and door destruction, sprinkler system
malfunction) are simulated on a 3D model of the structure, using the Computational Fluid
Dynamics software FDS. The fire development is studied and temperature distributions on the
structural members are obtained.
Keywords: fire-afterearthquake, steelstructures, natural fire
INTRODUCTION
Post-earthquake non-structural damage can alter significantly the fire behaviour of a building
and downgrade the structural safety of the construction. This study examines the impact that
such damage has on the development of natural fire, in this case in an industrial building, used
as storage area.
The officially approved procedures for estimating the thermal loads for the structural design
of industrial facilities under fire require advanced modelling tools for the simulation of the
natural fire phenomenon, like the one/two–zone model or the use of Computational Fluid
Dynamics (CFD). Simpler approaches such as the parametric temperature-time curves given
in Eurocode1,part1-2areonly valid for small compartments, under 500 m2 and non-industrial
occupancies. In this study, CFD analysis is performed with the Fire Dynamics Simulator
(FDS) software, to model the fire development in the building. FDS is a CFD code for the
simulation of thermally driven flows with an emphasis on smoke and heat transport from
fires. The CFD-FDS has two main advantages over the two-zone model: the ability to insert a
detailed geometry with a custom-defined burn behaviour of the combustible materials and
secondly, the capability of providing time-history temperature results at any position of the
modelled structure.
1

MODEL

1.1 Properties of the examined building
The building under examination has a floor plan of 80x40m with a height of 10 m plus a 2m
two-ridge roof. The space is divided in two main compartments, the storage area with
dimensions 63x40 m and a 2-storey office/exhibition area of 17x40 m with heights 4 and 6
meters respectively (Fig. 1).The storage compartment has a total of 247 m2 of windows
located in a high row on each of the 63m walls. On the ground and first floor of the
office/exhibition area are additional 94m2and 58m2 of windows. In the storage area the
supplies are stored in 6.25 m high racks, comprised mainly of electrical appliances and spare
parts stored inside cardboard boxes. The structural system of the building consists of seven
double-span steel frames. The walls and roof are composed of typical insulation panels. The
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base is standard industrial concrete flooring. The two compartments communicate through a
5.00x3.00 m fireproof door. Also, there is a water sprinkler system installed in the storage
area.

Fig. 1 Building description (dimensions in meters)
1.2 Simulation
A full scale 3D model is developed, representing the basic geometry of the building and the
construction materials with their thermal properties (steel, concrete, 10cm XPS insulation). A
key parameter of the fire simulation is the description of the combustion behaviour of the
materials in the storage area. Due to the complex structure of the burning objects, a pyrolysis
model would induce uncertainties in the analysis. To avoid such uncertainties a custom Heat
Release Rate (HRR) curve is chosen to represent the combustion. The experiments of A.
Lönnermark and H. Ingason on fire spread in warehouses (Lönnermark et al., 2005) provided
HRR curves of rack storage fire tests that correspond to the storage conditions in the building
under examination. The experiments were conducted in 1:5 scale so the results are modified
according to the scaling laws, regarding the HRR and the corresponding time (Fong et al,
2003).
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Fig. 2 Experiment and modified real scale Heat Release Rate curve of the rack storage units
The storage racks, are modelled by 156 heat release sections in parallel rows, at a distance of
1.20m, covering the designated area in the floor plan. In order to simulate the fire spread from
one rack unit to another, a criterion of the temperature conditions that would ignite the
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materials is used. Each heat release section is activated only when the temperature over the
section reaches 250°C, the auto ignition temperature of wood (Babrauskas, 2002) and paper
(Graf, 1949). This concept is implemented by connecting the activation of each heat release
section to a temperature sensor 3m above the centre of the section. This results in a more
gradual activation of the heat release sections, dependent on the temperatures of the
compartment. It is assumed that the fire does not spread through flames but through radiation
and convection flux that starts the pyrolysis of the cellulose materials which produces the
combustible gases. A required condition for the combustion to occur is an oxygen index
>0.15. If this is not satisfied the fire is suppressed.
The computational mesh consists of 225,000 cells of 0.80x0.80x0.60 m and extends 10 m
around and 3m above the building with open boundaries at the end. As ignition of the fire,
two of the heat release units in the middle of the compartment are set active in the beginning
of the simulation, in order to provide the equivalent amount of heat that was observed at the
experiment. The total simulation time is 1 hour and the calculation time steps are set not to
exceed 0.1 sec.
1.3 Parametric Fire Scenarios

Fig. 3 Parametric Fire Scenarios
Three types of non-structural “damage” were introduced to the model:
•
•
•

window breakage, which modifies ventilation conditions,
fireproof door damage which modifies ventilation and alters the fire compartment
malfunction of the water sprinkler system.
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In total, 14 fire scenarios were tested. Of those, 12 included variations in the ventilation
conditions by changing the number and placement of the broken windows and damage of the
fireproof door. The remaining 2 had full and half operational the water sprinkler system. A
visual description of the scenarios is given in Fig. 3. For every scenario, the following
parameters are given: percentage of broken openings to the total area of openings in the
storage compartment, percentage of the broken openings to the total wall area, position of the
broken openings and percentage of the operational water sprinkler system.
2

OUTPUT RESULTS

Tab. 1 Duration (min) of temperature exceeding 600oC on the steel frames for every scenario

Fire scenarios

Duration over
600 oC
SC-00
SC-08
SC-015a
SC-015b
SC-015c
SC-030a
SC-030b
SC-030c
SC-045
SC-060a
SC-060b
SC-100
SC-100sp1
SC-100sp2

Frames
A1

A2

B1

B2

C1

C2

D1

D2

E1

E2

AVERAGE
(min)

ST.DEV.
(min)

0
8
7
2
5
30
8
8
13
42
43
20

2
2
2
4
8
20
28
30
28
37
46
23

4
4
12
3
5
44
7
10
15
46
42
21

2
4
7
14
5
36
20
36
38
44
40
36

0
0
6
2
0
29
18
6
14
42
37
17

3
2
2
4
2
26
4
19
38
41
33
23

0
0
0
0
6
10
40
3
7
38
37
15

0
0
0
0
0
9
12
5
37
38
39
18

0
0
0
0
17
6
41
0
13
35
37
15

0
0
0
0
0
4
20
3
32
26
38
16

1
2
4
3
5
21
20
12
23
39
39
20

1.4
2.7
4.0
4.0
5.0
13.1
12.4
11.6
11.6
5.3
3.4
6.0

0

0
0

0
0

0
5

0
0

0
0

0
0

0
0

0
0

0
0

0
1

0.0
1.7

0

Tab. 2 Average duration (min) and st. deviation of temperature levels on the steel frames

Fire scenarios

Duration over
(minutes)
SC-00
SC-08
SC-015a
SC-015b
SC-015c
SC-030a
SC-030b
SC-030c
SC-045
SC-060a
SC-060b
SC-100
SC-100sp1
SC-100sp2

600 oC

700 oC

800 oC

900 oC

1000 oC

average

st.
dev.

average

st.
dev.

average

st.
dev.

average

st.
dev.

average

st.
dev.

1.1
2.1
3.6
2.9
4.9
21.3
19.8
11.9
23.4
38.9
39.3
20.4
0.0
0.53

1.4
2.7
4.0
4.0
5.0
13.1
12.4
11.6
11.6
5.3
3.4
6.0
0.0
1.66

0.2
0.7
1.5
1.7
1.9
8.2
8.2
4.1
8.4
23.2
22.8
17.8
0.0
0.39

0.6
1.1
2.7
2.4
3.4
10.0
8.8
4.1
5.9
12.2
10.1
4.9
0.0
1.24

0.2
0.2
0.8
0.9
2.0
3.3
5.1
1.9
4.5
11.8
11.9
15.9
0.0
0.39

0.6
0.6
1.8
1.9
4.1
5.7
7.5
2.0
3.1
9.7
6.9
3.9
0.0
1.24

0.2
0.2
0.2
1.2
0.8
1.9
3.8
1.3
3.1
8.3
9.4
12.0
0.0
0.38

0.6
0.7
0.7
2.3
1.4
4.1
6.8
1.6
2.3
7.0
6.3
4.9
0.0
1.09

0.2
0.2
0.2
0.8
0.5
1.6
2.0
1.0
2.0
6.2
6.8
6.6
0.0
0.14

0.5
0.5
0.7
1.7
0.9
3.4
4.4
1.2
1.7
6.7
5.9
3.4
0.0
0.44

Temperature time-histories of the members of the 10 steel sub-frames of the storage
compartment which was mainly affected by the fire, are obtained for each fire scenario. The
time histories of the frames are difficult to be compared. Instead, the total time that every
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frame was subjected to temperatures over 600°C (Table 1), 700°C, 800°C, 900°C and 1000°C
is summarized. Due to the non-uniformity of the ventilation and fire development, a number
of frames are affected at a different level for every scenario. To include both the degree and
spatial extent of the thermal impact on the overall structural system, the average time and
standard deviation of the exposure of the frames is computed for every temperature level
(Table 2). Among the scenarios with the highest average, the most severe is determined by the
smallest standard deviation which indicates that more of the frames are affected by the fire
and contribute to the average temperature duration. Also the total HRR curves of the fire
scenarios are presented in Fig. 4.
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Fig. 4 Total heat release rate for the considered fire scenarios
3

DISCUSSION

For the temperature level of 600°C (Table 1) and 700°C(Table2) the thermal exposure of the
steel frames rises as the number of broken windows increases, but reaches a maximum for
60% window damage in scenario SC-060b. As expected, open windows provide fresh air to
the fire after the oxygen within the compartment is consumed. Therefore, after some time, the
combustion takes place in the vicinity of the openings and affects stronger the nearby frames.
As a result, the arrangement of the open windows can lead to a more contained or spatially
extended fire (scenarios SC-030a/b/c and SC-060a/b). The scenarios SC-030a/b/c have the
same degree of total damage, about 30%, but the position of the broken windows differs. In
scenario SC-030a the broken windows concentrate on the right side of the floor plan, in SC030b are placed diagonally on the opposite walls and in SC-030c only on one side. In Table 1,
were the 600°C level is presented on the sub-frames in more detail, it is evident that the
damaged windows determine which sub-frames are more affected by the fire. In SC-030a the
frames A,B,C are mostly affected, in scenario SC-030b all the frames are affected, especially
the ones closer to the openings, and in scenario SC-030c it is clear that the sub-frames
A2,B2,C2,D2, placed on the side of the open windows, are the most exposed to heat. The
same effect is observed in scenarios SC-015a/b/c, where in scenario SC-015c (with the
windows placed diagonally) the most affected frames are the ones next to the windows(frames
A2 and E1). Also, the longer distance between the combustion positions (the location of the
open windows) generates air flow that spreads in the whole compartment and produces further
combustion.
The decrease in the heat exposure that is observed for the temperature level of 600°C for the
scenario with all the openings damaged (SC-100), is a result of the slower fire development
that has a very steep growth rate after 45 minutes in the simulation (Fig. 4). This situation
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leads to higher temperatures with smaller duration and is evident in the higher temperature
levels of 800°C, 900°C and 1000°C (Table 2). In these temperature levels the scenario with
all the windows broken (SC-100) appears to be the most detrimental, regarding the total
thermal exposure. However, the fact that this fire has a significantly slower growth rate,
which escalates after 40 minutes in the simulation, provides a better chance of being
extinguished by conventional means and the fire-fighting crew. This is probably a result of the
air flow that brings colder fresh air in the compartment from the beginning of the simulation
and disperses the released heat from the burning racks, increasing the time it takes for the
temperature to reach 250°C and activate the rest of the heat release sections. Thus, if the fire
is extinguished manually within 40minutes, the SC-060 leads to higher fire loads. The 100%
window damage scenario SC-100 is critical only if the fire is allowed to fully develop and its
duration exceeds 1 hour.
Regarding the operation of the sprinkler system, even partially functional can result in the
suppression or restriction of the fire, but that highly depends on whether the functional part
covers the fire ignition point. The total damage of the sprinkler system is the main reason that
extended fire occurs in the compartment so designing a sprinkler system that can withstand
seismic displacements is a key factor to the fire design of an industrial facility.
The fire development depends highly on the air supply in the compartment and can even be
self-suppressed if there is no ventilation at all (SC-00). A change in the ventilation conditions
can be a result of non-structural damage that is most likely to occur during an earthquake. In
this case, a fire in addition to a non-functional fire-extinguishing system, can lead to
temperatures of magnitude more than 1000°C which are not expected to arise during the fire
design process, where the various systems are considered undamaged and fully functional.
4

CONCLUSIONS

Post-earthquake non-structural damage influences greatly the development of natural fire in
an industrial building, especially when combustible materials are in abundance. Although fire
loads are not combined in the design with earthquake loads, post-earthquake fire is a probable
event and post-earthquake non-structural damage has to be taken into account in the fire
design process.
The most influential damage is the malfunction of the active fire protection systems, which
are not necessarily designed to withstand seismic forces and displacements. A revision of the
design of such systems considering earthquake performance is advised.
Window damage causes change in the ventilation conditions and could lead to temperatures
different than the ones considered in the design process. As a result, it is recommended that
the fire retardant coating of the steel members should be adequate for the temperature timehistories produced by fire not suppressed by an extinguishing system.
The CFD analysis is a useful tool that can aid the fire design of buildings which do not
conform to the provisions for a simpler design approach, though it should be used with
caution, as is the case for all advanced computational methods.
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Abstract
During an explosive eruption, a construction is hit by several actions, always associated to
elevated temperatures, causing fires, possible explosions and reduction of the mechanical
properties of the structural materials. In this paper, the attention is focused on the analysis of a
specific volcanic event, the so-called air fall deposits, generally falling from the eruptive
column due to gravity. In particular the robustness against the air fall deposit of the most
common roofing structures, typically made of timber, steel and reinforced concrete, in the
Vesuvian area is evaluated. Consequently, some protection systems for mitigating the effects
of the combination of overloading and high temperatures are identified.
Keywords: explosive eruptions, Vesuvian roofs, ash fall deposits, high temperature, robustness
evaluation, mitigation systems
INTRODUCTION
Explosive volcanoes, like Vesuvius (Naples, Italy), are extremely dangerous. They are
characterized by the violent emission of the so-called eruptive column, formed by gas-solid
dispersal, rising vertically from the vent, due to the initial high pressure of the magmatic gas.
An explosive eruption occurring close to an urban area generates several actions that possibly
hit a construction: the volcanic earthquake; the additional gravity load on roofs produced by
pyroclastic deposits; the horizontal dynamic pressures on façades due to pyroclastic flows and
lahars; the impact produced by flying fragments (Mazzolani et al., 2009a,b). All these are
associated to elevated temperatures, which either can trigger fires and explosions or induce
degradation of the mechanical properties of the structural materials.
Down the century, the volcanic eruptions have produced many fatalities and economic losses
all over the world. In Europe, the Vesuvius area is characterise dat highest risk: a probable
eruption of Vesuvius menaces the surrounding urban zones, which are very much densely
populated, with about 600,000 inhabitants. This hazard situation of the Neapolitan volcano
motivated the core committee of European project COST Action C26 “Urban Habitat
Constructions under Catastrophic Events” (2006-2010) to introduce the volcanic vulnerability
assessment of the Vesuvius area as a case study within the research topics, with the twofold
general objectives: the robustness evaluation of the urban environment towards a Vesuvian
eruption and the identification of simple and economical mitigation interventions. In this
context, the present paper specifically deals with the evaluation of the effects of the combination
of overloading and high temperature due to pyroclastic deposits on roofing structures,
consequently, leading to the identification of possible mitigation systems.
1

NATURE AND MODELLING OF AIR FALL DEPOSITS

The main products of an explosive eruptions are the pyroclasts, originated by the magma
fragmentation. Their deposits are generically called tephra and divided in three basic types: air
fall, pyroclastic flows and surges.
The air fall (or tephra fall) deposits are formed by the accretion of clasts, either falling by gravity
from the eruptive column or throwing directly in surrounding areas from the crater, according
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to ballistic trajectories. Besides, the deposits of pyroclastic flows and surges are produced by
gas-solid dispersions with high or low concentration of particles, respectively, which move
along the volcano surface, following either the collapse of the eruptive column, or a directional
explosion for the sliding of a volcano part, or a lateral explosion at the bottom of a lava dome
(Nelson, 2010).
During violent explosive eruptions (Plinian and sub-Plinian), large deposits of tephra fall can
cover an area of elliptical shape around the crater, reaching also large distances, according to
the direction of stratospheric winds (INGV-OV, 2012). Contrary, moderately explosive
eruptions can produce deposits of clasts, whose distribution is symmetrical around the crater,
because the launches are not sufficiently high to be influenced by the wind. Generally, the
thickness of air fall deposits decreases with the distance from the eruptive centre.
The air fall deposits action on the ground level can be considered as a gravitational distributed
load, which can be estimated as it follows:
qG = ρ ⋅ g ⋅ h

(1)

where g is the gravity acceleration (9.81ms-2), hand ρ are the deposit thickness (m)and density
(kNm-3), respectively. The latter depends on the composition and compactness of pyroclasts
and the deposit moisture, which is weather dependent. Therefore ρ, ranges, according to its
compactness, from 4 to 16kNm-3in dry conditions, from 8 to 20 kNm-3in damp conditions
(Spence et al., 2005).
The air fall deposits action on the roofs can be modelled by similitude with the snow load
(Faggiano et al. 2013), considering qG as characteristic value of the tephra load. In particular
with reference to the 1631 sub-PlinianVesuvian eruption, it being considered in the current
Evacuation Plan by the Civil Protection, in Fig. 1 the isopaches of the air fall deposits, which
give the distribution of the deposit thickness, are depicted. In the same figure, the air fall deposit
loads on the ground (qG) and on the roof (qR), corresponding to CE=1, ρ = 14 kNm-3, different
deposits thickness h and typical pitch angle 9, according to the technical Italian code for the
snow (M.D., 2008), are indicated. In addition to the relationship (2), the model of the air fall
deposits action should be completed considering the high temperatures (200-400°C) of the
clasts.
h

qG

cm
10
20
30
50
100

kNm-2
1.4
2.8
4.2
7.0
14.0

α=0°

kNm-2
1.1
2.2
3.4
5.6
11.0

α=20°
kNm-2
1.1
2.2
3.4
5.6
11.0

qR

α=30°
kNm-2
1.1
2.2
3.4
5.6
11.0

α=45°
kNm-2
0.6
1.1
1.7
2.8
5.6

(b)

(a)

Fig. 1 Air fall deposits isopaches (cm) (a) and loads on the ground (qG) and on the roof (qR)
(b), referred to the 1631 sub-PlinianVesuvian eruption
2

IN SITU SURVEY AT THE VESUVIAN URBAN AREA AND CASE STUDIES

The pilot area was identified in Torre del Greco, the most populous town in the volcanic area
(about 90,600 inhabitants). Within the COST Action C26, two missions were organized, for
investigating three different urbanized zones (De Gregorio et al., 2010), involving members of
the partner countries, with the cooperation of the PLINIVS Centre (Hydrological, Volcanic and
Seismic Engineering Centre, Naples, Italy; Mazzolani et al., 2010).
The most common constructive types of buildings in the Vesuvius area are masonry and
reinforced concrete (RC). The main typologies of roofs are either horizontal (87%), made of
timber (4%), steel (58%) and RC (25%) structures, or vaulted (13%).
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The examined roof typologies are ventilated and not ventilated timber, steel and RC structures,
whose features are represented in Fig. 2.
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Fig. 2 Main Vesuvian roof types: a) not ventilated timber; b) ventilated timber; c) steel; d) RC
3

ROBUSTNESS EVALUATION OF THE VESUVIAN ROOF STRUCTURE

The behaviour of the study roof structures struck by the air fall deposits is evaluated in two
steps (Faggiano et al., 2013), considering the combination of the twofold action, such as the
additional gravity load and high temperatures. The first one consists in the assessment of the
ultimate vertical load which the structure is able to sustain, in addition to permanent design
load. In particular, the study is extended to roofs having different geometries and design live
loads (0.6 and 2.0 kNm-2). The second one is the thermal analysis of the roofs, which aims at
evaluating the mechanical degradation due to high temperatures.
The considered static scheme is a simple beam supported at both ends (Fig. 3), subjected to
dead load g and live load qR due to the air fall deposits.

T 5
J

/

Interaxes:

Timber and steel beams:
RC beams:

Spans:
L = 3, 4, 5, 6, 7m
Pitch angles:
α = 0, 20, 30, 45 °
i = 0.80, 1.00m
i = 0.50m

BEAM SIZES:
Timber
(chestnut)
Circular (φ) Rectangular (BxH)
[cm]
[cm]
10
12×20
12
12×24
14
12×26
16
14×20
18
16×20
20
16×22
22
16×24
24
18×22
26
18×24
28
20×24
30
20×26

Steel
FeB360
IPE

RC

100
120
140
160
180
200
220
240
270

Materials, height of beam
and reinforcement bars
variable according to the
different Italian technical
codes (RD 1939, MD
1972, MD 1996 and MD
2008), in function of two
assumed design live loads
equal to 0.6 and 2.0kNm-2

Fig. 3 Static scheme and geometrical features of the roofs
The mechanical thermal degradation of structural materials (Eurocodes 2, 3 and 5, Parts 1.2) is
considered at four temperatures, such as 20, 200, 300 and 400°C, they being assumed as
uniformly distributed within the cross section. Thermal analyses are carried out by ABAQUS
v. 6.5 nonlinear calculation program (Hibbitt et al., 2010). The FEM model of a 1.50 m x 1.00
m roof area with 16cm depth beams for timber and steel roofs and 12 cm depth beams for RC
ones, all of them having a 80cm interaxis, is set up (Fig. 4). The different roof layers (tile, slab,
waterproofing), which the thermal properties of the constitutive material (density, conductivity
and specific heat) are assigned to, are modelled through 3D heat transfer elements. With the
purpose of increasing the heat transfer time from extrados to intrados of the roof, a layer of a
140

thermal insulator, constituted by a 3cm thick rock wool with a conductivity coefficient
of0.04Wm-1K-1, which is considerably smaller than those of timber (0.1204Wm-1K-1), steel
(53.3004 Wm-1K-1) and concrete (1.9104Wm-1K-1), is also considered.
For each roof types, the ultimate residual live load q is determined, at different pitch angles α
(0-45°) and temperatures T (20-400°C). In particular, for the sake of example in Fig. 5 for steel
roofs the diagrams of qvsL, they referring to ambient temperature (20°C) with variable pitch
angle (Fig. 5a), and to a 0° pitch angle (plane roof) with variable temperatures (Fig. 5b), and
the thermal trend (Fig.5 c)are illustrated.

a)

c)

b)

d)

Fig. 4 Portions of roof considered in the thermal analyses: a) not ventilated timber; b)
ventilated timber; c) steel; d) RC

Į=0°C

Į=20°C

Į=30°C

α=45°C

a)
T=20°C

T=200°C

T=300°C

T=400°C

b)

Fig. 5 Steel roofs: air fall deposit collapse loads with different pitch angles (a) and
temperatures (b); thermal trend (c)
Results show that the ultimate residual load q has an increment of about 30-40% as far as the
pitch angle Į varies from 0 to 45°. Contrary, high temperatures produce a decrease of the
collapse vertical load due to the thermal degradation of the materials, which, as an average, can
be quantified as 30% at 200°C and 50% at 300°C; when the clasts temperature reaches 400°C,
for most of the considered sections, any additional load cannot be resisted and the collapse
occurs already for permanent loads.
Tab.1 Collapse times with or without an insulator layer

Timber roof
Ventilated timber roof
Steel roof
RC roof

Tcr
°C
100
100
400
400

Time without insulator
s
180
120
2000
2900
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Time with insulator
s
430
360
6200
12950

Finally, the maximum collapse time for each roof typology is determined, as reported in Tab.
1, where the beneficial effect of the insulator layer, especially for RCroof structures is apparent
(Faggiano et al., 2013).
4

PROPOSED VULNERABILITY CHARTS

In Fig. 6 some vulnerability charts are proposed. With reference to the 1631 Vesuvius eruption,
the isopaches corresponding to deposit thicknesses at certain distances from the crater, together
with the roof types (L=6m, CE=1 and ρ=14kNm−3) and the related collapse times are
represented, in the case either of a pitch angle α equal to 0°without insulator layer (Fig. 6a) or
pitch angle α equal to 0°, 20°, 30° and 45° and with the insulator layer (Figs. 6b-e).

a)

b)

c)

d)

e)

Fig. 6 Maximum collapse time produced by air fall deposits relating to 1631 Vesuvian
eruption for roofs without insulator and α=0° (a) and with insulator
and α=0° (b), 20° (c), 30° (d) and 45° (e)
5

CONCLUSIVE REMARKS AND POSSIBLE MITIGATION SYSTEMS

With reference to the Vesuvius area, roofs designed to resist ordinary vertical loads (0.60 and
2.00 kNm-2) collapse when subjected to air fall deposits due to a sub-Plinian eruption, as the
1631 one. As it appears, the roofs behaviour under air fall deposits is influenced by two main
factors: the materials thermal degradation and the roof pitch angle. The former one is due to the
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high clasts temperatures (150-400°C). It can be mitigated through the use of a thermal insulator
with a conductivity coefficient of 0.04W/mK, able to triple the collapse time of timber, steel
and concrete roofs. Besides, as far as the pitch angle is large, the load on the roof due to the air
fall deposits decreases and the ultimate residual vertical load increases; so, in the areas at risk
of pyroclastic deposits, a minimum slope of the roofs, such as 30°, should be required. In
particular, for the existing plane roofs, a pitch angle can be obtained through the realization of
over-structures made of light materials and provided with an adequate thermal insulation.
6
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DAMAGE CONTROL OF INTUMESCENT PAINTING
Influence of imperfections in intumescent painting
Tom Molkens a
a
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Abstract
From daily experience we know that, after erection of a steel structure, damage often occurs
on steel columns and beams due to transport and assembly work. In combination with
intumescent painting it is normal practice that after some time all paintwork will be touched
up and repaired if needed. The problem today is that at that most of the time, steel cladding is
already placed and the external parts of columns and beams cannot be reached anymore and
stay therefore (partially) damaged.
With the aid of thermoplastic calculation for some case studies, where the outer flange is
partially loaded with an external fire instead of an ISO834 fire, we could define how big the
damaged area may be and where it could be positioned without influence on the structural
integrity of the protection. Until today the SAFIR calculations are done for a R30 protection.
Keywords: intumescent painting, damage, imperfections
INTRODUCTION
Different types of damage or even poor execution of intumescent painting can occur, so this
becomes a safety risk if the location of the damage is no longer visible for inspection. Also,
to avoid time delays, it is interesting for the constructor to neglect those parts. We did some
research at different steel manufacturers to know what the common execution errors could be.
From this research it became clear that with application of a painting system on site,
completely non-visible or inaccessible areas even remained unprotected.
It is our purpose to simulate these kinds of defects in intumescent coating by means of a
thermoplastic model. The scope of our study is limited to industrial buildings with R30
protection. This without counting on the intumescent effect of this kind of protection. To be
quite clear; avoiding damage is still the best way forward, however sometimes you just have
to deal with it.

Fig. 1. Local damage
1

REFERENCE CASE

As reference case we used an industrial building with an 18 m span, 4.5 m height and dead
load set relatively low (0.30 kN/m²), with snow and wind loads according to Belgian
standards. The bracing system is schemed with the aid of hollow square sections. Following
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first order unity check, the system is well used until 97 % (columns) of the capacity with S235
grade steel.

Rigid
connection
Hinges

Fig. 2. Reference case, unity check at ambient temperature
2

INVESTIGATED SITUATIONS OF MISSING INTUMESCENT PAINTING

2.1 Damage pattern of local damage
Most of the damage occurs at the location of temporary support timber for storage and
transport or where lifting straps are attached to beams, columns or other members. To obtain
uniformly distributed stresses in the elements typically those areas are situated at 1/5th of the
total length, we have estimated them over the whole width of the IPE 330 and with a length of
200 mm.
On each beam/column we introduced a damaged part at 1/5th of the end, in this way the initial
hyper-static systems will be reduced to a kinetic one with weaker rotational springs at the
referred locations
2.2 Inaccessible areas
Differently from what went before in this situation, a complete side of the steel profile will be
unprotected in our simulations. This is always the outer (columns) or upper (beam) side. All
other sided areas remain always protected as in the previous point.
2.3 Situations investigated
Previously, two patterns must be combined with different materials and situations. A steel
roof decking profile with a height of 100 mm is always used. It is composed of a 0.75 mm
thick (trapezoidal) steel profile and a 100 mm insulation layer = sandwich construction. For
the wall cladding the same sandwich construction is used at a distance of 20 or 200 mm away
from the column, also concrete at 20 mm distance was investigated.
Tab. 1 Investigated situations
Name
R10S-W20S
R10S-W2S
R10S-W2C

3

Roof material
Sandwich
Sandwich
Sandwich

Slit (mm)
100
100
100

Wall material
Sandwich
Sandwich
Concrete

Slit (mm)
200
20
20

Supporting system
Purlins
Liner trays
Panels

TEMPERATURE OF PROTECTED PART OF THE STEEL MEMBER

We start from the idea that the intumescent painting is a well-engineered system with no extra
safety built in. Practice (Sanghoon et al. & Schaumann et al.) had already showed that in
laboratory tests it seems there is always a certain safety margin in this kind of protection.
However it is not our intention to take this into account.
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As already applied by ourselves we simulated the behaviour of a steel IPE330 member with
the aid of a tri-linear diagram. In the beginning the protection is rather low due to foam
growth in an initial phase and in a second phase the rise of temperature slows down.
From measurements of the results we could define a slope ratio of 2.69 between the initial and
second phase at a temperature of 250°C. Finally at the required protection time of 30 minutes
the critical steel temperature of 520°C is reached by the aid of a fictive end gas temperature at
the required protection time. The temperature of the steel member is calculated by the aid of
the NBN EN 1993-1-2 formula.

Fig. 2. Assumed tri-linear time-temperature relationship for protected steel (IPE330)
As boundary conditions for defining the curve we used 20°C at 0s, a slope ratio of 2.69 at
250°C end the fictive gas temperature which leads to a steel temperature of 520°C we can
describe a bilinear curve. At the end in a time step of 60s the protection is assumed to
degenerate completely so the curve fits the ISO834 one = the third part of the curve.
4

HEAT FLUX ON NON PROTECTED PART

It can be imagined that boundary conditions in the neighbourhood of roof or wall cladding are
different compared to an open space. It is not at all easy to simulate a temperature profile like
that of ISO834 in a numerical way. Results in the narrow space between column and inner
side of the elevations (= a slit) seem to be extremely difficult. In addition this would not give
any physical insight into the problem. Therefore we apply a modified heat flux on the nonprotected part based on the classic time-temperature relationship according to ISO834.
4.1 Numerical model
We built a model for a small room with two insulated borders at the sides (symmetrical
boundary conditions), an open space on one end, concrete or sandwich (steel + insulation) at
the other end with different spacing to a column, concrete floor and sandwich roof structure.
This study was done with a fire load of wood (wooden pellets? of 1400x40x40 mm³) equal to
30 kg/m² uniformly distributed. In the following table and figures the data is shown.
Tab. 2 Materials and properties
Material

location

Floor, walls and
columns
Steel (profile)
Beams
Steel (sandwich)
Beams
Insulation
Side + sandwich
Concrete

Conductivity
(W/mK)

Specific heat
(J/(kg.K))

Density
(kg/m³)

Thickness
(m)

1,60

900

2300

0,200

50
50
0,05

500
500
1030

7800
7800
40

0,010
0,00075
0,100
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In this way we can check the difference between the net heat flux on the directly heated,
visible part and the part which stays invisible and therefore unreachable for touch-up work.
The same ratios can be applied to the ISO834 heat flux which will lead to a modified one.
Measurement devices for temperature, net heat flux, convective and radiation part are located
at 1/4 of the profile width (proposed to be the mean value over the width). For the column at
1, 1.5 and 2 m height, for the beam at 1, 1.5 and 2 m from the inner part of the elevation.

Fig. 3. Isometric view @11.3 s, R10S-W20S Fig. 4 Top view @11.3 s, R10S-W20S
Smoke particles in the figures above show already that smoke can/will penetrate the slits of
200 mm and 100 mm, this is also the case with more narrow spaces of 20 mm. From the
measured results it seems that the slit at the column must be treated differently to the one
above the beam:
•
•
•

Most elevated temperature + heat flux and best corresponding to ISO834 is reached at
1m height for the columns and at 1.5m for the beam.
The convective part for the columns seems to be almost negligible. This is perhaps not
the most important because convection is only important in the beginning.
For the beam the convective part is also more rapidly decreasing as in ISO834.

4.2 Determining reduced heat flux
Based on the formulas 3.1, 3.2 and 3.3 we propose to modify the net heat flux which we are
going to apply to the non-protected surface as follows:

[

hnet ,column = Φ s ,c hnet = Φ s ,c α c (θ g − θ m ) + Φε m ε f σ (θ g4 − θ m4 )

]

(1)

where ĭs,c , ĭs,b
general reduction factor for a slit to be applied on column or beam
For other symbols see EN 1991-1-2
Up to now we did not make a separation for the slit factor to be applied on the convective and
radiation term, so we only used one general reduction term. From the numerical simulations
it emerged that for our purposes, the accuracy was already satisfactory. The factor depends
on time (t in s), slit (s in m) and profile width (p in m):

Φ s ,c =

1
p
1 + 0.6
s

0.2101t −0,3840

(2)

Φ s ,b =

1
p
1 + 0.6
s

2.3406t −0, 24

(3)

For the beam this approach seems to be very accurate, for the column it is rather conservative
due to the "over-estimated" influence of the convective term.
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5

RESULTS

5.1 Temperature profile
For thermal and structural analysis we used the well-known SAFIR software (Franssen). By
using this software tool for thermoplastic analysis a temperature profile is independently
calculated and applied to a whole structural member. This is of course not the case for the
damaged section parts. The following figures shows the differences for the three main
sections used in our model, maximum temperature at 1800s respectively 535, 534 and 534°C.

Fig. 5. Protected

Fig. 6 Damaged, s=200mm

Fig. 7 Damaged, s=20mm

5.2 Structural behaviour with damage.
For a column slit of 200 mm; a maximum displacement of 44 mm is obtained after 1800s and
at the failure time of 1907s, this displacement becomes 744 mm. With a narrow slit of 20
mm, those values become 77 mm @ 1800s and 2828 mm @ 1907s.

Fig. 8. Structure deformation @ 1800s, 200 mm slit for columns

Fig. 9. Structure deformation @ 1800s, 20 mm slit for columns
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5.3 Structural behaviour with unprotected areas.
For a column slit of 200 mm; a maximum displacement of 76 mm is obtained after 1800s and
at the failure time of 1909s, this displacement becomes 1632 mm. With a narrow slit of 20
mm, those values become 76 mm @ 1800s and 2131 mm @ 1910s.

Fig. 10. Structure deformation @ 1800s, 200 mm slit for columns

Fig. 11. Structure deformation @ 1800s, 20 mm slit for columns
6

CONCLUSIONS

With the aid of our case study it is numerically proven that the influence of a double local
damage at 1/5th of the length and with a length of 200 mm has no influence on the protection
time. Even with the whole surface against roof or wall cladding unprotected, we still fulfil the
requirements.
The number of simulation made are still limited but the results are promising, material
dependency for wider slits, differentiation from the slit factor to the convective, radiation
factor must be done and also the boundary condition of this approach has to be clarified.
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Abstract
By using advanced FEA techniques, the predicted temperature in steel elements can be
reduced significantly (see paper by Ulf Wickström). By in addition assuming a performance
based fire exposure obtained with numerical fire models such as Fire Dynamics Simulator,
FDS, the steel temperatures can be even further reduced.
Most calculation methods assume the fire exposure of the steel sections to be uniform. By
using section factors A/V, i.e. the circumference over the area, and the most onerous of the
fire exposing temperatures from computer fluid dynamics, CFD, calculations, the
temperatures is over-estimated which leads to very conservative and costly solutions.
By considering the cooling effect of concrete structures and shadow effects, the temperatures
can be reduced in the steel. By combining differentiated fire exposing temperatures from CFD
calculations with consideration to shadow effects and the cooling of concrete, the temperature
in the steel beam can be reduced even further.
Keywords: adiabatic surface temperature, CFD, FEA, shadow effect, thermal response
INTRODUCTION
Eurocode 3: Design of steel structures – Part 1-2: General rules – Structural fire design1
contains various means of calculating temperature in fire exposed steel structures. Most
calculation methods assume the fire exposure of the steel sections to be uniform while
boundary temperatures from real fires in general are non-uniform2. By considering a nonuniform temperature exposure and an advanced FE-analysis set up, there can be a big
difference in the calculated temperatures for the same cross section.
When calculating the steel temperature in a beam supporting a concrete slab, these methods
for calculation can be illustrated.

Fig. 1 Concrete slab supported by two different
kind of beams

1
2

(EN 1993-1-2, 2005)
(Wickström, Jansson, & Touvinen, 2009)
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The simplest method is to use section factors  ܣ⁄g , i.e. exposed surface area over the
volume of an element, and the most onerous of the fire exposing temperatures from a real fire
scenario. The steel temperature tends to gradually adopt the fire exposing temperatures. As
the fire exposing temperature is the most onerous it is an over-estimation for the other sides of
the steel leading to very conservative and costly solutions. It can be considered an overestimation as the assumed fire exposure is more severe than the actual fire exposure for most
sides of the element. Further, no heat is allowed to leave the cross section to the concrete
giving two conservative assumptions.
There are several ways of increasing the accuracy of calculations and thereby often reducing
the steel temperatures without reducing the overall safety level.
Firstly, by considering the concrete slab, heat can leave the cross section trough the upper
flange. This reduces the temperature of the upper flange and to some extent, the web. The
cooling effect has little or no impact on the lower flange.
Secondly, by considering the shadowing effects of the flanges in the H-sections the web and
inside of the flanges is allowed to “see” other surfaces than only the fire. For simple spread
sheet calculations this is done by changing the section factor,  ܣ⁄g , as described in Fig. 2.
The effective heated surface,  ܣ, is reduced from the actual perimeter to the perimeter of a
virtual box, [] ܣ4 , resulting in a lower section factor denoted [ ܣ⁄g ]4 .

Fig. 2 The dotted line represents the heated area of the cross section. The left figure is heated
with no consideration to shadow effects, whereas the right one does consider shadow effects
In a simplified numerical analysis with no regards to the shadow effects, the development of
the steel temperature can be expressed according to EN 1993-1-23.
In an FE-analysis, considering the shadow effect can be done by adding a virtual
representation of the box perimeter on a H-section creating a void on each side of the web.
Together with the web and flanges, the virtual box perimeter creates a void where the inside
of the virtual box perimeter can be modeled with a prescribed temperature. This way, the
virtual box perimeter can imitate a black body recreating the fire exposure conditions that
exists on the perimeter. A more practical description on how this is done is made in the
section 2.

Fig. 3 The virtual box perimeter creates a void with the web and flanges;
the dotted line represents the virtual box perimeter
Finally, the non-uniform fire exposure temperatures are considered along with the shadow
effects in a FE-analysis.
1

CALCULATION OF BOUNDARY DATA

For calculations of steel temperature with non-uniform fire exposure, the fire exposure for
each side of the beam and exposed sides of concrete has to be calculated. The boundary data
3

(EN 1993-1-2, 2005)
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for the thermal analysis can be represented by adiabatic surface temperatures, AST, from
FDS4which is calculated at the surfaces of the hollow beam and the ceiling as shown in Fig. 4.

Fig. 4 Set of reference points for transferring data from FDS to FEA;
reference point 1 is facing the burner
The modeling domain imitates a room similar to that stipulated in ISO 97055, a room with the
dimensions 2.4 m x 3.6 m x 2.4 m and an opening of 0.8 m x 2 m in one end (see Fig. 5). A
propane burner is located at one of the far end corners with an elevation of 0.65 m and a
constant effect of 450 kW. ASTis obtained at the surface of a modeled hollow steel section
with the dimensions 200 mm x 200 mm with flanges and web with a thicknessof 10 mm. The
beam supports the concrete ceiling.

Fig. 5 Setup of calculation for obtaining coupling data for FEA
The data from this calculation represents the fire exposure to the beam. This fire exposure can
be assumed equal for structural elements of approximately the same size and shape. As this is
the case for the hollow and H-section, calculated _ can be used for both of the sections6.
The H-section has the dimensions 200 mm x 200 x mm with flange and a web with a
thickness of 10 mm.
The material properties and emissivity are taken from the Eurocodes7,8 along with the
convective properties for natural fires from EN 1991-1-2 (3.3.2)9assumed to 10 W/m²K for all
surfaces.
2

EXAMPLES OF COUPLING

When coupling CFD calculations to thermal response calculations there are a few different
methods available. The FE-analysis of method 2-5 is performed with TASEF10.
4

(McGrattan, Klein, Hostikka, & Floyd, 2007)
(ISO 9705, 1993)
6
(Sandström, 2008)
7
(EN 1992-1-2, 2004)
8
(EN 1993-1-2, 2005)
9
(EN 1991-1-2, 2002)
5
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2.1 Simplified Eurocode
Spread sheet calculation with fire exposure from a single, uniform temperature. Connection to
concrete is ignored.

Fig. 6 Fire boundary in calculation 1; the dotted line represents fire exposure
2.2 Simplified FEA
Finite element calculation with fire exposure from a single, uniform temperature. No regards
to shadow effects for the H-section and the connection to concrete is ignored.

Fig. 7 Fire boundary in calculation 2; the dotted line represents fire exposure
2.3 Advanced FEA with uniform fire exposure
Fire exposure from a single, uniform temperature. Concrete is modeled in the calculations but
not the shadow effect for the H-section.

Fig. 8 Fire boundary in calculation 3; the dotted line represents fire exposure
2.4 Advanced FEA with uniform fire exposure and shadow effect
Same as above but with regards to shadow effects. This analysis is only performed for the Hsection.

Fig. 9 Fire boundary in calculation 4; the dotted line represents fire exposure

10

(Sterner & Wickström, 1990)
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2.5 Advanced FEA with non-uniform fire exposure and shadow effect
Full analysis with different fire exposure temperature for each side. The fire exposure
temperatures are the corresponding adiabatic surface temperatures for each side.

Fig. 10 Fire boundary in calculation 5; the dotted line represents fire exposure
3

RESULTS

3.1 Fire exposure temperature
The adiabatic surface temperatures in reference point set A are showed in Fig. 11. The highest
adiabatic surface temperature is calculated under the bottom flange, i.e. reference point AST
A-2, which is used as fire exposure temperature when assuming a uniform fire exposure
temperature.

Fig. 11 Adiabatic surface temperatures in reference point set A from CFD calculations
3.2 Hollow section

Fig. 12 Temperature development for each of the sides in the hollow section depending on
the level of accuracy. Index 4 represents the upper flange in contact with concrete.
The other indexes correspond to Fig. 4.
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When calculating the temperature in the hollow section, the heat exchange in the void is
considered at all times except for the simple spread sheet calculation. The temperature is
calculated for all four sides of the hollow section following the same numbering as presented
in Fig. 4 with the addition of side 4 which is facing the concrete.
Tab. 1 Temperature distribution in a hollow section with different levels of accuracy
Method
1 – simplified EC
2 – simplified FEA
3 – advanced FEA, uniform fire exposure
5 – advanced FEA, non-uniform fire exposure

Side 1
877°C
811°C
777°C
628°C

Side 2
877°C
809°C
776°C
719°C

Side 3
877°C
807°C
772°C
611°C

Side 4
877°C
719°C
594°C
436°C

3.3 H-section
The temperature in the H-section is calculated in the lower flange, the web and the upper
flange numbered 2, 3 and 4 respectively.

Fig. 13 Temperature development for each of the sides in the hollow section depending on
the level of accuracy. Index 2, 3 and 4 represents the lower flange, the web and upper
flange in contact with concrete respectively.
Tab. 2 Temperature distribution in a hollow section with different levels of accuracy
Method
1 – simplified EC
2 – simplified FEA
3 – advanced FEA, uniform fire exposure
4 – advanced FEA, uniform fire exposure, shadow
5 – advanced FEA, non-uniform fire exposure, shadow

4

Lower flange
869°C
877°C
877°C
857°C
729°C

Web
869°C
877°C
876°C
851°C
658°C

Upper flange
869°C
868°C
764°C
731°C
559°C

COMMENTS ON THE CALCULATIONS

By adopting a more advanced set up of boundary conditions, the steel temperature can be
predicted with greater precision and becomes as rule reduced significantly. Only by using
FEA considering the cooling effects of concrete on a hollow steel section, i.e. method 3, gives
a temperature decrease in the lower flange of close to 100°C and in the upper flange of close
to 300°C compared to the simplified method presented in EN 1993-1-2. For the H-section,
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this difference is negligible for the lower flange and approximately 100°C for the upper
flange.
When adopting different fire exposing temperatures the temperature is even better predicted.
This way the analysis consider less onerous exposure on the sides not directly exposed to
thermal radiation from the flame. This concept decreases the temperature and the difference
compared to the simplified solution for the hollow section is 250°C for the lower flange and
450°C for the upper flange. For the H-section, this difference is 150°C for the lower flange
and 300°C for the upper flange.
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Abstract
A known fact is that the water sprinklers cool down the fire and also the structures. In most
countries the requirements for fire protection can be lowered, if the building is equipped with
automatic water sprinklers. The cooling effect of different kind of sprinkler types, water
flows and droplet size to steel structures has been studied for several years in Finland. The
outcome has been a national approval for a fire protection system consisting of a selection of
steel structures and certain type of sprinkler systems. This research has been presented in
ASFE earlier conferences.
The latest research project concerning this is just about to be finished. The objective of this
research was to study the behaviour of long steel columns in case of fire in a typical
warehouse or a logistic building equipped with adequate sprinkler system. Columns up to
13,7 meters were studied using verified FDS simulation. Fire load scenarios were taken as
storage shelves filled with certain material and fire spread. The unknown fact has been how
these sprinkler systems cool down the high columns when the sprinkler systems are attached
near the roof as normal. The results of this will be presented in this paper together with some
other special cases which might occur in a fire in sprinklered building.
Keywords: fire protection, water extinguishers, cooling, steel structures, sprinklers
INTRODUCTION
The main idea of this research was to study the effect of ESFR (Early Suppression Fast
Response) sprinkler system to cool down the fire and steel structures in fire situation in high
storage-type premises. This paper is based on a research report done by VTT (Vaari et al,
2012). The main focus was to study the temperatures in tall columns, when the water
extinguishers are attached near the roof as usual and there’s no rack sprinklers attached. The
benefit is that moving the shelves is not dependent upon the rack sprinklers and still the fire
safety stays at adequate level. The cooling effect down to the ground level was the main
research issue to be able to design the steel columns to adequate dimensions.
The sprinkler system is based on discharging a large amount of water very fast. The K-value
is typically around 200-360 l/min/bar1/2.
The research also studied the cooling performance of dry systems. The dry systems are used
often in cold storages to avoid freezing of the water in pipes. The functioning differs from the
wet system, where there is pressurized water in the pipes and therefore the reaction is faster.
In dry systems there’s a little delay because of the water coming from the tanks after the
system starts, i.e. the sprinkler heads are acting or the fire detectors give the signal.
The height of the columns was limited to 13.7 meters. This comes from the sprinkler design
standards
The research was done using FDS (Fire dynamics Simulator) by NIST. The validation was
based on experimental research and literature. FDS is the most used fire simulation software
and this freeware, open source software is updated actively by the scientific network governed
by NIST.
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1

CALCULATION METHOD

The ability of the sprinklers to cool down steel structures was studied using FDS software,
version 6.0.0, SVN12961. This is a tool for especially different flow calculations in fire.
In this work the temperatures of a steel column were studied in cases were the column is
either next to the wall or in an open space. The calculation area was 6m x 6m x 13.7m and the
resolution was 20cm.
The basic assumption was that the stored things commodities work as an obstacle to the
spread of fire and water. The material corresponds to cellulosic, double triwall corrugated
cardboard. The fire was modelled as a 2m x 2m burner, in which the time evolution of the
heat release rate corresponded to a storage shelf fire. The sprinklers were not assumed to put
down the fire, so the heat release rate was allowed to doubled at after the moment the
sprinklers activate and then kept steady. This is an assumption often used to be sure of the
safety level or overdimensioning.
1.1 Sprinkler description
The sprinkler system in the model had 4 nozzles in a 3m x 3m network. The distance to the
column wall was 1.5 m. In the case where the column is next to the wall, it is situated in
between two nozzles and in the open space-case the column is centered between the four
sprinklers. These are illustrated in Fig 1.

Fig. 1 FDS model for a steel column in local fire in the describes cases.
The spray pattern or spray envelope in these kind of sprinklers is downwars aiming to
maximize the water amount watering the area and burning items below. The exact pattern is
not very often exactly given.
In this study the water droplets are assumed to be evenly spread in between azimuth angles 50
and 80 to spray sprinklers (used in the dry pipe system) and between 0 and 80 to ESFR
sprinklers.
1.2 Steel model
The parameters for structural steel follow Eurocode 3 (EN 1993-1-2) values. The temperature
dependence was taken into account. The temperatures were determined in 1mm depth
underneath the steel surface. Vertical distance between the measuring points was 1 meter.
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2

RESULTS

2.1 Validation of the FDS model
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The experimental tests carried out at VTT were used as a validation background. These test
results could be used only partly because the situation in this simulation is different from the
test. The cooling effect to the gas temperature is less important in this study than cooling
down the steel structures.
The freeburn (no sprinklers) case was modelled and compared to the previous test results. It
was done with ISO 834 curve. The results can be seen from Fig.2.
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Fig. 2 Time evolution of the heat release rate used in the freeburn experiment, and measured
and calculated gas temperatures.
2.2 ESFR-system’s cooling effect in high storage
ESFR system is based on fast response to fire and very high water amount together with large
droplet size which together put down the fire very effectively even from a high distance.
In this research two scenarios were studied in cases were the column is either next to the wall
or in an open space. The idea was to study the cooling effect when there’s shelves attached
and also when there’s a lot of fire load but the column is in open space affected by the fire.
The heat release rate was 5.4. MW in the beginning of water discharge and the flame reached
about 4-5 meters high. The biggest effect is naturally to the lower part of the column. This is
illustrated in Fig 3.
The development of the steel surface temperature in different heights is illustrated in Fig.4.
The column wall thickness was in this case 6mm and it can be seen that the maximum
temperature is reached at about 2m height with a temperature around 330°C. This shows the
cooling power of ESFR system.
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Fig.3 Left: time evolution of the HRR during ESFR cooling experiment with storage racks
against a wall. Right: flame shape upon activation of first sprinkler.
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Fig.4 Time evolution of the surface temperature of the steel column during ESFR cooling
experiment with storage racks against a wall.
The open space scenario was studied similarly. The heat release rate was 7.6MW in the
beginning of water discharge which is a lot higher than used in literature (Kung et.al.) and the
flames reached again 4-5 meters in the start. The main effect was to the lower part of the
column. The highest temperatures were at 2m height, with maximum of 635°C with 6mm
wall thickness. The case, heat release rate and temperature development is presented in Figs. 5
and 6 with a comparison between different wall thicknesses. Naturally this affects the
temperature development.
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Fig. 5. Left: time evolution of the HRR during ESFR cooling experiment with storage racks in
an open space. Right: flame shape upon activation of first sprinkler.
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Fig. 6 Left: time evolution of the surface temperature of a 6mm thick steel column during
ESFR cooling experiment with storage racks in an open space. Right: the effect of steel
thickness on the column surface temperature at 2m height.
2.3 Dry system’s cooling effect in high storage
One aim was also to study the cooling effect of so called dry system, where there’s a delay of
the water coming from the noffles. This was studied with a very maybe too high fire load. The
column was in an open space. The heat release rate in the beginning of water discharge was
13.7 MW, because the fire have about 1 minute more to develop before sprinklers work. In
Fig. 7 the HRR is presented and in Fig 8 the results are presented for one type column. This
has to be studied more thoroughly in the future.
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Fig. 7 Left: time evolution of the HRR during dry-pipe system cooling experiment with cold
storage racks in an open space. Right: flame shape upon activation of first sprinkler.
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Fig.8 Time evolution of surface temperature of a 10mm thick steel column. Dry sprinkling.
3

SUMMARY AND ACKNOWLEDGMENT

The studied ESFR wet sprinkler system can effectively cool down the columns in different
cases. The temperatures rise higher only for a short period of time and this will not cause any
structural risk. Using dry system, the delay in the activation of the system causes also
temperature rise during this time, but when the system starts to work, the temperatures start
decreasing strongly to safe level. The structures reach the highest temperatures just before the
first sprinkler heads start to work, as was assumed.
The situation of the column of course affects strongly to the temperatures. The studied cases,
column in the middle in open space near the shelves with fire load and near the wall varied
from each other naturally and the highest temperatures are of course, when the column is
engulfed in fire from all sides.
The basic assumption of the fire model in this work might cause too big thermal exposure to
the structures and therefore over-estimate the temperatures of the steel columns.
Altogether the results show the effectiveness of sprinkler protection even in this high cases.
Of course the functioning of the system has to be reassured to be able to use it as structural
fire protection. This is still not an issue when following the sprinkler rules.
More research is planned and will be done in the following years.
The Authors wish to acknowledge the company Ruukki Construction Oy and VTT of good
co-operation.
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Abstract
In this paper a simplified robust 2-noded connection element has been developed for
modelling the flexible end-plate connections at elevated temperatures. In this model, the two
stage behaviours of flexible end-plate connection are considered. The model has the
advantages of both the simple and component-based models. It is computationally efficient
and has very good numerical stability under static solver conditions. A total of 14 tests are
used to validate the model, demonstrating that this new connection model has the capability to
accurately predict the behaviour of the flexible end-plate connections at elevated
temperatures. The model can be used to simulate the flexible end-plate connections in real
performance-based fire resistance design of steel-framed composite buildings.
Keywords: flexible end-plate connection, component-based model, fire resistance, steel
structures.
INTRODUCTION
In recent years considerable research has been done to investigate the performance of steelframed composite buildings under fire conditions. Current research indicates that the
robustness of steel connections is vitally important to the fire resistance of composite
buildings. Traditionally, the beam-to-column joints are assumed to be classified as ‘pinned’ or
fully ‘rigid’. However, the true behaviour of joints could be classified as ‘semi-rigid’, which
is in between the two extremes. A flexible end-plate connection has higher flexibility and
larger rotational capacity compared with a flush and extended end-plate connection. Flexible
end-plate connection comprises a rectangular plate symmetrically welded to the supported
beam web, with the whole assembly then bolted to the supported column flange on site.
Because of its simplicity and economy in both fabrication and assembly, flexible end-plate
connection is of great popularity in the construction of braced multi-storey steel framed
buildings.
Many laboratory tests have been conducted to understand the behaviour of beam-to-column
connections at elevated temperatures (Leston-Jones 1997, Al-Jabri et al, 2005). Al-Jabri et al
(2005) developed a component-based model to predict the behaviour of flexible end-plate
connection under fire conditions. However, the model is only capable of predicting the
behaviour of flexible end-plate connection before the beam bottom flange comes into contact
with the column flange. In 2008, a series of experimental tests was conducted on the flexible
end-plate connections at both ambient and elevated temperatures by Hu el at, (2009), who
subsequently developed a component-based model to simulate the response of the flexible
end-plate connections at elevated temperatures. In their model, the two stage behaviours of
the flexible end-plate connection are taken into account.
The models described so far are component-based models (also known as spring-stiffness
models). In these models the connection is regarded as a combination of several basic
components. Each individual basic component has its own strength and stiffness
characteristics in terms of tension, compression or shear. The overall behaviour of the
connection is represented by combining these basic components. The major shortcoming of
component-based models is that under a static solver the analysis terminates if one of the
components of the connection fails due to numerical singularity. Dynamic solvers need to be
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used to overcome this problem, but the computational efficiency of the model is significantly
reduced.
Huang (2011) has recently developed a robust 2-noded connection element for modelling the
bolted flush and extended end-plate connection between steel beam and column at elevated
temperatures. The model has good numerical stability under static solver condition. For this
reason this model is employed here as the basis for the current development of a simplified
model to simulate the behaviour of the flexible end-plate connections under fire conditions.
The two stage behaviours of the flexible end-plate connections are considered in the model
presented in this paper.
1

DEVELOPMENT OF THE NUMERICAL PROCEDURE

One of the main characteristic of the flexible end-plate connection is that its rotational
response comprises two stages, as illustrated in Fig. 1. The first stage is the unimpeded
rotation of the connection, and the second stage is when the bottom flange of the beam comes
into contact with the flange of the column after sufficient rotation. These two stages comprise
the moving of the compression centre of the connection from the end of the endplate to the
centre of the beam bottom flange, which leads to an increase of moment resistance and
rotational capacity.
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element (beam side)
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Central line of
plane
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Slab
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Node of connection
Connection element Beam element
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z
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Centre of
Compression
(a) Before contact.
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compression.
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u
Local coordinates

(b) After contact.

of

centre

of

Fig. 2 Two-noded connection element.

These two stages are both taken into account in the model developed in this paper. The
proposed numerical procedure is based on the main frame of Huang’s two-noded connection
element (Huang 2011) with the further developments to analyse the behaviour of the flexible
end-plate connections at elevated temperatures. In Huang’s original model, the connection is
regarded as a two-noded element which has no physical length (see Fig. 2). Each node has six
degrees of freedom, three translational degrees of freedom u, v, w, and three rotational degrees
of freedom  x ,  y ,  z . Only the in-plane behaviour of the connection element is considered. In
order to develop a numerical procedure for determining the bending moment characteristic of
the flexible end-plate connection in fire, the connection is divided into tension and
compression zones. The developed models for determining the tension, compression and
moment resistances of the flexible end-plate connection are based on the component-based
method. The moment-rotation characteristic of the connection element is represented as a
multi-linear curve at each temperature level (see Fig. 3). In the figure, S j ,int is the initial
rotational stiffness of the connection element;  Xd is the rotation when moment of the
connection reaches the moment resistance M j ,Rd ; Contact is the rotation when the bottom
flange of beam contacts to the flange of column after sufficient rotation; M Contact is the
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bending moment of the connection when contact happens; Cd is the maximum rotation of the
connection. The rotation  Id ,  Xd , Contact are calculated as follows:

 Id 

2M j ,Rd

 Xd 

2 M j ,Rd

Contact 

(1)

3S j ,int

(2)

S j ,int

tp

(3)

0.5 * Dbeam  d beam, plt

where t p is the thickness of flexible end-plate, Dbeam is the depth of beam, d beam, plt is the
distance from the bottom flange of the beam to the end of endplate. Because the relative
rotation between flexible endplate and the beam is small compared to the geometry of the
connection, the value of rotation when contact occurs is calculated directly relate to the
geometry of the flexible end-plate and the beam.
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Fig. 3 Multi-linear moment-rotation curve used for the flexible end-plate connection.
Based on comprehensive numerical parametrical studies, the proposed moment-rotation
characteristic of the flexible end-plate connection can be expressed as:
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j , Rd
 3( Xd   Id )
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$%  0.15  S j ,int, II  (  Contact )

  Id

#
!
!
"

 Id

  Xd

 Xd

 Contact

(4)

Contact  Cd

where S j ,int,II is the initial stiffness of the connection for the second stage. If the rotation of
connection  is larger than Cd , it is assumed that the connection is broken, hence the
bending moment M j is assumed to be zero.
The initial stiffness of the connection S j ,int is calculated based on the model developed by
Al-Jabri et al (2005), as shown below:

1
S j ,int



1
K eqt z

2
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1
Kc z 2

(5)

where K eqt is the equivalent tension stiffness, K c is the compression stiffness, z is the
equivalent level arm.
When the connection has more than one bolt row in tension, the level arm z is the distance
from the centre of compression to the equivalent tension bolt row, which can be expressed as
(Al-Jabri et al, 2005):

' (K
z
' (K

2
tt , r r

h )

r

h)

(6)

tt ,r r

r

where K tt ,r is the tension stiffness of each individual bolt row r , r is bolt row number, hr is
distance from bolt row r to the centre of compression. K tt ,r is given as the combination of
the stiffness of three components as follows (Hu el at, 2009):
1
1
1
1



K tt ,r K plt K weld N bt K bt

(7)

where K plt , K weld , K bt are the stiffness for the T-stub assembly, the weld and the bolt
respectively. N bt is the number of bolts in tension at a given bolt row. The detail formulation
for calculating the stiffness of these three basic components can be found in the Reference
(Hu el at, 2009).
In the tension zone, equivalent tension stiffness K eqt represents the overall initial stiffness
when the connection has more than one tension bolt row. This equivalent tension stiffness can
be given from the following expression (Al-Jabri et al, 2005):
K eqt 

' (K

h)

tt ,r r

r

z

(8)

When rotation of the connection  < Contact the centre of compression is at the bottom end of
endplate. However, when Contact  Cd , the bottom flange of the beam comes into contact
with the column flange. At this stage, the centre of compression shifts to the centre of beam
bottom flange, which leads to the increase of level arm z . Hence the initial stiffness S j ,int,II
for the second stage is increased.
The tension capacity of each individual bolt row is calculated based on the component-based
model proposed by Hu el at (2009). In the current model, the connection is considered as a
combination of three basic components, which are the bolt, weld and a T-stub assembly
comprising the endplate and the beam web. Each component has its own elastic stiffness and
tension resistance. For the T-stub assembly, there are three different failure mechanisms.
According to the experimental tests conducted by Hu el at (2009), the failure mechanism for
the flexible end-plate connections is mainly the second failure mode. The second failure
mechanism is that the T-stub suffers complete yielding, which has a first plastic hinge
forming at the flange-to-web intersection and a second plastic hinge occurring in the bolt line.
Therefore, in this model, the stiffness and the tension resistance capacity of the T-stub
assembly is calculated based on the second failure mode.
For each individual tension bolt row, its tension resistance Ftens,r ,bolt can be determined as the
minimum value of tension resistance of three basic components as below:

Ftens,r ,bolt  min(Fplt , Fweld , Fbt )
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(9)

where Fplt , Fweld , Fbt are the tension capacity for the T-stub assembly, the weld and the bolt
respectively. The detail formulation for determining them can be found in the Reference (Hu
el at, 2009). For the compression zone, the rotational stiffness is taken as the value of stiffness
of column web, which is calculated based on a simplified model proposed by Block et al
(2007).
The moment resistance of a flexible end-plate connection can then be calculated as:
M j , Rd  ' hr Ftens ,r ,bolt

(10)

r

where Ftens,r ,bolt is the tension resistance of bolt row r .
In this paper, steel material properties, such as yield strength; ultimate tensile strength and
Young’s module, are temperature dependent. It is assumed that the material degradation of
bolts at elevated temperatures is the same for the beam, column and endplate and the material
model specified in Eurocode 3 Part 1.2 (2005) is adopted.
2

VALIDATIONS

In order to validate the model presented above 12 tests conducted by Hu et al (2009) have
been used, 3 of these were at ambient temperature and 9 at elevated temperatures. In the
validation the measured material properties and temperature distribution within the
connections are used as input data for the model. The connections tested by Hu et al
comprised of a 305x165x40UB beam connected to a 254x254x89UC column, with three M20
Grade 8.8 bolts. The thickness of partial endplate is 10mm. During the tests, the force was
applied with inclined angle () to the axis of the connected beam. Three angles,  =35°, 45°
and 55°, were employed. These three different angles represent three different combinations
of vertical shear, axial tension. Three different temperatures of 450°C, 550°C and 650°C were
also employed. According to the test data the two stage behaviours of the partial end-plate
connection only occurred in the three ambient temperature tests. In the 9 tests at elevated
temperatures the endplate ruptured before the bottom flange of the beam contacted the
column.
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Fig. 4 Comparison results for Tests EP_20_35- Fig. 5 Comparison results for Tests
04-04-07 and EP_20_45_07-09-07(Hu et al, EP_450_35_11-05-07 and EP_650_55-11-072009).
07(Hu et al, 2009).
Due to space limitations only five tests are presented here for illustration. Fig. 4 shows a
comparison between the results of two ambient tests. Tests of EP_20_35_04-04-07 and
EP_20_45_07-09-07 were conducted with the force applied at an angle of 35° and 45°,
respectively. In these figures it can be seen that the proposed model provides good agreement
with the test data, suggesting that the model predicts the two stage behaviours of the
connection well. Fig. 5 and Fig. 6 illustrate three comparisons between predicted and
measured connection rotations at elevated temperatures. The tests of EP_450_35_11-05-07,
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EP_550_35_15-05-07 and EP_650_55-11-07-07 were conducted at 450°C ( = 35°), 550°C
(= 35°) and 650°C ( = 55°), respectively. It is evident that the predicted results by the
current model agree well with the tests data.
Two other fire tests conducted by Al-Jabri et al (2005) are also used for the validations. The
tested connections consist of two 356x171x51UB beams symmetrically connected to a
254x254x89UC column with M20 Grade 8.8 bolts. The thickness of the flexible endplate is
8mm. The tests were conducted under a constant load with increased temperatures. Two
different load levels of 8.2 kNm and 16.5 kNm were applied to the same connection. Fig. 7
shows the comparison of predicted and tested connection rotations for Test 1. It can be seen
that the predictions of the current model are in good agreement with the test data.
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Fig. 6 Comparison results for test EP_550_35_15- Fig. 7 Comparison results for test 1(Al-Jabri et
05-07 (Hu et al, 2009).
al, 2005).
3

CONCLUSIONS

In this paper, a simplified model has been developed for modelling flexible end-plate
connections at elevated temperature. The two stage behaviours of the flexible end-plate
connection have been explicitly considered in this new model, and the capacities of tension,
compression, bending, and the initial stiffness of each connection are all calculated based on
the component-based approach. The developed model has very good numerical stability under
static solver and it is very computationally efficient. A total of 14 tests was used to validate
this model. The validation results show very good correlation between the predicted and
tested results at both ambient and elevated temperatures. Hence, it is evident that this new
connection model has the capability to accurately predict the behaviour of the flexible endplate connections at elevated temperatures. The model can be used to simulate the flexible
end-plate connections in real performance-based fire resistance design of steel framed
composite buildings.
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Abstract
This paper describes experimental research in behaviour of laterally unrestrained beams (I or
H section) of Class 4 constant or variable cross-sections at elevated temperatures. Preparation
and design of experiments is described. The design of the test set-up was made by FE
modelling and the experiments followed. The test results are given. Future numerical
investigation is planned for full understanding of the fire behaviour of steel members of Class
4 cross-sections considering both welded and hot-rolled I or H shape steel profiles.
Keywords: steel structure, beam, slender section, lateral torsional buckling, fire design
INTRODUCTION
In the last decade, structural fire design became an inseparable part of structural design. The
accuracy of design is essential regarding safety of the structure as well as its economy,
concerning also possible additional fire protection costs. Therefore, well representing design
models, which simulate the actual behaviour of the structures exposed to fire, are crucial as a
base of such design.
Recent design standard EC3 part 1-2 (EN 1993–1–2) contains simple rules for design of
Classes 1 to 3 cross-sections under the fire. These rules were based on many experimental and
numerical analyses and modified during last decade.
Determination of the bending resistance for members subjected to lateral torsional buckling of
Classes 1to 3 cross sections at elevated temperature is based on the same principles as the
design at room temperature according to EC3 part 1-1 (EN 1993–1–1). However it differs in
using one imperfection factor only for all types of cross-sections. Informative Annex E of the
standard recommends using the design formulas for slender (Class 4) sections as well. But
there is a restriction of critical temperature value and different reduction of yield strength is
used (0.2 % proof strength for Class 4 instead of 2.0 % proof strength for stockier Class 1 to 3
sections).
Only few experimental data on which the potential refining of the provisions could be base on
have been collected until now. Therefore, further numerical investigations in lateral-torsional
buckling at fire will be made for the slender sections. For the non-uniform members (variable
section height), a limited procedure for lateral torsional buckling verification is given in EC3
part 1-1. This is applicable for room temperature only. A development of more general design
model is planned to be published for elements at elevated temperature.
1

DESCRIPTION OF THE SPECIMENS

The three tests vary in the cross-sections and considered temperature. Table 1 presents the
tests, two beams with constant cross-section and one with variable cross-section (height of the
web varies linearly from one end to another). The temperature was chosen based on the most
significant changes of plate slenderness calculated using the elevated temperature reduction
factors.
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Tab. 1 Tested sections
Test number

Test 1
IW460/150/4/5

Figure

1a

Test 21
IW460/150/4/7

1b

Test 3
IW585-495/150/4/5

1c



NOTE *
**
¨ ș /JF¤
sections)
***

1

a)

Web*

Class 4
  FWW
Class 4
  FW
Class 4
F{^
  FLM

Flange*

Class 4
  F W
Class 3
  !FV
Class 4
  F W

Temp [°C] Non-dimensional slenderness
**

***

450

1,06

0.86

450

0.97

0.79

650

Classification and plate slenderness - according to EN 1993-1-2 (¡  !FVM.WM¢£ /JF¤ )
Reduction of material properties - according to EN 1993-1-2 tab. 3.1. ¥¦§ ș  ¥¦§ .£ ș ¢
where £ ș is is reduction factor (relative to fy) for effective yield strength of Class 1 to 3
Reduction of material properties - according to EN 1993-1-2 Annex E ( ¥¦§ ș  ¥¦§ .JF© ș ¢
¨ ș /JF¤
where JF© ș is reduction factor (relative to fy) for the design yield strength of hot rolled and
welded class 4 sections)
To avoid shear failure, a thicker plate was used for the side spans. Therefore, two thicknesses
were used for the tested beam. 4 mm in the middle span and 5mm in the sidespan.

c)

b)

Fig. 1 Cross-section: (a) Test 1; (b) Test 2; (c) Test 3
2

NUMERICAL MODEL DEVELOPMENT

First of all, preliminary numerical model for calibration of experiments was made using FE
software ABAQUS. The beam was meshed using rectangular shell elements type S4.
Failure mode obtained from elastic buckling analysis was used as the initial geometric
imperfection shape for post buckling analysis. The initial local and global imperfections were
considered using following amplitudes:
•
•

global = L/1000 (where L is distance between lateral supports)
local = B/200 (where B is flange width)

In order to achieve LTB failure mode as main failure mode, different boundary condition and
load distributions were modelled. The introduction of stiffeners and different thickness of
stiffeners were considered too. Finally, in the location of supports, the pin point supports (one
node only) were proposed. The point support allows no displacement in transverse direction
as it is much easier to reach in the test and free torsion of the end sections. It has a negligible
influence on the resistance and buckling shape. Significant lateral displacement could be
observed as result of using pin supports. In the locations of load application, the top and
bottom flange were provided with lateral restraints. Elevated temperature was used for the
internal span only. Adjacent cross-section and stiffeners were considered at room temperature.
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3

DESCRIPTION OF THE EXPERIMENTS

During the experiments a simply supported beam with two equal concentrated point loads
applied symmetrically was tested. The heated central part of beam where the temperature was
aimed to be constant and uniform was therefore subjected to a uniform bending moment. The
fire test was performed on steady state, it means that the beam was first heated and then the
loads were applied, until failure. The test was controlled by deflection which was estimated
as 3.5mm per minute. Final deformation at the end of experiment was 50 mm at midspan.
This procedure was the same for all three beams. Figure 2 shows a scheme of experiment.

Fig. 2 Scheme of experiment

Fig.3 Lateral restraints

3.1 Test set up equipment
Test equipments respected boundary conditions based by the numerical analyses. Their
implementation is described below. Figure 3 shows the lateral restraint of the top and bottom
flanges in the locations where the load is application (at the edge of heated part).The end
supports were considered just by one point support. It was done using a steel sphere bearing
placed between two steel plates. As was already described, both end supports allowed free
torsion of the end cross-section. One restrains deformations in all directions. The second
allows free horizontal displacement in the direction along the beam axis. Figure 4 and 5
shows the fixed pin point support of the beam.

Fig. 4 Fixed pin point support
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Fig. 5 Free pin point support
3.2 Measuring of initial imperfections
The initial geometry of the specimens were established using the two methods, namely laser
scanning and manual measurements. The first method - the laser scanning (see Fig. 6) was
used for determination of global and local initial imperfections. The second method consists
of manual measurement of the exact dimensions of the specimens (width, depth, flange
thickness, web thickness) and manual measurement of the amplitude of the local imperfection
of the web and the top compression flange (see Fig. 7). The manual measurement was used jut
to validate the more precise, but not experienced laser-scanning method.

Fig. 6 Laser scanner

Fig. 7 Manual measurement

3.3 Heating of specimens
Mannings 70 kVA heat power units with 6 channels were used to heat the specimens. Cable
connection of 70 kVA consists of 6 triple cable sets and 4-way splitter cables can
accommodate 24 flexible ceramic pads attached. Maximum connected load for the 70 kVA
unit is 64.8 kW. One size of the ceramic pads was used: 305 x 165 mm. The power output of
the pad was 2.7 kW. Ceramic pads were placed as shown in Fig. 8.

Fig. 8 Layout of flexible ceramic pads and thermocouples
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In the first step, the pads were put on the rod rack in order to maintain the position of the
heating elements on the web then were fixed by paper adhesive tape on the beam.On the
bottom flange, the pads were fixed with the steel wires. On the top flange, the pads were fixed
only by adhesive tape to the top of the section.
3.4 Measuring of temperatures
Twenty-four thermocouples were used for the temperature measurement. Twenty were placed
in the middle span and four were placed in the side spans for monitoring of temperature in
not-heated section. The thermocouples were distributed on the beam according to position of
ceramic pads, as shown and numbered in Fig. 8. Beam temperatures were recorded from the
beginning of heating to the end of experiment.
3.5 Measuring of strains
High temperature strain gages were used to measure strain distributions across the depth in
the heated section. There were 4 high temperature strain gages attached to the beam at the
midspan. Two were in the middle of the top flange and the other two in the middle of the
bottom flange. At the side spans, there were 4 room temperature strain gages always one in
the middle of the top flange and the second in the middle of the bottom flange. These 4 were
attached to control the reactions in the supports and to monitor any frictional losses.
3.6 Displacements
The displacements were measured by potentiometers. Two potentiometers were used for
measuring displacement in the locations of load application. Vertical (VD), see Fig. 11, and
horizontal (HD), see Fig. 12, deflection of the bottom flange centre and lateral rotation (R),
see Fig. 13, of the beam at midspan were calculated based on measurement of four
potentiometers. Two measured relative vertical deflection and rest of them measured relative
horizontal deflection (see Fig.9).

Fig. 9 Measuring of displacement at midspan
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Fig. 10 Comparison of deformed shape
(Experiment vs. FEM; test 2)
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Fig. 11 Vertical deflection of bottom flange
at midspan

Fig. 12 Rotation about longitudinl axis at
midspan
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Fig. 13 Horizontal deflection of bottom flange at midspan
4

SUMMARY

In this paper, three experimental tests of laterally unrestrained beams (I or H section) of Class
4 cross-sections at elevated temperatures were described (two beams with constant crosssection one beam with variable cross-section). Several types of displacement and the beam
temperatures were measured. Now, these results are used for calibration of numerical model.
A numerical validation for beams is currently being carried out (see Fig. 10). Future
numerical investigation is planned for full understanding of the fire behaviour of steel
members of Class 4 cross-sections considering both welded and hot-rolled I or H shape steel
profiles.
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RESISTANCE OF T- AND K-JOINTS TO TUBULAR MEMBERS AT
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Abstract
The purpose of this paper is to investigate the ultimate capacity of welded steel tubular joints
at elevated temperatures. Finite Element (FE) simulations of axially loaded tubular T- and
non-overlapped K-joints at different elevated temperatures have been carried out using the
commercial finite element software ABAQUS v6.10-1. Extensive numerical simulations have
been conducted on CHS T- and gap K-joints subjected to brace axial compression or tension,
considering a wide range of geometrical parameters. FE simulation results have been
compared with the predictions by the CIDECT equations(CIDECT, 2010). It is found that this
method overestimates the ultimate load carrying capacity of axially loaded CHS T-joints due
to increased tubular wall deformation. For K-joints, this effect is negligible, therefore, the
CIDECT equations produces accurate results.
Keywords: CHS, T-joints, K-joints, finite element model, ultimate capacity.
INTRODUCTION
The popularity of hollow structural sections has increased in recent years due to their
attractive aesthetics, simplicity, light weight and structural advantages. These sections have
been widely used for onshore and offshore structures e.g. bridges, towers, space-truss,
offshore platforms etc. Joints are generally the weakest part of the structural components due
to stress concentrations.
The behaviour of welded steel tubular structural joints has been extensively studied at room
temperatures. However, there is paucity of research on tubular connections under fire
conditions. Nguyen at al. (2010) tested five full scale Circular Hollow Section (CHS) T-joints
subjected to axial compression in the brace member at different temperatures. Meng et al
(2010) and Liu et al (2010) presented experimental and numerical research results of the
mechanical behaviour of steel planar tubular truss subjected to fire.
The configurations of a typical circular tubular T-joint and non-overlapped K-joint are
presented respectively in Fig. 1 and Fig. 2. The brace members are in axial compression or
tension and a wide range of geometrical parameters have been considered. FE simulation
results have been compared with the predictions by using the CIDECT equations at ambient
temperature but replacing the ambient temperature yield strength of steel by that at elevated
temperatures (CIDECT, 2010).
1

FINITE ELEMENT MODEL DESCRIPTION

Finite element models of axially loaded tubular in-plane T- (Fig. 1) and non-overlapped Kjoints (Fig. 2) at both ambient and elevated temperatures were validated using the general
purpose nonlinear finite element package, ABAQUS/Standard v6.10-1 (2011). Numerical
results were compared with experimental results of Nguyen et al., (2010) on T-joints, which
were carried out at 20˚C, 550˚C and 700˚C and those of Kurobane et al (2010) on K-joints at
ambient temperature. To reduce computational time, only a quarter of the T-joints and one
half of the K-joints were modelled due to symmetry in geometry and loading, where the
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appropriate boundary conditions for symmetry were applied to the nodes in the various planes
of symmetry.
1.1 Finite element type
Quadrilateral thick shell (S8R) elements for both the chord and brace members are suitable
for accurate and economical predictions of T- and K-joints (Van der Vegte, 1992). For
modelling welds, quadratic wedge solid elements (C3D15) instead of shell elements were to
allow accurate meshing of the weld geometry (Cofer et al., 1992).
1.2 Material properties
For the tubular T-joints tested by Nguyen et al (2010), the steel grade was S355 with a
nominal yield strength = 380.3 N/mm2 and an ultimate strength = 519.1 N/mm2 from the
coupon test results of Nguyen(2010). The elastic modulus of steel was assumed to be 210
GPa. The elevated temperature stress- strain curves were based on Eurocode EN-1993-1-2
(CEN, 2005a). In the ABAQUS simulation models, true stress – true strain relationships were
used.
For the K-join tests performed by (Kurobane et al., 1986), the nominal yield strengths were
= 480 N/mm2,
= 363 N/mm2 and ultimate strengths
= 532 N/mm2,
= 436
2
N/mm for the chord and brace members respectively.
1.3 Mesh convergence
Mesh convergence study was carried out to determine a suitable FE model for the analysis.
The same mesh size was then applied for all models. Model PT3 of the tests by Nguyen et al
(2010) was selected for this case.
Fig. 3 presents the mesh sensitivity study results. A mesh size of 10 mm was sufficient.
Similarly, mesh convergence study was repeated for the weld geometry and a mesh size of 5
mm was suitable.
Within the joint zone, fine meshes (5 mm, 10 mm for weld and sections respectively) were
applied in important regions where high stress gradient occurs, such as the intersection of the
brace and chord members. Coarse mesh (20 mm) was chosen in the remaining regions
according to the above mesh sizes. Fig. 4 illustrates a typical FE model and the weld detail of
a T-joint.
1.4 Interactions and load application
In the case of welded models, the brace and chord members were tied with the weld elements
using the ABAQUS “tie” function. Discretization method was defined as surface to surface
contact. The brace and chord members at the connection region were chosen as a master
surface, while the weld elements were slave surface.
Steady state condition was simulated, in which temperatures of the structure were raised to
the required level and mechanical loading was then applied. In order to examine the large
deformation behaviour, the RIKS method was chosen in ABAQUS. Both geometry and
material non-linearities were included. When the arc length increments were arranged its
maximum and minimum limitations of 0.1 and 1E-015 respectively, the convergence of
iterations was achieved.
Furthermore, in all numerical analyses, the Von-Misses yield surface criterion and isotropic
strain hardening rules were used in order to represent the yielding of steel.
1.5 Validations against available test data
T- joints of Nguyen et al. (2010) and non-overlapped K-joints of Kurobane et al. (1986) were
used for validation. To illustrate the accuracy of the simulation models, T-joint Test PT3 was
analysed under brace axial load at 20˚C, 550˚C and 700˚C. One gap K-joint (G2C) was
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modelled. The geometric parameters of the T- and K-joints are summarized in Tab. 1. Fig. 5
and Fig. 6 show boundary conditions of the T- and K-joints.
Fig. 7 and Fig. 8 compare the ultimate capacity of the joints and the load-displacement curves.
A relative displacement of the brace ( ) was used, defined as the axial displacement of the
compression brace relative to the central chord. From the comparisons, it can be concluded
that the numerical simulations give close predictions of the test results.
2

PARAMETRIC STUDY

In this section, FE analyses were carried out on axially loaded tubular T- and non-overlapped
K-joints at different elevated temperatures. The ultimate load ratio was used for comparison
of the results. The ultimate load ratio (Pș/P20) was defined as the capacity of the joint at high
temperature to that at ambient temperature. Tab 2 lists the parameters considered.
Fig. 9 shows the stress-strain curves for S355 grade steel at different temperatures, based on
Eurocode EN-1993-1-2 (CEN, 2005a). Uniform temperature distribution was assumed for
both the chord and brace members.
2.1 Effects of type of joints
A total of ninety numerical models were performed to understand how the strengths of T- and
K-joints vary at different temperatures. Tab. 3 shows the FE results and compares the ratios of
elevated temperature joint strength to that at ambient temperature with the reduction factors
for effective yield strength based on Eurocode EN-1993-1-2 (CEN, 2005a). It can be seen that
for K-joints, the two sets of results are in good agreement, indicating that the strength of Kjoints at elevated temperatures can be obtained by using the CIDECT design equations, the
only modification being to use the effective yield strength of steel at elevated temperatures.
However, for T-joints, the numerical simulation strength ratios are generally lower than the
reduction in the yield strength of steel at elevated temperatures.
When a T-joint is under brace compression load, the chord wall is in compression due to
global bending and the side faces experience local deformation. The combined effect of a
flattened chord (due to side face deformation) and P-į effect (due to chord compression from
global bending) reduces the yield line capacity of the chord face compared to that based on
the original undeformed chord face. At elevated temperatures, both effects increase due to
increased deformations as a result of reduced steel stiffness. Therefore, the joint failure loads
decrease faster than the steel yield strength at elevated temperatures. This explains the lower
joint resistance ratios compared to the steel yield strength reduction factors at elevated
temperatures. Indeed, as will be shown in the next section, when the brace load is tensile, the
P-į effect and chord side face flattening effect disappear and the joint failure loads vary
according to the effective yield strength reduction factor at elevated temperatures.
For a K-joint, there is no global bending and no flattening of the chord as the net load
perpendicular to the chord face is zero. Hence, the changes in K-joint strength ratios are in
accordance with the effective yield strength of steel at elevated temperatures.
2.2 Effect of loading conditions
PT4 joint (see Tab. 2) was used as an example to investigate the effects of brace loading
directions. Fig. 10 compares the reduction in joint strength (normalised by the joint strength at
ambient temperature) at elevated temperatures with the strength reduction factor of steel at
elevated temperatures. Also, this figure includes the Eurocode EN-1993-1-2 (CEN, 2005a)
reduction factors for elastic modulus of steel at high temperatures.
From the Fig. 10, it can be seen that when the brace is in tensile, the reduction in joint
strength is very close to the steel yield strength reduction factor. In the case of brace
compression, there is significant difference between the steel strength reduction factor and the
numerical simulation result of joint strength ratio at elevated temperatures. The difference is
particularly large at temperatures in the region of 200oC-700oC for which the steel elastic
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modulus decreases much faster than the steel effective yield strength at elevated temperatures.
This temperature region happens to be the most practically relevant. Therefore, it is not
appropriate to simply use the high temperature steel yield strength in the ambient temperature
equation (e.g. CIDECT or Eurocode EN-1993-1-8) to calculate the joint strength at elevated
temperatures for T-joints with the brace in compression. An additional reduction factor,
taking into consideration the change in elastic modulus of steel at elevated temperatures,
should be introduced. For T-joints with the brace in tension, and as explained earlier for K
joints, it is only necessary to replace the ambient temperature yield strength of steel by that at
elevated temperatures.
3

RESULTS AND CONCLUSIONS

This paper has presented the results of a brief parametric study on the ultimate capacity of
welded steel tubular joints at elevated temperatures. Finite Element (FE) simulations of
axially loaded tubular T- and non-overlapped K-joints at different elevated temperatures were
first validated against available test results. The effect of different joint types and loading
conditions on the ultimate carrying capacity of the welded tubular joints at elevated
temperatures was carried out to compare with the reduction factor for the effective yield
strength of steel based on Eurocode EN-1993-1-2 (CEN, 2005a). It is found that for CHS Tjoints under brace compression load, merely changing the ambient temperature yield strength
of steel to the elevated temperature strength of steel overestimates the ultimate load carrying
capacity of the joints. But this approach produced accurate results for gap K-joints and for Tjoints with the brace member under axial tensile load. For T-joints with the brace in
compression, the effect of chord face deformation should be considered. This may be done by
introducing an additional reduction factor to take account of the steeper reduction in the
elastic modulus of steel, compared to the reduction in the effective yield strength of steel, at
elevated temperatures.
3.1 Tables
Tab. 1 Joint test specimens used for FE model validation (refer to Fig. 1 and Fig. 2)
Joint Name
D (mm)
d (mm)
PT3
244.5 (L=2200) 168.3 (l=1100)
G2C
216.4 (L=1560) 165.0 (l=800)

T (mm)
6.3
7.82

t (mm)
6.3
5.28

g (mm)
29.5

ȕ (d/D)
0.69
0.76

ș ( 0)
90
60

ȕ (d/D)
0.88
0.77
0.52
0.69
0.57
0.47
0.60
0.52
0.43
0.35

ș ( 0)
60
60
60
90
90
90
90
90
90
90

Tab. 2 Geometrical parameters for T- and K-joints
Joint Name
KT1
KT2
KT3
PT1
PT2
PT3
PT4
PT5
PT6
PT7

D (mm)
219.1 (L=1500)
219.1 (L=1500)
219.1 (L=1500)
244.5 (L=2200)
244.5 (L=2200)
244.5 (L=2200)
323.9 (L=4000)
323.9 (L=3000)
323.9 (L=3000)
323.9 (L=3000)

d (mm)
193.7 (l=1100)
168.3 (l=1100)
114.3 (l=1100)
168.3 (l=1000)
139.7 (l=1000)
114.3 (l=1000)
193.7 (l=1000)
168.3 (l=1000)
139.7 (l=1000)
114.3 (l=1000)

T (mm)
6.3
6.3
6.3
10
6.3
6.3
10
10
10
10
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t (mm)
6.3
6.3
6.3
10
6.3
6.3
10
10
10
10

g (mm)
30
30
30
-

Tab. 3 FE results for T- and K-joints
Joint Name
Eurocode
KT1
KT2
KT3
PT1
PT2
PT3
PT4
PT5
PT6
PT7

20ࡈ C
1.00
1.00
1.00
1.00
1.00
1.00
1.00
1.00
1.00
1.00
1.00

200ࡈ C
1.00
0.99
0.99
0.99
0.98
0.98
0.99
0.95
0.98
0.98
0.98

300ࡈ C
1.00
0.97
0.98
0.96
0.95
0.95
0.96
0.87
0.96
0.96
0.96

400ࡈ C
1.00
0.96
0.96
0.94
0.88
0.90
0.90
0.80
0.89
0.90
0.90

500ࡈ C
0.78
0.76
0.76
0.74
0.70
0.72
0.72
0.64
0.71
0.71
0.72

600ࡈ C
0.47
0.46
0.45
0.43
0.41
0.41
0.42
0.36
0.41
0.42
0.42

700ࡈ C
0.23
0.22
0.22
0.21
0.19
0.20
0.19
0.17
0.20
0.20
0.20

800ࡈ C
0.11
0.11
0.11
0.11
0.10
0.10
0.10
0.09
0.10
0.10
0.10

900ࡈ C
0.06
0.06
0.06
0.06
0.06
0.06
0.06
0.05
0.06
0.06
0.06

3.2 Figures

Fig. 1 Configuration of a typical T-joint

Fig. 2 Configuration of a typical gap Kjoint

Fig. 3 Mesh convergence

Fig. 4 Finite element mesh
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Fig. 5 Boundary conditions of a T-joint

Fig. 6 Boundary conditions of a K-joint

Fig. 7 Validation of the FE model for T-joints

Fig. 8 Validation of the FE model for Kjoint

Fig. 9 Stress-strain relationships at elevated
temperatures

Fig. 10 Comparison of PT4-joints under
different loading conditions
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Abstract
Current paper presents a finite element analyses for the characterization of the nonlinear
behaviour of bolted t-stub component subject to impact loading followed by fire. The
proposed numerical model has previously validated against experimental results under
monotonic static loading at ambient and elevated temperatures (Ribeiro etal., 2013). 3D solid
and contact elements from the finite element package Abaqus are used to perform the
structural model. The temperature dependent material properties, the geometrical and material
nonlinearities (including the strain rate sensitivity) were taken into account to predict the
failure of the t-stub. A parametric study was conducted to to provide insight into the overall
behavior, namely their stiffness, resistance, ductility and failure modes due to the effects of
dynamic loading followed by fire.
Keywords: steel structures, numerical simulation, impact loading, elevated temperatures,
T-stub component
INTRODUCTION
The growing interest in robust design is a consequence of several events that leaded to the
collapse of structures, like for example, the World Trade Centre (WTC) in 2001. The WTC
attack has highlighted troublesome weakness in design and construction technologies on
structural steel connections which exhibited poor performance when subject to impact loads
and fire. The vulnerability of steel connections under dynamic actions has been emphasized
by many studies, although most of them were performed for the purpose of mitigating seismic
risk (Ellingwoodet al, 2007 and Luu, 2009), and few information exists concerning the
performance of steel connections under impulsive loads (Yim,2009, Tyas et al, 2010 and
Chang et al, 2011).
Connections performance is directly linked to the robustness of steel structures due to the
influence of its ductility and rotation capacity. Currently, the design of steel joints is based on
the “component method” established in the Eurocode 3, Part 1.8 (EN1993-1-8, 2005). This
method requires the accurate characterization (stiffness, resistance and ductility) of each
active component; the t-stub is one of the main components that assure the joint ductility due
to its high deformation capacity. This paper intends to study fire and impact loading and apply
them to a finite element model for the representation of the nonlinear behaviour of bolted tstub component under such conditions. Focus is given on the effects of damage due to impact
loading on the evolution of structural response.
1

STRAIN RATE EFFECT

Strain rate is the deformation, i.e. strain variation, that a material is subject per unit time,
d/dt. Most ductile materials have strength properties which are dependent of the loading
speed; mild steel is known to have its flow stress affected. The effects of strain rate on steel
strength are illustrated in Fig. 1.The results were obtained from compressive Split Hopkinson
Pressure Bar test (SHPB) (Saraiva, 2012); it was observed that yield and ultimate strengths
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increase beyond the results obtained with a static test, the rupture strain decreases and the
elastic modulus remains indifferent to the loading rate.
Finite element models aiming to simulate the behaviour of structural elements when subject to
impact loads require a constitutive law representing the behaviour of materials at high strain
rates. Cowper-Symonds and the Johnson–Cook constitutive laws are the widely used in
numerical simulations. In the current model, the strain rate effects were considered by the
Johnson–Cook law, Eq. (1).
This law decribes material hardening through an exponential function and is able to account
for strain rate sensitivity and thermal softening behaviours. The constitutive law assumes that
the slope of flow stress σ£ , is independently affected by each of the mentioned behaviours;
therefore, only the second term (accounting for strain sensitivy) of the equation has been used.
«¬ = [ ܣ+ ¯¡ ] ⋅ [1 + ² ´U¡ ∗̇ ] ⋅ [1 − ( ∗ ) ]

(1)

where: A is the yield stress; Band n represent the effects of strain hardening; m is the thermal
softening fraction; εis the equivalent plastic strain; ¡̇is the strain rate, and ¡ ∗̇ = ¡/̇¡J̇ is the
dimensionless plastic strain rate for ¡J̇ = 1.0 ½ '; ; C is the strain rate constant.

Fig. 1 Stress strain relationship of steel under Fig. 2 Stress strain relationship for mild steel
high-strain rate (aprox. 600 s-1) for t =
and bolts considering Johnson-Cook
15 mm plate, S355 (Saraiva, 2012)
strain rate sensitivity
2

NUMERICAL MODEL

2.1 Description of the FE Model

Fig. 3 T-stub geometry

Fig. 4 Numerical model, boundary condition and mesh
discretization
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The numerical model is drawn from a previous study carried out at University of Coimbra,
where numerical models under monotonic static loading at ambient and elevated temperatures
(500 ºC and 600 ºC) were developed (Ribeiro et al., 2013). Fig. 3 and Fig. 4 present the
dimensions of the test specimens and the numerical model with boundary condition and mesh
discretization. The flange was bolted through two bolts M20, grade 8.8 partially threaded.
The FE model is composed of four parts: (i) rigid back t-stub; (ii) tested t-stub; (iii) bolt,
(head and shank as a single piece) and (iv) pull-out plate, as depicted in Fig. 4. Contact
conditions are modelled between all the four parts namely: (i) the bottom flange surface with
the back t-stub bottom flange; (ii) bolt shank with flanges bolt hole; (iii) top flange surfaces
with bolt head; and (iv) pull out plate contact with the tested t-stub once the welds showed
very little penetration. The welds have been modelled with tie constraint property linking the
pull out plate to the tested t-stub part. Normal contact conditions are accomplished with
“hard-contact” property allowing for separation after contact and the tangential behaviour has
been assumed with a friction coefficient of 0.2 following “penalty” formulation. Bolt
modelling followed the nominal geometry (bolt shank diameter with 20 mm). No pre-load has
been considered.
The t-stub model has been simplified by the use of symmetry conditions in axes yy and zz;
therefore, displacements in these directions are restrained at the symmetry surfaces (Fig. 4).
The model was generated with solid element type C3D8R, allowing large deformations and
non-linear geometrical and material behaviour. C3D8R is a valuable choice due to its reduced
integration (only 1 integration point) allowing for reductions in calculation time while it
provides hour-glass behaviour control. Generally a structured mesh technique with “Hex”
element shape is used, except for the weld zone where a “Wedge” element shape was
employed.
Mesh discretization studies were previously conducted assuring that a discretization of at least
4 elements through the thickness of bending-dominated plates (t-stub flanges), and a
concentrical mesh around the bolt area provided accurate results, whilst optimizing
calculation time and reducing convergence problems.
2.2 Material Properties
Material nonlinearity was included by specifying a non-linear stress-strain relationship for
material hardening; Von Mises criterion was considered to establish the yield surfaces with
the associated plastic flow for isotropic materials (Abaqus, 2006). Stress-strain relationship
has been obtained through uniaxial coupon tests at ambient temperature (Santiago et al,
2013). The mean results are: elastic modulus, E = 205500 MPa, elastic strength, fy = 385
MPa; ultimate strength, fu = 588 MPa and ultimate strain, εcu = 24% for the steel. Uniaxial
tension test on a M20 grade 8.8 bolt measured E = 202500 MPa; fy = 684 MPa; fu = 1002
MPa and εcu = 3.7%. Once the bolt geometry follows nominal dimensions, bolt material
properties have been revised to take into account the reduced tensile shank area. Material
properties for the weld at ambient temperatures have been assumed equal to the base steel
plates. For elevated temperature material models proper reduction factors reported in
Eurocode 3, Part 1-2 (CEN, 2005) have been used for the mild steel, bolt, and also the weld.
Once large strains and large displacements are expected, material’s constitutive law is
included in the numerical model by the true-stress – logarithmic plastic strain curves (Fig. 2).
As mentioned before, material strain rate sensivity has been included using the second term of
JC model. Csteel = 0.08 for 600 s-1 was calculated from data obtained from SHPB tests
(Saraiva, 2012) (Fig. 2). The literature indicate that high strength steels are less sensible to the
effects of strain rate variation; According Chang et al.(2011) a dynamic increase factor (DIF)
of 1.1 may be considered for the bolts; moreover, impact tests on A 325 bolts recovered from
the WTC debris showed very low sensitivity to strain rate (Ellingwood et al., 2007).In the
current study, a DIF = 1.1 has been considered for bolt grade 8.8 for a strain rate of 600 s-1,
thus a value of Cbolt=0.015 was adopted (Fig. 2). The welds were assumed to have the same
strain rate sensitivity as the base steel.
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The Johnson–Cook law provides strain rate hardening varying linearly with the logarithm of
strain rate; thus from 1s-1 to 600s-1 further data is required in case a non-linear variation of the
flow stress with strain rate occurs.
2.3 Failure criterion
Material damage properties proposed by Hooputra (2004) and Al-Thairy (2011) are assumed
in the current study (Fig. 6). These values are based on calibration to the observed failure
modes from t-stub static tests and ultimate strain measured in uniaxial tests and SHPB.
2.4 Impact and fire loading
The study of rapidly applied loading such as an impact requires a dynamic analysis, once
inertia effects of the system can no longer be disregarded; static force equilibrium is not
required to be fulfilled. In order to take geometric non-linearities, material plasticity and
strain rate behaviour into account, a non-linear dynamic analysis must be put through. In the
proposed study the Abaqus dynamic/implicit solver is used.
The numerical analysis is divided in two steps: first, the impact loading is applied using a
linear increasing load in 20 milliseconds (from zero to maximum load magnitude); a
parametric study of the maximum load ranging from 200 to 900 kN is made. After the impact
load reaches the maximum value, the load is decreased to zero in 5 milliseconds; then t-stub is
left to vibrate during another 5 miliseconds. Afterwards a static load with magnitude of 70%
of the analytical design resistance is set and a linear increase of temperature is applied.
3

ANALYSIS RESULT OF T-STUB SUBJECT TO IMPACT AND FIRE

3.1 Validation of the numerical model against experimental results under monotonic
loading
Fig. 5 compares the numerical predictions (dashed lines) with the experimental results (solid
lines) at ambient temperature and elevated temperatures of the t-stub component subject to
monotonic static loading. It can be observed that the numerical model can accurately predict
the global behaviour of the t-stub component. Considering the failure criteria exposed above,
bolt rupture is the ultimate numerical failure mode for all numerical analysis; failure is
identified with diamond marker in Fig. 5. Tests at ambient temperature exhibited bolt rupture
at 14 mm of web displacement; test at 500 ºC exhibited flange cracking around 10 mm of web
displacement while for the 600 ºC a long horizontal plateau is developed due to long bolt
elongation.

Fig. 5 Response of t-stub at 20, 500 and 600 ºC: numerical
versus experimental results (Ribeiro et al., 2013)
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3.2 T-stub subject to impact and fire

Shear Dam.

Ductile Dam.

For the analysis at elevated temperatures, it has been assumed: (i) temperature variation
introduced as a pre-defined field; (ii) high temperature creep effects of steel have not been
taken into account; (iii) the temperature has been assumed to be constant throughout the FE
model; and (iv) expansion effects due to temperature increase according to EC3 Part. 1-2
(CEN, 2005).
Fig. 7 illustrates the numerical predictions of the t-stub response under the impact loads;
comparison with static test can also be made; it can be observed that with the increase of
impact loading: i) that the elastic stiffness is not affected, as the elastic modulus remains
unchanged; and ii) transition knee caused by the plastic hinge in the t-stub flange is similar for
different impact loads; iii) the strain rate variability within the applied force range is very low;
also, iv) compared with the static response the force at which the plastic hinge is formed is
increased by +8%, far below the fy,din/fy = +51% obtained from coupon tests comparison, Fig.
2. This is because the flange is not subject to a strain rate of 600 s-1 but mostly below 80 s-1,
as presented for the 900 kN load case (Fig. 8). For loads over 375 kN the t-stub failed under
impact load; Fig. 9 presents results for impact load range of 300 to 375 kN: a critical
temperature of 560 ºC is predicted for all models with failure due to bolt rupture. Within this
study, it was observed, that the impact load imposes damage in the flange next to the weld
toe, but not in the bolt; thus, the bolt failure at elevated temperature is not conditioned by
previous impact load and all models fail with the same critical temperature. T-stubs subject to
lower impact loads exhibit longer displacement development capacity when subject to
temperature increase.
Johnson-Cook
C=
Strain-rate

Bolt
0.015
600

Weld
0.08
600

Steel
0.08
600

Fracture strain
StressTriaxiality
Strain Rate
Evolution

0.3 0.3
0.7 0.7
1 600
0.1

-

0.2 0.16
0.7 0.7
1 600
1

ks
0.3 0.3 0.3 0.3 0.3 0.3
Fracture Strain
0.3 0.3 0.1 0.1 0.1 0.1
Shear Stress Ratio 0.7 0.7 0.7 0.7 0.7 0.7
Strain Rate
1 600 1 600 1 600
Evolution
0.01
1
1

Fig. 6 Material damage parameters

Fig. 7 T-stub response

Fig. 8 Strain rate pattern for load of 900 kN

Fig. 9 T-stub response – θcrit = 560 ºC
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4

SUMMARY

A FE model calibrated to static tests at ambient and elevated temperatures is enhanced to
capture the behaviour of the t-stub component subject to several impact load levels, ranging
from 200 to 900 kN in 20 milliseconds. Afterwards, the damaged t-stub is subject to a static
load equivalent to 70% of the analytical design resistance and the temperature is increased up
to failure; predictions of the critical temperature are made. Temperature material softening
considers EC3 Part 1.2 (CEN, 2005) reduction factors. Strain rate effects have been taken into
account with the Johnson-Cook strain sensitive term calibrated to compressive Split
Hopkinson Pressure Bar tests at a strain rate of 600s-1. Although damage material properties
are calibrated to fit observed failure modes from static t-stub tests and static uniaxial tension
tests, both ambient and elevated temperatures, there are still great reservations in assessing the
damage parameters, especially for high strain rates.
Taking into account the assumed failure criterion, the t-stub is able to resist a maximum
impact load of around 375 kN. If the impact load does not damage the bolt, its fire resistance
is not affected. Although they exhibit the same critical temperature, those subject to lower
impact loads are able to develop longer displacement variation when subject to elevated
temperatures; even if the absolute failure displacement is smaller.
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Abstract
In this paper the effect of fire resistant coatings on the mechanical behaviour of steel joints is
studied using the finite element method. The proposed finite element model is an extension of
a previous one developed for the study of the same connection in elevated temperatures,
without fire reinforcement. In particular, the construction used consists of an end – plate steel
connection which is covered with panels of lightweight concrete and gypsum board. The
behaviour of those two fire resistant materials has been simulated in elevating mechanical and
thermal conditions separately and simultaneously. Through this process it is examined the
strength of the materials and of the overall construction. Specifically, the action of fire on the
strength of the structure may result in an early collapse. In addition, the behaviour of the
structure in the connection area and the opening of the interface is investigated.
Keywords: fire resistant, steel joint, thermal analysis, fem
INTRODUCTION
A significant number of scientific projects for the study of steel connections under elevated
temperatures has been presented in the past. In particular, both analytical and experimental
articles have been published (Lawson, 1990, Al-Jabri et al, 1998, Lien et al, 2009,
Kalogeropoulos et al, 2012). On the other hand, scientific work related to the properties and
behaviour of fire resistant materials, has been also presented (Jimenez et al, 2006, Weil, 2011,
Rahmanian et al, 2012). In the present article an effort is made, for the coupling of structural
elements (steel joint) and fire resistant materials (concrete or gypsum boards). Thus, a three
dimensional, non-linear finite element model of an end-plate steel connection has been
developed. The column, together with the critical bolted parts of the connection, are covered
with a fire resistant material of either concrete or gypsum boards. Unilateral contact with
friction has been used for the study of contact or separation of the connected parts. In
addition, a thermomechanical analysis takes place, for the investigation of the behaviour of
the structural system in high temperatures. According to the results presented here, the fire
resistant coatings cause a significant reduction of the maximum temperatures developed on
the structure, in comparison with the case of no fire reinforcement.
1

FIRE RESISTANT MATERIALS AND PROPERTIES

There are different materials available for protecting structural systems during a fire and
providing a fire resistant rating. Among them are included insulating materials, which are
often used for protecting structures from direct fire exposure. In particular, concrete and
gypsum boards are considered to be good insulators and for this reason have been specifically
used in this study.
The concrete has low thermal conductivity, and presents endothermic reactions in the cement
mass. Under high temperatures, during a fire, a degradation of the mechanical characteristics
of the concrete takes place. The compressive strength of the concrete decreases as the
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temperature increases due to internal faults caused by the heating of the water and of the
uneven distribution of the temperature in the mass of the concrete.
Systems of gypsum boards, as a mean of providing passive fire protection, are used in
buildings as fire resistant coatings. The strength of such systems is attributed to the desired
thermal properties of the gypsum, as a hygroscopic material.
The thermal properties of these two materials, as well as the mechanical ones slightly differ
but in this analysis, the mechanical properties were considered equal, for simplicity. The
thermal properties used for concrete and the gypsum boards are shown in Tab. 1.
Tab. 1 Thermal properties of concrete, gypsum board and steel
Conductivity (W/m.oC)
Concrete
Gypsum board
0.988
0.200
0.938
0.183
0.875
0.120
0.813
0.100
0.750
0.120
0.688
0.123
0.625
0.130
0.563
0.137
0.500
0.147
0.500
0.160

o

Temperature ( C)
20
100
200
300
400
500
600
700
800
900

Steel
53.33
50.67
47.34
44.01
40.68
37.35
34.02
30.69
27.30
27.30

The thermal expansion for the steel parts is taken equal to 12x10-6/oC, while the thermal
expansion for the bolts is considered equal to 13x10-6/oC. For the thermal reinforcement, the
thermal expansion is chosen equal to 18x10-8/oC.
2

GEOMETRY AND THE FINITE ELEMENT MODEL

The end-plate steel connection consists of an IPE-360 beam section, an HEA-220 column
section, an extended end-plate and eight high strength M20 bolts with average yield and
ultimate stresses Fy = 600 N/mm2 and Fu = 800 N/mm2 obtained from coupon tests, were
used. The beam, the column, and the end-plate were made of steel having average yield and
ultimate stresses Fy = 314 N/mm2 and Fu = 450 N/mm2, respectively, also obtained from
relevant coupon tests. The Young Modulus for the steel parts and the bolts is equal to 120
GPa and the Poisson’s ratio to 0.3.

(a)

(b)

Fig. 1 Geometry of (a) the steel joing and (b) the fire resistant coating
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The column, together with the bolted parts of the connection, are covered with a fire resistant
panel of steady thickness. The geometry of the connection and the fire resistant coating, are
shown in Fig. 1.
For the numerical analysis, three-dimensional 8-node brick finite elements have been used.
The mesh of the model becomes denser around the area of the connection. The mesh of the
structure is presented in Fig. 2. For the numerical solution of the non-linear problem the
Newton–Raphson incremental iterative procedure has been used. For the interfaces between
the column, the end-plate and the fire reinforcement, the friction coefficient is taken equal
to 0.4.

Fig. 2 Mesh of the end-plate connection and the fire resistant coating
Concerning the mechanical properties of the steel material, degradation of the Young
Modulus has been considered according to Eurocode 3 (Eurocode 3). The stress–strain laws
have been also considered at elevated temperatures (Eurocode 3). Moreover, large
displacement analysis as well as the v. Mises plasticity model have been used in the numerical
scheme. Finally, for the implementation of the contact and friction laws the penalty method
has been chosen.
3

CONCEPT OF THE THERMOMECHANICAL ANALYSIS

The numerical analysis has been performed in two phases. In the first phase the pure heat
transfer problem is solved. The results of the thermal analysis are imported as a predefined
field, into the mechanical finite element model and the thermal-stress analysis is carried out.
It is possible to import the data obtained from the thermal analysis, into any of the steps
developed within the thermomechanical model, thus creating the possibility of multiple load
steps either thermal or mechanical which will alternate between them with any desired
sequence each time. In particular, three main different load cases have been considered for
two different fire resistant materials: concrete and gypsum board. In the first case, the thermal
and a concentrated mechanical load are concurrently applied in the same analysis step. Within
the second load case the thermal load precedes the point loading. The total mechanical load
forced is 200 KN. According to the third load case, at the first step half of the initial thermal
load is applied (1 KW/m2), then follows a mechanical load of 50 kN, in the next step the
remaining thermal load is forced (1 KW/m2) and finally a mechanical load of 150 kN.
It has to me mentioned that the self-weigh has been applied before any other load, at the
beginning of the process. It is also noted that for the above load cases, the rate of increase of
both the mechanical and the thermal load is linear, within each analysis step.
Among other, in this study are examined:
•

The behaviour of the two fire resistant materials and of the overall structure under
thermal and mechanical loads.
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•
•

The ultimate external vertical load on the beam before failure, the vertical displacements
and the force-displacement diagrams.
The behaviour of the contact–friction interface between the column and the end-plate of
the beam (opening and sliding modes).

Finally, for the heat transfer analysis temperature boundary conditions have been applied as
shown in Fig. 3. Also, a heat flux equal to 2 KW/m2 has been applied to the beam’s top flange
as it is shown in Fig. 4.

Fig. 3 Temperature boundary conditions

Fig. 4 Thermal heat flux
4

RESULTS AND DISCUSSION

4.1 Study of the influence of the sequence of thermal and mechanical loads

(a)

(b)

Fig. 5 Temperature distribution for the model (a) with and (b) without thermal reinforcement
By studying the results obtained from the different load cases, it was found that the sequence
of the application of thermal and mechanical loads significantly affects the strength of the
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overall structure as well as the ultimate load which can be developed, before collapse. Starting
with the concrete, in the first case where the thermal and the mechanical load were
simultaneously applied the overall temperature reaches the 750 oC. In the second load case
where the thermal load precedes a point loading of 200 kN the temperature reaches the
1.185oC. In the last load case, where as mentioned above four steps were applied alternating
thermal and mechanical loads, the maximum temperature is equal to 926.6 oC. It has to be
mentioned that the third step of this load case, where a thermal load of 1 KW/m2 is applied to
the structure, was not completed while the fourth step of the mechanical loading never started.
It is worth noticing that the model of the same joint without fire reinforcement, for the second
load case where the thermal load precedes the mechanical one, reached a maximum
temperature almost twice bigger than the temperature of the model with the fire
reinforcement, Fig. 5. This is an important advantage for the structure with fire reinforcement.
For the reinforcement with the gypsum board, the temperature distribution was only slightly
different from the previous case of concrete board reinforcement.
According to the load-displacement diagrams on Fig. 6 for the concrete it is shown that the
strength is drastically reduced when the thermal load is applied first and the mechanical point
load follows. On the contrary, when the thermal and the mechanical loads are concurrently
applied the collapse load is of six times greater than the previous case. Also in the third case
with the four steps (Fig. 6) the failure load is 50 kN and the connection reaches its highest
level of resistance.
The results obtained by using the gypsum board, are similar to the above mentioned results.
As it would be expected, the response of the structure is improved when no thermal loading is
applied to the structure.

Fig. 6 Force-displacement diagrams
4.2 Behaviour of the contact-friction interface
For the analysis with the concrete fire resistant material and the first load case (Fig. 7a),
where the thermal and the mechanical loads are applied simultaneously, the maximum
opening of the beam to column interface is 10.3mm. For the second load case, where only the
thermal load has been applied to the joint and before the application of the mechanical load, a
small opening of 1.1 mm appears (Fig. 7b). This opening appears only due to the heating of
the interface, Kalogeropoulos et al, 2012.
For the third load case the maximum opening of the interface becomes approximately five
times smaller (2.1mm, Fig. 7c) compared to the first load case. This is attributed to the fact
that half of the thermal load is applied first.
Similar opening values for the contact-beam interface is obtained from the model with
gypsum board fire reinforcement, Fig. 8.
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(a)

(b)

(c)

Fig. 7 Opening of the interface (concrete) for the (a) first, (b) second, (c) third load case

(a)

(b)

(c)

Fig. 8 Opening of the interface (gypsum board) for the (a) first, (b) second, (c) third load case
5

CONCLUSIONS

The usage of a fire resistant covering from either concrete or gypsum board in the column of a
steel end-plate connection, results in a significant reduction of the maximum temperatures, in
comparison with the temperatures developed in the same joint, when no fire reinforcement is
applied. The maximum temperature reached 1194 oC in the second load case, for the gypsum
board reinforcement.
In addition, it was proved that the resistance of the structure depends on the sequence between
the thermal and the mechanical loading. When the thermal and the mechanical load are
simultaneously applied to the same step the connection withstands greater load and has
increased resistance before it collapses, relative to the case that the thermal load precedes the
mechanical one. For this load case, an opening of the column to beam interface appears, when
only thermal loads have been applied to the structure, before the application of any
mechanical load.
Moreover, when the thermal and the mechanical load are in the same step the displacements
become sufficiently large (for application of the both fire coating materials), compared to the
case where the thermal load precedes the mechanical one.
Finally, the opening of the column to beam interface for the concrete and the gypsum board
reinforcement shows only small differences.
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Abstract
Actual developments in numerical simulations of the structural behaviour in fire situation are
focussed on taking into consideration the interaction of all structural members in a global
approach. Therefore it is necessary to simulate the load bearing behaviour of connections.
With this motivation, the authors conducted experiments and thermal FE-simulations on two
different connection types. In this paper, the accompanying mechanical FE-simulations of
both investigated connection types will be described. The joints are defined as an end plate
connection in a steel structure and a fin plate connection in a composite structure. Besides the
validation of the numerical models, the results of the described investigations show that it is
possible to activate a significant moment resistance within fin plate connections of composite
structures. The main requirement for this activation is sufficient reinforcement strength.
Keywords: end-plate, fin-plate, bolted connection, fire safety, intumescent coating
INTRODUCTION
Actual developments in numerical simulations of the structural behaviour in fire situation are
focussed on taking into consideration the interaction of all structural members in a global
approach. Therefore it is necessary to describe the behaviour of connections in detail.
The first step to describe this connection behaviour is to investigate the connection
experimentally. This has been conducted by many authors at ambient temperature, beginning
in the early 20th century (Wilson et al, 1917). Since then, many specialised test setups have
been developed to investigate different connection details. Even experiments at elevated
temperature and in fire have been conducted in a high number. For example in (Armer et al,
1994) the connection behaviour during some of the Cardington tests is described. Experiments
focussed on the connection behaviour have been conducted by (Al-Jabri, 1999), (Wang et al,
2007) and (Schaumann et al, 2008) to mention but a few.
In addition, numerical investigations have been conducted for some elevated temperature
tests. For example in (Sarraj et al, 2007) a numerical model of fin plate connections has been
developed. In (Yu et al, 2008) a simulation of a steel connection using explicit analysis was
presented. The explicit equation solver algorithm was found to be an alternative to the
standard algorithm especially if large deformations occur. The authors of this paper also
published an FE-analysis and showed that a general damage algorithm can help to increase
the accuracy of simulations reasonably (c.f. (Schaumann et al, 2011)).
Although much knowledge has been gained from all these tests and simulations, there are still
some unrealistic simplifications concerning the temperature field. In many tests the
connection is heated to a constant temperature and then increasingly loaded. As the transient
temperature field in a connection is not uniform in a fire situation, this is not realistic. So in
other tests the connection is heated following ISO-fire curve or a natural fire curve. Although
usual steel constructions are protected against fire to reach a sufficient fire resistance time,
most tests are conducted with bare steel connections. For this reason the experiments that
underlay this paper have been conducted with protected steel and composite connections.
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1 EXPERIMENTS
As described, two full scale fire tests have been conducted. The first test dealt with an
extended end plate connection within a steel structure and the second was on a fin plate
connection within a composite structure. Both connections are displayed in Fig. 1.
Column HE 220 B
Bolts M20 10.9

Column HE 220 B
Concrete slab 100x1000
Fin plate 80x170x10
Bolts M16 10.9
Beam IPE 220

Extended end plate
420x160x15 mm
Beam IPE 330
Brace

Fig. 1 Scheme of tested connections
As tests and specimen are described in detail in former publications (c.f. (Schaumann et al,
2012) and (Schaumann et al, 2012a)) they will only be mentioned shortly. All steel members
consist of S235 steel. The bolts are 10.9 high strength bolts. The concrete slab consists of
C25/30 concrete within two layers of Q188 meshes of S500 reinforcing steel. The slab is fully
connected to the steel beams by headed studs. All materials have been tested on tensile or
compressive strength at ambient temperature. The results are shown in Tab. 1.
Tab. 1 Yield stress and tensile strength of components of tested connections [MPa]

Yield stress
Tensile strength

Column
336
465

End plate connection
Beam Plate Bolts Beam
326
314 1039 385
443
447 1154 506

Plate
336
469

Fin plate connection
Bolts Concrete Reinforcement
1031 39 (fck)
600
1145
3 (fct)
639

As can be seen in Fig. 2 for the end plate connection, the specimen are located inside a load
structure with massive steel plates on top. The load of the connection is constant. It is
M=38.1 kNm (μ=0,5) for the end plate and M=20.5 kNm (μ=0,7) for the fin plate connection.
Load plates
Load structure
Support beams

30°

30°
Furnace walls
Test specimen
Base structure

Fig. 2 Scheme of test setup
After the constant loads are applied to the specimen, the furnace temperatures are increased
following the ISO-fire curve until connection failure. To ensure a realistic temperature field,
the connection and surrounding parts of the specimen are protected by intumescent coating for
the fire resistance class R 30. The measured average thickness of the painting is 1 mm.
During the tests, gas and specimen temperatures are measured by 54 thermocouples. The
beam deflection is measured by potentiometers. Thickness of the intumescent coating is
measured using a furnace camera and small steel bars used as visual gauges.
The experimental results are described in detail in (Schaumann et al, 2012) and (Schaumann
et al, 2012a). In this paper, the results are shown within the validation of the FE-simulations.
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2 GEOMETRY AND BOUNDARY CONDITIONS OF FE-ANALYSIS
To simulate the mechanical connection behaviour in fire, a detailed 3D numerical model of
each connection has been developed with the software Abaqus. The geometry of the models is
build by solid brick elements (C3D8R) and generally equals the test specimen. Following,
only differences between model and specimen are described. One of these differences is the
use of the specimen symmetry to reduce the model size. This can be seen in Fig. 3 for the
example of the fin plate connection. Another simplification is the use of 1D beam elements
for the steel/composite beam (B31) from 400 mm distance from the connection (c.f. Fig. 3).
The same elements are used for the reinforcement.
BCSymmetry (Fx)
Reinforcement (2x Q188)

y
x

Image within concrete slab

z
Load
BCBase (Fz)
BCBeam (Fy, Mx, Mz)

Fig. 3 Numerical model of fin plate connection within boundary conditions (BC)
To simulate the boundary conditions, the model is pinned in x-direction in the whole
symmetry area and in z-direction at the bottom of the simulated part of the column (c.f.
Fig 3). The end of the lever arm is also pinned in y-direction and the rotation around x- and zdirection is blocked in accordance with the connection between specimen and load structure.
The interactions inside the model are simulated using “constraints” between welded members
and between the two beam parts. Most other adjacent members (e.g. bolts and fin plate) are
connected by a general interaction with a friction coefficient of μ=0.3 and the ability to
separate from each other. The reinforcement is defined as “embedded” in the concrete slab.
As described before, the explicit analysis is preferable to simulate connections with large
deformations. So this kind of analysis is used. To ensure a stable time increment of t=5·10-7,
the element edge size is chosen to be larger than 5 mm. As the model volume of the
connection within the concrete slab is higher, element sizes are doubled in parts (c.f. Fig. 3).
During the tests it has been observed that failure of one end plate connection occurred by
buckling of the lower beam flange. As buckling does not occur in a perfect geometry, the
model geometry is set to be imperfect. This is realised using an Eigenvalue-analysis. After
this analysis, the local buckling mode with the lowest Eigenvalue is adopted with a maximum
deflection of umax=1 mm. The Buckling mode (with umax=10 mm) is shown in Fig. 4.

umax
Fig. 4 Numerical model of fin plate connection
As the experiments are conducted in two steps, the numerical simulation follows the same
procedure. First the loads are applied using the smooth-step algorithm of Abaqus. Second the
temperature is increased. As deflections have only little influence in the temperature field, the
thermal simulation is conducted separately. So the temperature field is calculated in advance,
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taking into account the nonlinear behaviour of the intumescent coating (c.f. (Schaumann et al,
2012) / (Schaumann et al, 2012a)) and is applied to the mechanical simulation afterwards.
3 MATERIAL PROPERTIES OF FE-ANALYSIS
The properties of the used materials are investigated experimentally at ambient temperatures
(see Tab. 1). To extend the results for elevated temperatures, Eurocode regulations are used.
So for Steel (including reinforcement and bolts), regulations in (Eurocode 3-1-2, 2010), 3.2,
based on (Schaumann et al, 1984), are used to determine a stress-strain-behaviour from yield
stress at ambient temperature. Differing from the Eurocode, the ultimate stress is added at a
strain of =0.15 and connected linearly to the stress at =0.02 for a better correlation with test
results (c.f. Fig. 5). The reduction of the ultimate stress over temperature is realised using
results in (Renner, 2005). The resulting stress-strain-diagram for temperatures up to 1000°C is
displayed in Fig. 5. While in this figure the nominal stress and strain are displayed for a better
comparability with the test results, in the simulation the real stress and strain values are used.

Stress (-) [MPa]

600
Measured data (20°C) 20°C

500
400

400°C

300

500°C

200

100°C
200°C
300°C

600°C

100

800°C

1000°C

0
0

0,05

0,1
0,15
Strain () [-]

0,2

Fig. 5 Temperature dependent stress-strain relationship of end plate
The decreasing parts of the stress values in the diagram are not included in the material
behaviour. Instead, the fracture algorithm, presented in (Schaumann et al., 2011) is used.
In the simulation of the fin pate connection, a concrete slab is included and so the material
concrete has to be determined as well. The uniaxial compressive behaviour is determined
using compressive strength tests, extended for elevated temperatures using regulations in
(Eurocode 2-1-2, 2010). For the uniaxial tensile behaviour an approximation in (Hothan,
2004) with a linear increase and bilinear decrease of stress over strain is used.
Further input values for the “concrete damaged plasticity” material law are set to standard
values with two deviations. First is the value for dilation angle, defined as =30° (c.f.
(Hothan, 2004)). Second is the relationship between uniaxial and biaxial concrete behaviour,
which is defined by the following equation, based on test results in (Ehm, 1986).
(fck,bi / fck) = 2,27 · 10-6 · 2 – 7,31 · 10-4 ·  + 1,16
where 

(1)

is the temperature [°C]

4 VALIDATION OF FE-ANALYSIS
The numerical models are tested and validated against the experimental results. Following the
comparison between numerical and experimental results are described for each connection.
4.1 End Plate Connection
During the end plate connection test, the specimen behaved as follows. During the first
10 min, the intumescent coating inflated (c.f. (Schaumann, 2012)), leading to a less fast
increase of temperatures afterwards (c.f. Fig 6). With increasing temperatures, the global
deflection started to increase as well. During the first 60 min the deflection kept rather low
(less than 10 mm). After 60 min of fire exposure the deflection of both beam ends increased
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exponentially until the first connection failed after 71 min. This is shown in Fig. 6. As can be
seen in the diagram as well, the calculated global deflection of the numerical model is similar.
1000
Test, Left beam
200

Temperature [°C]

Beam Deflection [mm]

250
Test, Right beam

150
FE-Simulation

100
50

800

ISO fire curve

600
400
200

Measured data

FE-Simulation

0

0
0

30

Time [min]

60

0

90

30

Time [min]

60

90

Fig. 6 Global deflection and lower flange temperature of end plate connection during fire
The reason for the connection failure in the experiment and in the FE-analysis was buckling
of the component lower flange. As the furnace was stopped for safety reasons with failure of
that first connection, the second connection did not fail completely. Nevertheless, the
connection kept on deflecting after the end of the test and showed an upcoming combined
failure of the lower flange in buckling and the end plate in bending. This occurring failure can
be seen in Fig. 7 (right), where the connection after the test is depicted. It can be seen as well
that the failure mode of the numerical model is similar. The lower flange is starting to buckle
in the same way as seen in the experiment. The loss of contact between end plate and column
is less distinct in the simulation but still there.
Moreover, within parametric studies it was found that a slight reduction of the end plate
thickness changed the failure mode to end plate bending within bolt fracture. The same failure
mode occurred when increasing the load at ambient temperature.
The main result of the investigation concerning the end plate connection is the shown
possibility to describe the nonlinear behaviour of the connection using the finite element
simulation. Moreover it is shown, that the failure mode of the connection can change due to
fire situation and due to change of connection geometry.

Fig. 7 FE-model just before failure and test specimen after experiment
4.2 Fin Plate Connection
In contrast to the investigated end plate, the fin plate connection is usually approximated as a
pinned connection at ambient temperature. As a large rotation - exceeding service ability
demands - is needed to activate the connections moment resistance, this is reasonable. So it
was one aim of the test to show the possibility to activate this moment resistance in fire.
One of the fin plate connections already failed during the loading phase. The unexpected
reason for this was found to be the missing ductility of the continuous reinforcement that
failed before the lower beam flange got in contact with the column. For this reason the
remaining connection was loaded with a reduced moment of M=20.5 kNm.
As can be seen in Fig. 8, the remaining connection resisted the ISO fire for 85 min. Up to
60 min the deflection was neglectible. Afterwards it increased exponentially, until failure
occurred due to failure of the pre-damaged reinforcement.
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Beam Deflection [mm]

250
FE-Simulation
with nominal
reinforcement
strength

200
150

Measured data

100
50
FE-Simulation
0
0

30

60
Time [min]

90

120

Fig. 8 Beam end deflection in fire test and FE-simulations
As can be seen in Fig. 8 as well, the finite element model behaves slightly different. In the
beginning, the deflection decreases with increasing temperatures because of an elongation of
the steel beam below the cooler concrete slab. This decrease of deflection was not observed in
the experiment for the reason of the pre-damage. After 60 min the FE-model starts to deflect
increasingly, as the specimen did in the test.
After about 75 min after ignition, the deflection stops in the FE-model. The reason for this is
the contact between lower beam flange and column. Due to this contact, the moment
resistance increases significantly. This behaviour was not observed in the experiment, as the
contact between column and beam existed from the beginning of the test for the reason of the
pre-damage of the reinforcement. Moreover the failure of the pre-damaged reinforcement was
the reason of the connection failure in the experiment. So the remaining result of the test is:
Even with pre-damaged reinforcement, the connection withstands the fire situation for a
significant period. The FE-simulation matches with this result and shows an achievable fire
resistance time of nearly 120 min. The final failure of the connection in the FE-simulation is
buckling of the lower beam flange (c.f. Fig. 9).
Based on the FE-calculation, it can also be shown that reinforcement resistance is critical for
this increase of the moment resistance. When reducing the yield- and ultimate stress of the
reinforcement to nominal values, the fire resistance time is reduced to 70 min (cf. Fig 8).

Fig. 9 Failure in FE-model with original (left) and reduced (middle) reinforcement strength
The reason for this can be seen in Fig. 9. As the reinforcement fails before contact between
lower beam flange and column exists, the increase of the moment resistance does not occur.
The same failure mechanism was found during the loading phase before the fire test.
5

SUMMARY AND ACKNOWLEDGEMENT

In this paper experimental and numerical investigations in the load-rotation behaviour of two
protected connections in fire situation are presented. The first test specimen is an end plate
connection in a steel structure. The second is a fin plate connection in a composite structure.
Concerning the first connection it was found that there is a good correlation between
numerical investigation and experiment. For this reason, it is possible to use the FE-model to
determine the moment-rotation-behaviour for variable connection geometries. Furthermore
the model can be used to develop and validate component-method-models for this connection.
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Concerning the fin plate connection an unexpected phenomenon has been identified in the
load introduction phase of the test. Due to low ductility of the reinforcement, failure occurs
before reaching the full plastic bending moment capacity. Using the FE-model in combination
with the experiment, the authors were able to show, that this strong moment resistance can be
achieved if the design of the reinforcement is improved accordingly.
The IGF-Project No. 16586 N from FOSTA is funded by the German
“Federal Ministry of Economics and Technology” via AiF.
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Abstract
This paper reports on the development of general-purpose component-based connection finite
element intended to model the performance of steel-to-steel joints in fire. The element is
generally consistent with Eurocode principles. The development began with the creation of an
assembled component-based finite element to represent the flush endplate connection type, in
the main using temperature-dependent connection component characteristics which had
previously been developed at the University of Sheffield for behaviour up to very high
distortions and ultimate fracture, as well as for force reversal. In subsequent work,
components for the reverse-channel have been characterized and validated against both
numerical modelling and high-temperature testing. The element has been incorporated into
the nonlinear global structural analysis program Vulcan, developed at the University of
Sheffield.


Keywords:connections, composite columns, robustness

INTRODUCTION
The performance of a steel framed structure in fire is significantly influenced by the response
of its beam-to-column connections under complex combinations of shear, bending and axial
forces. Observations from the full-scale fire tests at Cardington, and the collapse of the
buildings at the World Trade Centre in 2001, have raised concerns that joints are potentially
the weakest parts of a structure (Burgess, 2007). To accurately predict the behaviour of steel
frames in fire, it is essential to include the effects of connection behaviour; in particular the
combined effect of axial load and co-existent large rotation, and the reduction of strength and
stiffness with increased temperature. This has aroused interest in enabling engineers to predict
the behaviour of connections in fire, track the progressive collapse sequence, and design
robust structures on performance-based principles.
One approach is to conduct full-scale or isolated fire testing, which is so expensive that it
cannot economically produce a sufficient database of results for direct practical design
purposes. Alternatively, the creation of detailed FE models of sub-structures can be very
accurate, provided that they include the connections and that the analysis is non-linear in
terms of material and geometrical changes with temperature. However, the computational
expense is often prohibitive for general design purposes.
Tschemmernegg (1987) and others proposed the well-known practical approach to
representing connections for semi-rigid design, known as the Component Method, which now
has been included in Eurocode 3 (2005). This is an intermediate method, requiring the
minimum of computational effort while retaining the key characteristics of connection
behaviour and offering accepTab. predictions of frame behaviour. This paper reports on the
development of a general-purpose component-based connection finite element intended to
model the large-deflection performance of steel-to-steel joints in fire. The element is generally
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consistent with Eurocode principles. This development took place within the COMPFIRE
project (RFCS, 2008), on the behaviour in fire of connections to composite (concrete-filled
and partially-encased) columns. The reverse-channel connection, shown in Fig. 1(b), has
proved to be capable of higher ductility than all conventional types under the large deflections
and rotations which can occur in fire (Huang, 2011).

Fig. 1: (a) Endplate and (b) reverse-channel connections to composite columns (Huang,
2012).
1

DEVELOPMENT PROCEDURE

Following the principles of the component method, the connection is divided into several key
components which contribute to its deformation and ultimately limit its capacity (Block,
2006). Each key component is characterized as a horizontal temperature-dependent non-linear
spring which includes inelastic behaviour and a failure limit. These springs are assembled
between rigid “bars” to model the connection behaviour. The connection element is then able
to deal with very high distortions and ultimate fracture, as well as unloading.
2

GENERAL-PURPOSE COMPONENT ASSEMBLY

Fig. 2 presents a schematic illustration of the component assembly of a simple connection.
The identified active components are assembled between rigid surfaces to represent the whole
connection. In its implementation the connection assembly is designed to include a maximum
of five tension spring (bolt) rows and two compression spring rows. Node 1 is located at the
intersection between the beam and column reference axes. Node 2 is the end-node of the
beam. Vertical shear behaviour has not so far been included in the assembly, and the
connection is therefore assumed to be rigid in the vertical shear direction. The connection
element is assumed to have no physical length since the modelled connection length (in the
vicinity of the column face) is relatively small compared with the attached beams (Li, 1995).
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1

2

Compression component
Tensioncomponent

Fig. 2: Schematic component assembly (Block 2006).
3

COMPONENT MODELS

Connections in fire are generally subject to extremely large deformations, which take them
considerably out of the elastic range, and therefore the adopted component characteristics
must not only be able to deal with the initial stiffness and elastic limit for ambienttemperature design, but also to consider the plastic resistance and ductility over a range of
elevated temperatures. This connection element largely uses component characteristics which
have been developed in previous projects, by Spyrou (2002), Block (2006), and Yu (2009).
In addition, component models for the less conventional reverse-channel connection have
been characterized in the course of the COMPFIRE project (RFCS, 2012a).
4

INCORPORATION OF THE CONNECTION ELEMENT INTO VULCAN

Block (2006) first derived the tangent stiffness matrix ( K c' ) of the connection element, shown
as Eqn. 1. The out-of-plane and torsional DOF are assumed to be connected rigidly, and
without interaction, because these are currently under development and are in any case of
relatively minor importance in steel or composite building structures.
3 K11'
K15'
0
0
0
0  K11'
0
0
0  K15'
0 0
.
1
4
4
0
0
0
0
0
0
0
0
0 .
1 0
1 0
K 33'
0
0
0
0
0
0  K 33'
0
0
0 .
.
1
4
4
0
0
0
0
0
0
0
0
0 .
1 0
1 K'
K 55'
0
0
0
0  K 51'
0
0
0  K 55'
0 .
.
1 51
4
 4.
0
0
0
0
0
0
0
0
0
1 0
'
(1)
KC  1
K11'
K15'
 K11'
0
0
0  K15'
0
0
0
0
0 .
.
1
1 0
4
4
0
0
0
0
0
0
0
0
0 .
.
1
K 33'
0  K 33'
0
0
0
0
0
0
0
0 .
1 0
1 0
4
4
0
0
0
0
0
0
0
0
0 .
.
1
'
K 51'
K 55'
0
0  K 55'
0
0
0
0
0 .
1 K 51 0
1 0
4
4 ./
0
0
0
0
0
0
0
0
0
2
in which
n

2

i 1

i 1

K11'  ' kT' ,i  ' k C' ,i

㸦2㸧

209

n

2

i 1

i 1

K15'  K 51'  ' lT ,i kT' ,i  ' l C ,i k C' ,i

(3)

K 33'  k s'

(4)

n

2

i 1

i 1

K 55'  ' lT2,i kT' ,i  ' l C2 ,i k C' ,i

(5)
In which the subscripts ‘T’ and ‘C’ represent components working in tension or compression,
and n is the number of bolt rows. The subscript ‘s’ denotes a shear component.
This tangent stiffness matrix has been incorporated successfully into a version of Vulcan
which incorporates alternate static and dynamic analysis solvers, attempting to use both to
best advantage (Sun, 2012). Fig. 3 shows the flow-chart for modelling of a connection failure
sequence. Generally a quasi-static analysis solver is used, up to the point at which the first
component fails. From this point the dynamic solver is activated to track the structural
behaviour. If stability is not regained, this initiates a cascade of failures of the other
components, leading to complete detachment of the members.
Read in data for the new step
(such as temperature)

Connected member
detached

Static analysis

NO
YES

A component reaches its
limit?

No

Re-stabilized ?

YES
Failed component is
deleted

Explicit Dynamic analysis

Numerical singularity

Fig. 3: procedure of connection failure modelling
5

APPLICATION OF THE CONNECTION ELEMENT

Within the COMPFIRE project the University of Manchester completed four sub-frame tests
with reverse channel connections (RFCS, 2012b). A global finite element model was
analysed in Vulcan to test the behaviour of the connection element within this subframe. Fig.
4 shows the schematic set-up of the model in Vulcan for test TD1. As the applied loads were
actually released in an uncontrolled manner during the cooling phase of the test, this analysis
does not consider cooling. The column section was CHS 244.5x8, the beam UB 178x102x19
and the connection used a reverse-channel cut from a UK SHS 180x180x42.7. The structure
was heated after the applied load (F) had reached 40kN, and this applied load was maintained
throughout the test.
Fig. 5 shows the curve of beam mid-span deflection against the average temperature in the
beam’s bottom flange. The analytical curve initially stays close to the test result, but beyond
682°C the deflection begins to rise sharply. At 745°C, the maximum deflection of 220mm is
reached, and at this point both of the tension bolt rows are shown as failing due to the bolt
heads pulling-out of their holes in the reverse channel. The failure identified in the test was
actually bolt thread-stripping, which means that the model used to characterize bolt pull-out is
probably on the conservative side.
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F

1535mm

400mm

1100mm

Fig. 4: Sub frame model of Manchester Test TD1 (RFCS, 2012b)

Fig. 5: Mid-span deflection

Fig. 6: Axial force in the connection

Fig. 6 presents the connection axial force-temperature relationships; the temperature used for
reference is the average test value in the beam bottom flange. The test axial force is the sum
of the horizontal reaction forces recorded in the load cells. There is a small initial force,
generated when the 40kN load was applied at ambient temperature. The beam’s axial
compressive force stays close to the test value in the initial heating phase. At around 660 °C
the axial force reaches its maximum compressive value, beyond which it declines sharply. At
around 745°C the axial force in the connection changes from compression to tension, and the
beam enters the catenary-tension phase of its behaviour. Fig. 7 shows the movements of the
spring rows in the connection. The movement of the top and bottom spring rows reached over
20mm in the catenary stage. This was possible because the reverse channel connection
mobilized considerable ductility. Fig. 7 also shows that the component-based connection
element is capable of tracking the behaviour of the reverse-channel connection.
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Fig. 7: Spring row movements in Test TD1.
6

CONCLUSION

The component-based connection element, implemented in the Vulcan software, has been
checked against a sub-frame test conducted at the University of Manchester. In Fig.s 5 and 6
it has demonstrated very accepTab. representations of the global test behaviour, and could
provide a practical way of modelling the influence of connections in global analysis. The
connection element has been shown in this paper to predict the behaviour and ductility of
components up to their first fracture within joints in structural fire scenarios. In other recent
studies (Sun, 2012) the element has been tested with a dynamic solver to allow progressive
failures of components to be tracked. This is intended to make it possible for progressive
failure of buildings to be predicted in scenario-based analytical design against fire.
7

ACKNOWLEDGEMENT

The research leading to these results received funding from the European Community’s
Research Fund for Coal and Steel (RFCS) under grant agreement no RFSR-CT-2009-00021.
REFERENCES
Block, F.M. (2006), ‘Development of a component-based finite element for steel beam-tocolumn connections at elevated temperatures’, PhD Thesis, University of Sheffield.
Burgess I.W. (2007), 'Connection modelling in fire', Proc. COST C26 Workshop "Urban
Habitat Constructions under Catastrophic Events", Prague, (2007) pp 25-34.
CEN (2005), EC3: Design of steel structures, Part 1.8: Design of joints, European Committee
for Standardization, Document BS EN1993-1-8: 2005.
Dong, G., Burgess, I.W. and Davison, J.B. (2011), 'Component-based element for endplate
connections in fire', Proc. ASFE 2011, Prague, April 2011, pp 195-200.
Dong, G., Burgess, I.W. and Davison, J.B. (2012), 'Application of a general component-based
connection element in structural fire analysis', Proc. 11th Int. Conference on Steel, Space
and Composite Structures, Qingdao, China.
Heistermann, T., Iqbal, N., Veljkovic, M., Lopes, F., Santiago, F. and Simões da Silva, L.
(2011) ‘Finite element modelling of reverse-channel connections at elevated
temperature’, EUROSTEEL 2011, Budapest, Hungary. August 31 - September 2, 2011.
Huang, S.-S., Davison, J.B. and Burgess, I.W. (2011), ‘Elevated-temperature tests on joints to
composite columns’, Proc. 6th European Conference on Steel Structures, Budapest,
Hungary, pp1593-1598.
Huang, S.S., Burgess, I.W. and Davison, J.B. (2012), 'Robustness of joints to composite
columns in fire', Proc. 11th Int. Conference on Steel, Space and Composite Structures,
Qingdao, China,.
212

Li, T.Q., Choo, B.S. and Nethercot, D.A. (1995), ‘Connection element method for the
analysis of semi-rigid frames’, Journal of Constructional Steel Research, 32, pp. 143-171.
RFCS (2008), Design of joints to composite columns for improved fire robustness, Research
Fund for Coal and Steel, Grant agreement n° RFSR-CT-2009-00021, European
Commission, Belgium.
RFCS (2012a), Deliverable 3 (D3) Report on simplified structural behaviour of components
Research Fund for Coal and Steel, Grant agreement n° RFSR-CT-2009-00021, European
Commission, Belgium.
RFCS (2012b), Deliverable 6 (D6) Recommendations on accurate and efficient FE modelling
of composite structures under fire loading incorporating realistic joint behaviour.
Research Fund for Coal and Steel, Grant agreement n° RFSR-CT-2009-00021, European
Commission, Belgium.
Tschemmernegg, F., Tautschnig, A., Klein, H., Braun, Ch. and Humer, Ch. (1987), “Zur
nachgiebigkeit von rahmenknoten – Teil 1” (Semi-rigid joints of frame structures Vol. 1–
in German), Stahlbau 56, Heft 10, pp299-306.
Spyrou, S. (2002), ‘Development of a component-based model of steel beam-to-column joints
at elevated temperatures’, PhD Thesis, University of Sheffield.
Sun, R.R., Burgess, I.W., Huang, Z.H. and Dong, G. (2012), 'Modelling of progressive failure
of connections and ductility demand of connections in fire', 7th International Conference:
Structures in Fire, Zurich
Yu HX, Burgess IW, Davison JB and Plank RJ (2009), ‘Development of a yield-line model
for endplate connections in fire’, J. Construct. Steel Research, Vol. 65 (6), pp. 12791289.

213

ApplicationofStructuralFireEngineering,1920April2013,Prague,CzechRepublic

BEHAVIOUR OF AXIALLY LOADED STRUCTURAL BOLTING
ASSEMBLIES IN FIRE
Lucy Johnson a, Eric Palmiere a, Richard Thackray a, Ian Burgess b, Buick Davison b
a

University of Sheffield, Faculty of Materials Science and Engineering, Sheffield, United Kingdom
University of Sheffield, Faculty of Civil and Structural Engineering, Sheffield, United Kingdom

b

Abstract
Bolt assemblies used in structural connections may fail in tension via two modes: Necking,
which is a ductile failure, and thread stripping, which is a brittle failure mechanism. During a
fire, a ductile failure mode is preferable as it provides continued load transfer from beams to
columns for the longest amount of time, allowing for building evacuation. Bolt assemblies
have been tested under tension at a range of strain rates and temperatures to observe both
failure modes. Tests showed that those bolts with a non-martensitic microstructure failed in a
beneficial ductile manner, contrary to the current standards.
Keywords: Bolt assemblies, ductile and brittle failure, microstructure
INTRODUCTION
The robustness of connections, and therefore bolt assemblies, is essential for the transfer of
loads from beams to columns to avoid progressive collapse. Two failure modes exist under
tension; shank necking (breakage) and thread stripping. The latter involves heavy thread
deformation causing the nut to pull off the end of the bolt shank. This is a relatively brittle
failure compared with shank breakage, and according to published work tends to occur at
lower forces. During fire it is essential for bolt assemblies to have sufficient ductility to
accommodate thermal expansion and subsequent contraction of adjoining members. Thread
stripping should therefore be avoided. This paper investigates the factors which influence the
failure mode at elevated temperatures through microstructural characterisation, tensile testing
and finite element modelling.
1

BEHAVIOUR OF NUTS AND BOLTS UNDER FIRE CONDITIONS

Strength reduction factors prescribed by Eurocode 3 (BSEN1993-1-2 2005) are currently
applied to fasteners in structural fire design. These are based on the temperature-dependent
strength of steel, and take into account thread deformation or the bolt failure mode. A
simplistic assumption is that failure mode depends on thread engagement length and the
relative strengths of the mating threads. When the thread engagement length is long and
mating thread strengths are comparable, bolt breakage is most likely. When the strength of
one thread set is greater than the other and the length of thread engagement is short, thread
stripping will occur in the weaker thread set. A detailed model exists for the prediction of
failure mode at ambient temperature (Alexander 1977, Ref. No 770420), but as yet no
assumptions have been made about the strain rate or temperature dependency of the failure
mode.
A number of bolt assembly tests have previously been carried out at elevated temperature
under steady-state conditions to evaluate and compare the performance of different bolt
assemblies in fire (Kirby 1995; Hu, Davison et al. 2007; Gonzalez and Lange 2009; Gonzalez
2011). These have been carried out on assemblies of different geometrical tolerances; the
tighter tolerance, 6g6AZ, as specified in (BSEN14399-4 2005) and (BSENISO10684 2004),
and the looser tolerance, 8g7H, for bolts specified to (BS4190 1967; BS4190 2001). The
studies also contain different diameters, steel grades, forming methods (hot and cold) and
finishes, as detailed in Tab. 1. The test methods employed by the different authors, and their
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resultant ultimate tensile capacities and failure modes, are shown in Tab. 2. Some assemblies
failed by a single failure mode, while some failed by a combination (where N = necking, S =
thread stripping and C = combination).
Normalising the ultimate load capacities of bolt assemblies tested at elevated temperature to
those at ambient provides strength reduction factors which can be compared to those used in
fire engineering design (BSEN1993-1-2 2005). The traditionally conservative Eurocodes
surprisingly suggest reduction factors less severe than those observed in some bolt assemblies
at all temperatures, but most significantly at temperatures greater than 300 °C. This may be
attributable to the reduced strength in the threads causing greater thread deformation at higher
temperatures and potentially a different tempering (softening) behaviour of the bolt material
compared to the steel used to create the strength reduction factors available in Eurocode 3.
Tab. 1: Summary of the processing and geometrical tolerances of bolt assemblies tested at
elevated temperatures in previously published work
Assembly
Author

Bolt

d
Ref.
Tolerance
(mm)

Kirby

Gonzalez
Hu

1
2
3
4
5
6
7
8
9

20
20
20
20
20
16
16
20
20

Code

Nut

Grade Formed Finish

8g7H
4190
8.8
8g7H
4190
8.8
8g7H
4190
8.8
8g7H
4190
8.8
8g7H
4190
8.8
6g6AZ 14399-4 10.9
6g6AZ 14399-4 10.9
4190
8.8
ISO 4014 8.8

CF
CF
CF
CF
HF
CF
CF
-

SC
SC
SC
SC
SC
G
G
-

Property
Formed Finish
Class

Code

4190
4190
4190
4190
4190
14399-4
14399-4
-

8
8
8
8
8
10
10
10
10

HF
CF
HF
CF
HF
-

SC
G
SC
G
SC
G
G
-

Where CF = cold formed, HF = hot formed, SC = self-colour and G = hot dip galvanised
Tab. 2: Summary of the ultimate load capacities obtained from steady-state tensile tests at a
range of temperatures in previously published work
Ref.
1
2
3
4
5
6
7
8
9

Strain
rate (min-1)

Heating
rate
(˚C/min)

Holding
time
(min)

0.001-0.003

5-10

15

0.001-0.005

-

30

0.0001*

2-2.5

15

Fu (kN) at Temperature (˚C)
20 100 150 200 300 400 500 550 600 700
226
198
206
189
232
266
264
202
239

216 191 201 180 217 - 198
- 232

215
177
206
168
215
254
256
-

217
190
203
176
206
252
245
187
225

178
168
168
158
183
210
203
140
168

126
118
122
112
144
123
121
75
115

94
86
96
85
116
78
76
-

59
54
62
54
80
47
50
39
48

24
23
27
25
28
19
18
-

Failure
mode
N
S
N
S
C
C
C
N
N

* Assuming a 30 mm gauge length
The general trend observed was for necking failures to occur at higher ultimate tensile
strengths than stripping failures for 8.8 bolts, while the 10.9 bolts failed at higher ultimate
load capacities by a combination of thread stripping, necking and liquid metal embrittlement.
Assemblies 6 and 7 were temperature-dependent, so that a combination of necking and thread
stripping occurred up to 420°C, liquid metal embrittlement from 420-650°C and pure
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stripping above 650°C. Assembly 5 failed by a combination of necking and thread stripping
at all temperatures, with both failure modes occurring at similar ultimate load capacities.
2

UNIAXIAL TENSILE TESTING

A series of uniaxial tensile tests carried out on turned-down bolts, chosen to eliminate the
effects of thread deformation, have been carried out to provide realistic material behaviour to
use in a finite element model developed in ABAQUS, using the material properties defined in
ISO 898-1, 898-2 and the reduction factors from Eurocode 3. The bolt head is removed and
the shank turned-down to a diameter of 7 mm for a parallel length of 35 mm with a 6 mm
radius at each end. True thread geometries measured from a number of bolt assemblies from
the same batch are included in a pre-existing finite element model. The model will be
validated by tensile tests, carried out on bolt assemblies from the same batch as the turned
down bolts, at the same temperature and strain rate combinations.
The assembly chosen for this study is typical of that used in UK construction, consisting of a
Grade 8.8 galvanised bolt and Property Class 10 galvanised nut to the tighter geometrical
tolerance of 6g6AZ. All bolt material and bolt assembly tests were carried out on a single
batch from a single manufacturer, to ensure consistent results.
2.1 Test setup
The apparatus includes a convection furnace and the same tools used by (Hu, Davison et al.
2007) as can be seen in Fig. 1. Since the test apparatus was designed for tensile testing of bolt
assemblies two internally threaded extensions were machined which could accommodate a
short M20 bolt at one end and an M20 stub and nut at the other, with the turned-down bolt test
piece in-between, as seen in Fig. 2. For both bolt assembly and turned-down bolt tests a
tensile force is applied by the top grip to the bottom face of the nut whilst the bottom grip
remains stationary.

Fig. 1 ESH testing equipment used for turneddown bolt and bolt assembly testing.

Fig. 2 Test setup for turned-down bolt
specimen.

Temperature is measured by a thermocouple placed in the bottom shoulder of the turneddown bolts and the centre of the bolt head in the bolt assembly tests. Elongation is calculated
by digital image correlation using a Canon EOS 1100D camera with an EFS 18-55mm lens
and an automatic trigger system connected to the LabVIEW module. This allows data to be
written to file at the same time as the trigger is activated, to allow strain calculation up to
failure. Both ends of the gauge length are marked with glass beads attached to the surface of
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the specimen with fire cement, so that they are visible in profile without being detrimental to
strength.
Based on the test methods used in previous bolt assembly tests it was decided that a study into
the failure behaviour of bolt assemblies and bolt material should include a range of
temperatures up to 700°C and strain rates ranging from 0.002 min-1 up to 0.02 min-1. The
slowest of these is comparable to the strain rates used by (Kirby 1995) and the maximum
strain rate at the mid-span of a simply supported beam subjected to an evenly distributed load
when calculated on the basis of a limiting deflection of L2/9000d (mm/min) (BS476-20 1987).
Strain rates of 0.01 and 0.02 min-1 have also been chosen to reflect the high strain rates
experienced during plastic deformation. Unlike the tests shown in Tab. 1 the strain rate is
maintained to failure rather than increased beyond 2 – 5 % proof stress, in order to reduce test
times. Temperatures set at ambient, 550°C, 620°C and 700°C were chosen, since 550°C is
commonly assumed to be the critical or limiting temperature above which steel retains 60% of
its ambient-temperature strength and 700°C is a realistic temperature for unprotected
connections to reach during a building fire.
2.2 Bolt Material Results
The first three tests, carried out at 0.002, 0.01 and 0.02 min-1 at ambient temperature gave
some surprising results, as shown in Fig. 3, exhibiting behaviour characteristic of three
different microstructures; pearlite, bainite and martensite. The yield plateau is characteristic
of pearlite, but not the martensite that quenched-and-tempered M20 grade 8.8 bolts should
contain (90% martensite at their centres, as specified in (BSENISO898-1 2009)). Since all
three bolts were from the same batch it can be assumed that they have the same chemical
composition, which is within the limits of (BSENISO898-1 2009), and therefore the
difference in microstructure is attribuTab. to the cooling rate during quenching. A faster
cooling rate leads to transformation from austenite (present at temperatures above around
730°C) to a harder, more brittle, martensite phase, while slower cooling allows for diffusion
of carbon atoms and transformation to bainite and pearlite. Hardness readings taken at the
bolt neutral axes of the three specimens confirms the presence of different microstructures,
with those of the two weaker materials lying below the minimum limit of ISO 898-1.

Fig. 3 Ambient-temperature stress-strain curves for 0.002, 0.01 and 0.02 min-1 showing
behaviour characteristic of pearlite, bainite and martensite respectively.
Vickers hardness tests were carried out on the underside of the bolt heads prior to machining
test pieces, to ensure that all subsequent specimens contained pearlite to provide worst-case
material properties for the finite element model. The repeated test results shown in Fig. 4
exhibit negligible effects of strain-rate on stress; the results were therefore averaged for the
three strain rates. At elevated temperatures the strain-rate effect is significant, as shown in
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Fig. 5. These results can be simplified to multi-linear curves for input to the finite element
model. The resultant strength reduction factors from these tests show that higher strain rates
tend to lead to higher reduction factors (less of a reduction in strength) than those from lower
strain rates. Most values, however, also fall below those specified in Eurocode 3.

Fig. 4 Average ambient temperature stressstrain curve for turned-down bolts.

Fig. 5 Elevated temperature stress-strain curves
for turned-down bolts.

2.3 Bolt Assembly Results
Force is plotted against elongation, measured from the top face of the nut to the bottom face
of the bolt head, as shown in Fig. 6.

Fig. 6 Ambient-temperature force-displacement curves for bolt assemblies at strain rates
0.002, 0.01 and 0.02 min-1.
Those assemblies which failed due to thread stripping did so at significantly higher loads than
those which failed due to necking, with both failure modes having little strain-rate effect.
Hardness testing of the undersides of the bolt heads of the failed specimens shows that those
which failed due to necking have lower hardness, so pearlitic or bainitic microstructures can
be inferred. All bolt assemblies tested failed above the minimum ultimate tensile load of
203kN prescribed in ISO 898-1. The assemblies that failed through necking did so at
significantly lower loads than those which failed through thread stripping, but exhibited
ductile failures - bolt assemblies must be ductile in order to continue to transfer loads
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effectively from beams to columns during thermal expansion and subsequent sagging of
beams during fire.
3

SUMMARY AND ACKNOWLEDGEMENT

Despite the lower ultimate load capacities observed in bolt assemblies which failed due to
necking, it is still the preferred mode of failure during fire. Tensile testing carried out on bolt
assemblies from the same batch has highlighted the importance of tight control during
manufacture to ensure consistent material and mechanical properties. Interestingly, the
desirable ductile failure mode occurred in bolts which contained a pearlitic or bainitic
microstructure, as opposed to the tempered martensite specified. If ductility is essential to
ensure structural robustness during fire, it is not apparent why the current objective is to aim
for the strong, brittle starting microstructure of tempered martensite. The turned-down bolt
test results will provide good material property data as input to finite element models.
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Abstract
In the paper thermo-mechanical analysis of the structural shell construction with natural fire
scenario is presented. The barrel shape coverlet with dimensions 40m x 80m is the roof
system for the shopping arcade. The braced shell structure is made of steel rectangular hollow
sections. The steel construction is directly covered by special glass system. The interior fire
case is considered as the main goal of research. Fire is simulated with the use of FDS software
based on computer fluid dynamics. Then the temperatures and/or heat fluxes are transferred to
the non-linear Abaqus finite element software system. The 3D geometry FE computational
model is prepared using 3D beam finite elements with mechanical and thermal degrees of
freedom. CFD and FE analyses are sequentially coupled using special external own scripts.
The analyses show influence of the natural fire onto the structural behaviour of the roof.

Keywords: fire safety, fire engineering, CFD, FEA, natural fire, coupled problems.

INTRODUCTION
Nowadays a big attention is paid to provide certain level of people’s safety in case of fire. So
that, especially in large buildings, several active and passive protection systems are installed
simultaneously, to assure assumed safety. Number and types of fire protection measures
usually came from prescriptive regulations, what leads often to overestimation of needs, and
subsequently to excessive costs. From this reason, following paper refers to performance
based approach for designing of structures in accidental situation of fire. Particularly, the
thermo-mechanical analysis of the braced barrel vault made from rectangular hollow sections
in natural fire is provided. Thanks to such formulation, structural response of that construction
is approximated more accurately and because of these informations, it is possible to find the
golden mean between costs of protection and necessary fire resistance of analysed structure.
1

OBJECT OF ANALYSIS

Analysed structure is the barrel shape vault having dimensions of 40 m x 80 m in plane and
about 15 m height. In project, it is a part of bigger leisure and shopping centre, which connect
two other parts of this complex of buildings. In this case fully triangulated system has been
used in the construction of single-layered braced vault in steel. The steel bar triangles are
made from the hollow section which are fixed to each other using special connectors. These
connectors allows to make the assembly process satisfactory simple, and after erection they
work as rigid connections between bars. Every 25 meters long special spatial truss
diaphragms support the coverlet and ensure the spatial stability of whole vault. Fig. 1 shows
the isometric view of analysed construction.
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Fig. 1 Isometric view of FEM model
2.

Fig. 2 Types of loads

ACTIONS

According to PN-EN 1990 (Polish version of Eurocode) the following combination of loads
are distinguished:
Tab. 1 Combination of actions
No.
1.
2.
3.
4.
5.
6.

Permanent

Leading accidental action

Variable actions

Net heat fluxes comes from natural
fire analysis

Types of variable actions are presented in Fig. 2. Loads having subscript “a” having their
symmetric equivalent “b”. The net heat flux to all members of structure are calculated using
formulae (3.1) with (3.2) and (3.3) from PN-EN 1991-1-2. To catch whole heat coming into
structure, adiabatic surface temperature from natural fire analysis is substituted into those
equations. Then temperatures of members are calculated in accordance to equation (4.24)
from PN-EN 1993-1-2 like for unprotected internal steelwork.
3.

CFD ANALYSIS

Computational fluid dynamics analyses were made in FDS (Fire Dynamics Simulator). These
analyses are the topic of another paper. For mechanical analysis one fire scenario was chosen
and data resulted from analysis of that particular fire scenario are transferred to mechanical
model. To do that, in FDS, at surfaces creating analysed vault, boundary data were collected.
The quantity of particular interest was adiabatic surface temperature. Thanks to that, both
convective and radiative heat flux could be described by one quantity (Wickstrom et.al 2007).
The important property of FDS is possibility to use just rectangular geometry. Therefore it is
worth to mention that data got from FDS must be treat as some estimation, especially when in
this case real geometry of structure is barrel-shape.
FDS is collecting boundary data in so called boundary files. Special scripts are used to read
data from these files.
4. FEM MODEL
Finite element method calculations are made in Abaqus. Model is composed of 3D beam
elements B31 which are able to carry on both large deformations and large strains. Thermal
response of these elements is included by thermal strains caused by additional internal forces
resulted from temperature gradient along restrained elements. Time step in analysis is set up
221



to max. 50 sec, so implicit integration is adopted. During analyses, equilibrium at each time
increment is found using the Newton-Raphson method. Both material and geometrical nonlinearities are taken into account.
Full model is prepared using external scripting interface in Scilab, which is free equivalent for
Matlab. Thanks to such process of model preparation, authors have got full control on model
properties, and all necessary operations such as: applying both static and thermal boundary
conditions, setting the constrains, applying loads, setting the direction of cross-sections, etc..
5. TRANSFEREING DATA FROM CFD INTO FEM ANALYSES
Temperature history is transferred from FDS results, collected in FDS boundary files, first
into Scilab where necessary operations on these data are carried on. At start, comparison of
CFD and FEM models have to be done. So some actions on coordinate systems in both
models are executed to place FEM model mesh in right place of bigger FDS model. After
that’s, scripts, already having right coordinates of FEM model, automatically search the
nearest nodes from FDS boundary files, and from those, maximum adiabatic surface
temperature is chosen. So at the end, temperature history for each node is distinguished.
Because adiabatic surface temperatures got from CFD analysis have got significant noise, it is
approximated by multi-linear function. To do it, for each temperature-time curve,
minimization problem is solved in the least square sense (Malendowski, 2012).
Next, section temperatures are calculated using Eurocode procedure (formula (4.24) from PNEN 1993-1-2), with substitution of adiabatic temperature-time curve resulted from above.
Such prepared section temperatures are transferred into Abaqus model as boundary conditions
at each node. The whole procedure of transferring data between CFD and FEM is presented in
Fig. 3.
FDS
model

multi-linear
approximation

results: boundary files

CFD analysis

adiabatic surface temperature
histories for all nodes collected in
chosen boundaries

at each time increment,
getting max.
temperature from
nearest nodes

radius
section temperatures calculations
using Eurocode procedure

RESULTS

FEM analysis

Abaqus
model

F
E
M
no
FEM geometry

Fig. 3 Data transfer procedure
6. RESULTS
Results from analyses are collected and distinguished between temperatures of element’s
nodes, nodal displacements and plastic strains in elements.
6.1 Temperatures
In Tab. 2 colour-maps of three comparable quantities are shown. It can be seen that members
temperatures calculated according to Eurocode procedure, using adiabatic surface temperature
is higher than temperature of surfaces (wall temperatures) from FDS results.
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Tab. 2 Comparison between temperatures given in FDS results and calculated in accordance
to Eurocode’s procedure.
time

Section temperature
(EC calc. with AST)

Adiabatic surface temperature
(FDS)

Wall temperature
(FDS)

10
min

40
min

How scripts calculating and transferring temperature work is shown in Fig. 4 at the example
of node with maximum reached temperature.


Fig. 4 Temperature history of node with max. temperature
6.2 Displacements
Displacement field at time when maximum temperature is reached, show no observable
differences with reference to combinations of actions. The magnitude of total deflection is
about 15 cm in all cases. Also shape of deformation is similar (Fig. 5).
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Fig. 5 Shape of deformation for all combinations of actions
6.3 Plastic zones
Because it was found, that there are not significant differences between results for different
load combinations, just one map of plastic zones is shown in Fig. 6, particularly for load
combination number 1 and for time about 40 minutes.. It can be seen from this picture, that
only on longitudinal bars stresses reach yield stress, and plastic strains appear.

Plastic zones only in
longitudinal bars

Fig. 6 Plastic zones in bars after 40 minutes of fire
Places where plastic zones propagate coincide with areas having the biggest temperatures. It
is worth to mention, that in areas with the biggest temperatures, the largest plastic
deformations are near to the support, where structure is most constrained. Supports constrains
the structure in longitudinal direction and together with big temperature cause this described
phenomena.
7. SUMMARY
In this paper, thermo-mechanical analysis of braced barrel vault structure in fire was
presented. Analyses were done by solving the coupled CFD-FEM problem, with use of
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external scripts, which help with model preparation and transferring data between those two
different computational approaches.
Proposed procedure shows how complicated is process of satisfactorily accurate calculation
of construction in natural fire. The biggest problem comes from fact, that it needs multiphysical approach, which up to now must be done by coupling different codes (here: FDS and
Abaqus).
Results from these analyses show clearly that during fire, thermal action have to be
necessarily taken into account, because in situations where construction is several times
statically undetermined, thermal elongation of restrained members cause huge damage.
It was shown, that the most suffering members are not those where the biggest deflection was
observed, but those which were the most constrained.
Nevertheless, the whole fire course did not threat the overall structural safety of construction.
Even if in analysed case always the maximum temperature was chosen and members were
threaten as unprotected, global redistribution of forces and stiffness of construction result in
safe design from structural point of view. Analysed vault experienced significant thermal
deformations, but only a finite number of bars were unable to carry on loads.
Additional finding from these work came from analyses of temperatures. In designing of such
big open complexes like upper one, it is unreasonable to use standard ISO curve to describe
temperature history. In none of points temperatures reach those from ISO curve.
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Abstract
The steel cross-sections behave stable or unstable. The behavior of slender cross sections of
steel beams is influenced by local buckling. The buckling can be observed on beam web
and/or flange and reduce the load bearing capacity of the beam. Design models adopted for
daily design procedures are based on the so-called effective width approach. The design at fire
situation is simplified which means that the same effective cross section as for cold design is
used neglecting the changes of stiffness of steel. The research is focused on getting the
knowledge of behaving of steel beams with welded Class 4 cross-sections exposed to high
temperatures. This article describes the progress of the experiments.
Keywords: compressive resistance, temperature, slender cross-sections, class 4 cross-sections
INTRODUCTION
A common practice in recent years, thanks to the introduction of European design standards
for building construction has become not only an assessment of the structure at normal design
situation, but also in the fire. The area of research slender cross-sections is very important,
because the assessment and design principles of Class 4 sections are very specific and usually
more difficult than for normal sections. Along with any global problems their behavior
includes also local buckling of the compressed part of the cross-section.
The research thesis itself is focused on getting the knowledge of behaving of steel beams from
the welded cross sections of class 4 (I and H shape) exposed to high temperatures.
1

THE DESIGN AND PREPARATION OF THE EXPERIMENTS

The focus of the project is to carry out experiments with I - beams with slender cross-sections,
which belong to the class 4. The load capacity of these sections is not directly affected by the
yield strength of the steel, but by deformations of the compressed areas of the cross-section,
i.e. upper wall and the upper flange. To reach this way of deformation of the samples during
the planned experiments, it was necessary to choose the appropriate cross-sectional shape,
beam load form and force. Four tests with two types of cross-section loaded by four-point
bending were be carried out. (see Fig. 1).

Fig. 1 Static scheme of the experiment
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Beams were incur a variable load and they were heated with a constant temperature by an
electric heating pads until exhaustion of the load capacity. Each section were heated to a
temperature of 450 °C and 650 °C. These experiments were complemented by a number of
material tests at high temperatures.
For these experiments, there were two types of welded cross-sections chosen. They represent
cross-sections of the 4th class and they are sufficiently burdened by the problematic of local
stability of the walls.
•
•

The cross-section A (IW 680/250/12/4) has a vertical strut in the class 4 ( λ P = 1,439 ) and
the flanges are in class 3 ( λ P = 0,661 ), see Fig. 2a.
The cross-section B (IW 846/300/8/5) has a vertical strut in the class 4 ( λ P = 1,454 ) and
the flanges are in class 4 ( λ P = 1,182 ), see Fig. 2b.
(a)

(b)

Fig. 2 Cross-sections designed for the experiment: a) Cross-section A, b) Cross-section B
1.1 Production of test samples
There were four beams produced for the experiments, with different length of the heated
middle part. Due to thermal expansion and to maintain the static scheme (see Fig. 1), the
middle heated part was shortened depending on the operating temperature. When heated to a
prescribed temperature the middle part of the beam will have a length of approximately 1500
mm.
The A1 beam (cross-section 680/250/12/4 IS) and B1 beam (cross-section 846/300/8/5 IS) for
a temperature of 450 °C were made with the middle part length of 1492 mm. The beams A2
(cross-section 680/250/12/4 IS) and B2 (cross-section 846/300/8/5 IS) designated for a
temperature of 650 °C were made with the middle part length of 1488 mm.
1.2 Tools for the experiment
For the smooth running of the experiment and for taking into account all the boundary
conditions according to the static scheme (see Fig. 1), steel tools were designed and
manufactured. The scheme of the tools layout, including the location of the test beam is
shown in the following figure (see Fig. 3).
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Fig. 3 The scheme of the tools layout
1.2.1 The tools for ensuring the torsional stability
The principle of the tools for ensuring the torsional stability at the support points and at the
point of the load input is shown in cross sectional views A-A, B-B and C-C (see Fig. 4).

(a)

(b)

(c)

Fig. 4 Views: a) at v the point of the firm joint support, b) at v the point of the sliding joint
support, c) at v the point of the load input
The construction of the tools at the support (see Fig. 4a, b) is formed by two vertical guide
profiles UPE 100. The horizontal rectification of 240 mm to 310 mm is made possible by a
bolt connection with slotted holes in the lower part and the threaded rod at the top part of the
tool. The tools for ensuring the torsion stability at v the point of the load input (see Fig. 4c)
are formed by the struts, which hold a vertical pair of guide profiles TR 80x5,6. Both the
guide profiles are interconnected by a threaded rod at two points.
After placing the test beam to the support, the individual tools will clamp the cross-section of
the beam with a small allowance, so a free movement in the vertical and longitudinal
directions is not obstructed, but the piece is only prevented from tilting.
1.2.2 The design of the supports
The test beam is, according to the scheme (see Fig. 3), placed on the fixed articulated support
from the left side (T1 detail - see Fig. 4) and on the sliding joint support (T2 detail - see Fig.
5) from the right side. The sliding articulated support is designed as a rolling bearing.
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(a)

(b)

Fig. 5 Fixed articulated support: a) construction detail, b) side view of the finished support
(a)

(b)

Fig. 6 Sliding articulated support: a) construction detail, b) side view of the finished support
1.3 Distribution of heating pads and sensing devices
The distribution of ceramic heating pads, thermocouples and potentiometers was carried out
according to the scheme (see Fig. 7).

Thermal sensors

Potentiometr

Heated part

Fig. 7 Scheme of heating pads and sensing devices distribution
1.3.1 Ceramic heating pads
Heating pads 195 x 305 mm were placed on the strut and the flange of the test beam
according to the scheme (see Fig. 7). Alternately distributed pads were fastened to the strut
using a steel wire grate, which was then fastened by a paper tape. The pads were placed on the
flanges only from the outside. The mats on the top flange were loosely laid, and the mats on
the bottom flange were fastened by bent wires. The distributed heating pads are seen on these
photographs (see Fig. 8). The heating pads are able to reach a maximum temperature of 1200
°C at a heating rate 10 °C/min.
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(a)

(b)

Fig. 8 Photo of the distributed heating mats: a) on the web, b) on the flange
1.3.2 Insulation of the heated central part of the beam
The entire heated middle part of the test beam was wrapped by ROCKWOOL Airrock HD
thermal insulation boards. The space between the flanges was filled by the Insulation boards
and strips of thermal insulation were then placed on both flanges. Thus insulated beam was
then tied by a wire. The insulation procedure of the test beam is shown in Fig. 9. Finally, the
whole middle part was wrapped by SIBRAL insulating strip.

Fig. 9 Insulation procedure of the test beam
2

PROGRESS OF THE EXPERIMENT

After connecting all sensing devices (thermocouples, potentiometers, dynamometr in a
hydraulic press) to the central measuring equipment and after connection the heating mats to
the transformer, the beam was ready for the experiment (see Fig. 10).

Fig. 10 The prepared test beam prior the experiment
A manual mode was chosen for heating, which allowed controlling of the performance of the
heating mats on the basis of information from the thermocouple, displayed on the measuring
device. Warm-up time for the temperature T § 450 °C was ~45 minutes and ~65 minutes for
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the temperature T § 650 °C. After reaching the desired temperature in the heated part of the
beam, a mechanical loading was started. The hydraulic press, which was controlled by a
constant proportion of the deflection path in the middle part of the heated beam, was affecting
the test beam through the load beam. The test beam was thus strained by four-point bending.
The following load-deflection diagrams for Test 1-4 (see Fig. 11) express the dependence of
the applied load of the press and the deflection in the middle of the heated part of the of the
test beam. Summary of the results is shown in Tab. 1.

Fig. 11 Load-deflection diagram
Tab. 1 Load capacity from experiments
Tests

3

Cross-Section

Load capacity
[kN]

1

A (IW 680/250/4/12)

637.82

2

A (IW 680/250/4/12)

230.61

3

B (IW 846/300/5/8)

484.68

4

B (IW 846/300/5/8)

201.22

CONCLUSION

The previous numerical model will modified according to the actual material properties and
according to the actual temperature. In this numerical model will performed parametric study.
These studies will lead to the formation of a more precise design method for a sections class 4
at a high temperature.
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Abstract
The present paper deals with the study of the lateral torsional buckling of steel beams with
welded class 4 cross-sections in case of fire. A numerical study of several beams with
different class 4 cross-sections submitted to uniform bending moment at elevated
temperatures has been performed using the finite element method. The results are compared
with existing simplified design rules of Part 1.2 of Eurocode 3 showing that these rules are too
conservative. A comparison is also made with the proposed method in the French National
Annex. Based on these comparisons a new proposal is presented to check the lateral torsional
buckling resistance which is validated against the numerical simulations.
Keywords: lateral torsional buckling (LTB), beams, class 4, fire, residual stresses
INTRODUCTION
The lateral torsional buckling (LTB) of steel members submitted to bending is a phenomena
that affects the load carrying capacity of these members, in fact, in beams the compression of
the flange may lead to a lateral displacement accompanied by a rotation of the cross-section
that prevents the full development of the bending resistance. This phenomenon is influenced
by a variety of factors, namely the cross-section shape, the loading pattern, the boundary
conditions, among others and needs to be considered in the design. Additionally, slender
cross-sections may also buckle under compression stresses before attaining the yield stress in
one or more parts of the cross-section. This phenomenon is called local buckling.
In Eurocode 3 (CEN, 2005a), lateral torsional and local buckling are treated in separate ways.
LTB is accounted for by reducing the cross-sectional bending resistance of the element by a
“reduction” factor that takes this phenomenon into consideration. Local buckling can be
accounted for by using the effective width method to make the necessary allowances for
reductions of the cross-sectional resistance due to the effects of local buckling. The crosssections where local buckling may occur are classified as class 4, according to Eurocode 3.
The informative Annex E of the Part 1.2 of the Eurocode 3 (EN1993-1-2) (CEN, 2005b) gives
some recommendations for the fire design of steel members with class 4 cross-sections. In this
annex, it is suggested to use the simple calculation methods with the design value for the steel
yield strength as the 0.2% proof strength instead of the stress at 2% total strain as for the other
classes, and that the effective cross-section be determined with the effective width method as
for normal temperature, i.e. based on the material properties at normal temperature. This
procedure is, however, known to be very conservative (Renaud and Zhao, 2006).
This study focus on the LTB behaviour of steel beams with welded class 4 cross-sections
submitted to uniform bending moment in fire situation. The LTB resistance of the steel beams
evaluated with the fire design rules prescribed in the EN1993-1-2 and also the French
National Annex are compared with numerical results obtained with the software SAFIR
(Franssen, 2005), showing that EN1993-1-2 is very conservative as mentioned before and the
French National Annex could be improved since it has been developed for hot-rolled profiles.
Because of that a new proposal has been developed and validated in this study to check for the
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LTB resistance of steel beams with welded class 4 cross-sections submitted to uniform
bending moment in fire situation.
1

LTB RESISTANCE OF BEAMS WITH CLASS 4 CROSS-SECTION

The LTB resistance of beam with class 4 cross-section is evaluated in fire situation with the
following expression

M b , fi ,t , Rd  5 LT , fiWeff , y ,min k0.2 p , f y6 M , fi

(1)

with Weff , y ,min being the section modulus of the effective cross-section calculated with the
same rules as for normal temperature, k0.2 p , being the reduction factor for the design yield
strength of class 4 cross-sections, f y the design yield strength and its respective partial safety
factor for fire situation 6 M , fi . It may be noted that the values given in the Annex E of
EN1993-1-2 for the k0.2 p , are slightly different from the values obtained with the material
law model of EN1993-1-2 for steel at elevated temperatures These values derived from the
material law model are given in the French National Annex and are used in this study (see
Fig. 1). The reduction factor for LTB in the fire design situation is determined by
1

5 LT , fi 

(2)

LT ,  LT , 2  7LT , 2

and

LT ,  0.5 321  87LT ,  7LT , 2 0/ and 8  0.65 235 / f y

(3)

with the non-dimensional slenderness at elevated temperatures given by

7LT ,  7LT k0.2 p , / k E , with 7LT  Weff , y ,min f y / M cr

(4)

where k E , is the reduction factor for the young modulus at elevated temperature given in
EN1993-1-2 and M cr is the elastic critical moment given in the literature.
According to the French National Annex of EN1993-1-2 the LTB resistance of members with
class 4 cross-sections should be checked with the same equation (1) but considering

LT ,  0.5 321  8 LT 7LT ,  0.2  7LT , 2 0/ with 8 LT  0.34
1

Temperature
(ºC)
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1.00
1.00
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0.78
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0.3
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0.07
0.05
0.03
0.02

1.00
1.00
0.896
0.793
0.694
0.557
0.318
0.15
0.078
0.048
0.032
0.026

(5)
Relative
difference
(%)
0.00
0.00
0.67
1.67
6.77
5.09
6.00
15.38
11.43
-4.00
6.67
30.00

Fig. 1: Variation of the reduction factors with the temperature. ky,theta is the reduction factor
for the design yield strength of class 1, 2 and 3 cross-sections.
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2

NUMERICAL STUDY

2.1 Numerical model

The finite element computer code SAFIR (Franssen, 2005), has been used within this study
and the numerical model used is depicted in Fig. 2 and described next.
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Fig. 2: Numerical model used in this study.
A preliminary study of the density of the mesh has been performed and a total of 10 shell
elements for the flange, 22 shell elements for the web and 100 shell elements along the width
has been used for the mesh in this study. A uniform bending moment has been applied to the
model by means of nodal forces and to prevent numerical problems additional stiff elements
along the webs and the flanges have been adopted. The so-called “fork-support” conditions
have been considered in the model by restraining vertical displacements of the bottom flange
and the out-of-the plane horizontal displacements of the web in the extremities of the beam.
In this study, different temperatures have been considered (350ºC, 450ºC, 550ºC and 700ºC).
It was established that the temperature along the beam was constant. The steel grade S355
was used and different beam lengths considered, in a total of 240 different cases.
2.2 Cross-sections analyzed

A total of 5 cross-sections as indicated in Tab. 1 were analysed. In this Tab. the classification
for fire design of each cross-section for bending about major axis is shown, and the
classification of the flange and of the web is indicated and also the effective width of the
flange and of the web as a % of the gross width is shown. It may be noted that, as a
simplification EN1993-1-2 allows that cross-section classification be determined as for
normal temperature but using a reduced parameter of  that takes into account the effect of
temperature as   0.85 235 / f y . with f y being the design yield strength.
Tab. 1: Summary of the cross-sections analyzed and their classification for bending about
major axis for fire design (Steel grade S355)
Crosssection
A
B
C
D
E

Dimensions
(H x B x tw x tf)
(mm)
460x150x4x5
460x150x3x4
460x150x5x10
460x150x4x8
460x150x4x7

Class of flange
in compression
4
4
3
3
4

Class of web
in pure
bending
4
4
4
4
4
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Effective width
(% of gross width)
flange
web
84%
86%
70%
64%
n.a.
100%
n.a.
90%
100%
90%

Classification for
bending about major
axis for fire design
4
4
4
4
4

All the cross-sections are classified as class 4 for bending about major axis for fire design.
Both cross-sections A and B have reduction of the flange and the web, being section B much
less effective than A. For cross-sections C and D only the web is classified as class 4 and for
the cross-section C no reduction of the web is needed. For cross-section E, despite the flange
being classified as class 4 it has no reduction.
2.3 Geometric imperfections and residual stresses

The geometric imperfections have been introduced in the model by changing the node
coordinates to represent the worst scenario for the assessment of lateral torsional buckling
resistance of the beams. This has been considered as the shape given by the eigenmodes of a
linear buckling analysis (LBA) performed with the software Cast3M (Cast3M, 2012). In
accordance with the finite element method of analysis recommendations given in the Annex C
of EN1993-1-5 (CEN, 2012) a combination of global and local modes (see Fig. 3) has been
used, where the lower mode has been taken as the leading imperfection and the other one
reduced to 70%. The amplitude of the imperfections has been chosen as 80% of the
fabrication tolerances given in the EN1090-2 (CEN, 2008) as suggested in the same annex,
i.e. global mode has been scaled to 80% of L/500 and the local mode to the maximum
between 80% of b/100 or 80% of hw/100, where b is the flange width and hw is the height of
the web of the cross-section.
0.15b
fy
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C

0.25 fy

0.25b
0.125hw

0.075hw

T
fy

h

0.25 fy C

T
b

a)

b)

c)

Fig. 3: Geometric imprefections and residual stresses used in the numerical models. a) Global
eigenmode, b) local eigenmode and c) pattern of the residual stresses used in this study
(taken from (ECCS, 1984)).
Residual stresses have been introduced in the numerical model with the stress pattern depicted
in Fig. 3 c), the values adopted for the residual stresses are in accordance with (ECCS, 1976)
as used in a previous study (ECCS, 2000).
3

LTB RESISTANCE OF STEEL BEAMS WITH WELDED CLASS 4 CROSSSECTIONS AT ELEVATED TEMPERATURES

In Fig. 4, the results obtained for the LTB resistance of several steel beams with different
welded class 4 cross-sections at elevated temperatures is shown and compared to actual
design provision of EN1993-1-2. In the left chart results are detailed for one cross-section and
in the right chart the results of all cross-sections are plotted. The beams are submitted to
uniform bending moment.
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Fig. 4: Comparison between the numerical results calculated with SAFIR and LTB resistance
of beams with welded class 4 cross-sections according to EN1993-1-2.
In Fig. 5 the numerical results are again compared with the LTB resistance curve of the
French National Annex (see §1). In the left Fig. results are detailed for one cross-section and
in the right Fig. the results of all cross-sections are plotted.
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Fig. 5: Comparison between the numerical results calculated with SAFIR and LTB resistance
of beams with welded class 4 cross-sections according to French National Annex of
EN1993-1-2.
From Fig. 4 it can be seen that the LTB resistance given in the EN1993-1-2 for welded class 4
cross-sections is very conservative. The French National Annex method gives better results as
shown in Fig. 5, but it could be improved, mainly because it has been developed for hot-rolled
cross-sections. Because of that a new proposal, for the design lateral torsional buckling
resistance of beams with welded class 4 cross-sections in fire situation is presented in the next
section.
3.1 New proposal for LTB resistance of class 4 welded cross-sections

From the basis of the French National Annex proposal, a new proposal for the LTB resistance
of steel beams with welded class 4 cross-sections has been developed by curve-fitting the
numerical results obtained with SAFIR. This procedure lead to the use of the same equations
for checking the LTB resistance of steel members with class 4 cross-sections given in
EN1993-1-2 but considering

LT ,  0.5 321  8 LT 7LT ,  0.2  7LT , 2 0/ and 8 LT  0.49

(6)

In this case, the imperfection factor 8 LT is chosen as the “curve c” in the Tab. 6.4 of EN19931-1. The results obtained with the new proposal are shown in the Fig. 7. In the left chart
results are detailed for one cross-section and in the right chart the results of all cross-sections
are plotted.
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Fig. 6: Comparison between the numerical results calculated with SAFIR and LTB resistance
of beams with welded class 4 cross-sections according to the new proposal.
From Fig. 6 it can be seen that this new proposal improves the results and should be used to
assess the LTB resistance of steel beams in this case.
4

CONCLUSIONS

In this study the behaviour of beams with welded class 4 cross-section subjected to uniform
bending moment was investigated. Using a numerical study with FEM-software SAFIR for
different cross-sections, different temperatures and beam lengths, it was possible to observe
that the actual fire design rules of EN1993-1-2 for checking the LTB resistance of beams with
welded class 4 cross-sections are very conservative. It was also possible to conclude that the
French National Annex of the EN1993-1-2, which has been derived for hot rolled profiles,
could be improved. For this reason, a new proposal has been developed and validated against
numerical results, leading to an improvement of the obtained results.
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INTERACTIVE SHEAR RESISTANCE OF CORRUGATED WEB
IN STEEL BEAM EXPOSED TO FIRE
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Abstract
The design approach to shear buckling resistance evaluation for corrugated web being a part
of a steel beam exposed to fire is presented and discussed in detail. It is based on the
experimentally confirmed interaction between the local and global elastic instability failure
modes as well as on the possible yielding of the whole web cross – section during fire.
Conclusively, the new formulae, adequate for specification of the suitable shear buckling
coefficients depend not only on the web slenderness but also on the temperature of structural
steel. The methodology proposed by the authors can be added to the current European
standard recommendations given in EN 1993-1-2 as a well-justified design algorithm helpful
in reliable evaluation of safety level for steel beams with slender corrugated webs subject to
fire exposure. It seems to be highly desirable, because at present there are no detailed
instructions in this field.
Keywords: steel beam, corrugated web, shear buckling coefficient, fire, interaction formulae.
INTRODUCTION
It is a common knowledge that in the case of a steel beam with corrugated web such web fails
due to shear buckling or yielding while its flanges resist the whole bending moment.
Therefore, it is usually assumed that the considered web can carry only shear forces applied to
the beam and estimation the value of its shear resistance VRd becomes the main goal of many
analytical models. According to the approach given in EN 1993-1-5 the design value of this
resistance is assessed by the specification of the effective shear buckling coefficient χ c :
VRd = χ c hwt w

f yw
3γ M 1

= χ cVR , pl ,d

(1)

In this formula hw and t w are the web height and its thickness respectively, f yw is the yield
point of the steel the web is made of and γ M 1 is the suitable partial safety factor. It is
important that:

χ c = min(χ cL , χ cG )

(2)

where the first coefficient χ cL is connected with the local shear buckling failure mode (with
buckled areas limited to the single web panels or half-waves), whereas the second one χ cG
deals with the global shear buckling failure mode. To evaluate the values of such both
instability coefficients the web relative slendernesses, λ cL and λ cG , are defined as follows:

λ cL =

τ pl
=
τ cr ,L

f yw
3τ cr ,L

and
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λ cG =

τ pl
τ cr ,G

=

f yw
3τ cr ,G

(3)

Finally:

χ cL =

1

1,15
≤1
0 ,9 + λ cL

χ cG =

and

1,5
2
0 ,5 + λ cG

≤1

(4)

INTERACTIVE SHEAR BUCKLING COEFFICIENT

The standard approach presented above seems to be very simple and easy to use; however, it
is necessary to say that it is not fully correct in mathematical sense. Let in random realisation
the resistance VR = min(VRL ,VRG ) be the random variable, usually being compared with the
associated shear force treated as the concurrent random action effect. Such assumption does
not lead to the similar conclusion, dealing with the suitable design values, that
VRd = min(VRL ,d ,VRG ,d ) , suggested by the Eurocode. In this paper the authors propose to
replace the classical instability factor χ c (taken from Eq. (2)) by another factor, named the
equivalent interactive shear buckling coefficient χ c ,int . It should give the web shear buckling
resistance assessment being significantly more precise because its defining formula is based
on the experimentally confirmed interactive relations between the potential elastic – plastic
shear stresses. There are a lot of various interactive relations between τ cr ,L − τ cr ,G − τ y (or
only between τ cr ,L − τ cr ,G ), proposed by many authors (Eldib, 2009). In further analysis two
most popular of them are considered in detail. The first one is written as follows:

1

(τ int )

n

=

1

(τ cr ,L )

n

+

1

(τ cr ,G )

n

+

1

(τ y )n

(5)

The exponent n is here most frequently adopted as n = 2 (El-Metwally, 1998) or even as
n = 3 (Sayed-Ahmed, 2001). Let us notice that in case when only interaction between global
and local elastic instability failure modes is considered, whereas the influence of web yielding
is neglected, this formula is shortened to the following form:
1

=

(τ cr ,int )

n

1

(τ cr ,L )

n

+

1

(τ cr ,G )n

(6)

in which also various values of exponent n can be used, particularly n = 1 (Bergfelt) (Driver
et al., 2006), n = 2 (Abbas) (Abbas et al., 2002) and n = 4 (Hiroshi) (Hiroshi et al., 2003).

( )
(τ y )n = (τ y )n

Multiplication of both sides of Eq. (5) by τ y n gives:

(τ int )n

+

(τ y )n

(τ cr ,L )n (τ cr ,G )n

+1

(7)

Let χ c ,int = τ int τ y , then:

§ 1
¨
¨χ
© c ,int

n

·
2n
2n
¸ = λ cL
+ λ cG + 1
¸
¹

(8)

Consequently:

χ c ,int = §¨ λ cL + λ cG + 1·¸
2n

©

Similarly, starting from Eq. (6) one have obtained:
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2n

¹

− (1 n )

(9)

( )
2n − 1 n

χ c ,int = §¨ λ cL + λ cG ·¸
2n

©

2

¹

(10)

GENERALIZATION OF THE STANDARD APPROACH TO THE FIRE CASE

To evaluate considered web shear resistance under fully developed fire conditions not only
the yield point reduction specified for steel the beam is made of must be regarded through the
substitution in Eq. (1) the value f yw by the product f yw,Θ = k y ,Θ f yw (where reduction
factors k y ,Θ = f y ,Θ f y are given in EN 1993-1-2 for particular values of material
temperature Θ a ) but also the reliable specification of the relation χ c ,Θ = χ c (Θ a ) should be
made and effectively applied to the analysis. Moreover, the suitable partial safety factor have
to be changed, from γ M 1 into γ M , fi , however in practice such conversion does not give any
quantitative difference because in the standard EN 1991-1-2 it is suggested to be used
γ M , fi = 1,0 . Conclusively, Eq. (1) is rearranged to the form:
VRd ,Θ = χ c ,ΘVR , pl ,d ,Θ

k y ,Θ f yw
γ M1
= χ c ,Θ hwt w
γ M , fi
3γ M , fi

(11)

To study the influence of fire temperature on instability coefficients it is convenient to rewrite
Eqs. (2 ÷ 4) into the alternative formulae being easier for interpretation:
∗

χ c = χ cL

if

λ cG < λ c = 0,674 + 1,304λ cL

χ c = χ cG

if

λ cG ≥ λ c = 0,674 + 1,304λ cL

∗

(12)
(13)

The resultant dependence obtained for persistent design situation (without any fire influence),
between the coefficient χ c and the suitable relative web slendernesses, λ cL and λ cG , is
shown in detail in Fig. 1a.

a)

b)

Fig. 1 Relations between shear buckling coefficient χ c and relative slendernesses λ cL and
λ cG a) in persistent design situation - according to Eq. (4), b) under fire conditions according to Eq. (22).
In further analysis relations between the steel temperature Θ a and the ultimate critical shear
stresses are examined, both for local τ cr ,L ,Θ and for global τ cr ,G ,Θ instability failure modes.
Denotations applied in considered formulae, describing the corrugated web geometry, are
illustrated in detail in Fig. 2. Taking from the standard EN 1993-1-5 one can obtain:
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§ t ·
τ cr ,L = 4,83Ea ¨¨ w ¸¸
© amax ¹

2

amax = max(a , c )

where

(14)

It is easy to show that, for fire conditions:

τ cr ,L ,Θ = k E ,Θτ cr ,L

k E ,Θ = Ea ,Θ Ea

where

(15)

Values of the reduction factor k E ,Θ are also collected in the standard EN 1993-1-2.

Fig.2. Interpretation of the web dimensions applied to Eqs. (14, 16 and17).
Similarly, on the base of EN 1993-1-5 occurs:

τ cr ,G =

32 ,4 4
D x Dz3
2
t w hw

(16)

where:
Dx =

3
Ea t w
a+b
a + b ⋅ sec(α ) 12 1 − ν 2

(

)

and Dz =

Ea §¨ at w (b ⋅ tan(α ))2 t w (b ⋅ tan(α ))3 ·¸
(17)
+
a + b ¨©
4
12 ⋅ sin(α ) ¸¹

which means that:

τ cr ,G ,Θ = k E ,Θτ cr ,G

(18)

Let us notice that both Eq. (15) and Eq. (18) are fully adequate not only in relation to
trapezoidally but also to sinusoidally corrugated web.
Identification of the relations presented above allows to generalize the definition of the
suitable relative web slendernesses, previously specified by Eq. (3). They are now expressed
by the following formulae:

λ cL ,Θ =

k y ,Θ f yw

3k E ,Θτ cr ,L

=

k y ,Θ
k E ,Θ

k y ,Θ f yw

λ cL and λ cG , Θ =

3k E ,Θτ cr ,G

=

k y ,Θ
k E ,Θ

λ cG

(19)

In consequence, Eqs. 12 and 13 are changed into the form:
∗

χ c ,Θ = χ cL ,Θ

when

λ cG < λ c =

χ c ,Θ = χ cG ,Θ

when

λ cG ≥ λ c =

∗
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k E ,Θ
k y ,Θ
k E ,Θ
k y ,Θ

0,674 + 1,304

0,674 + 1,304

k y ,Θ
k E ,Θ
k y ,Θ
k E ,Θ

λ cL

(20)

λ cL

(21)

Finally, having substituted both above equations to Eq. (4), the relations between the
instability coefficients and the relative web slendernesses, adequate for fire conditions, can be
obtained. They are given as follows:

χ cL ,Θ =
0,9 +

1,15
k y ,Θ
k E ,Θ

≤1

and

χ cG ,Θ =

λ cL

0 ,5 +

1,5
k y ,Θ
k E ,Θ

≤1

(22)

2
λ cG

and both are illustrated in Fig. 1b for selected values of steel temperature Θ a .

3 ALTERNATIVE SHEAR BUCKLING COEFFICIENTS SPECIFIED FOR FIRE
CONDITIONS
Regarding an alternative design approach, proposed by the authors (MaĞlak, Łukacz, 2012)
and dealing with the concept of interactive shear buckling coefficients, suitable generalization
of the factor defined by Eq. (9), or in the simpler version by Eq. (10), should be made, with
respect to the solution obtained by Eq. (19). Consequently, Eq. (9) can be rearranged to the
following form:
− (1 n )
2n
2n
§ k
·
k
¨ y ,Θ
¸
2n
2n
y ,Θ
χ c ,int,Θ = ¨
λ cL +
λ cG + 1¸
k E ,Θ
¨ k E ,Θ
¸
©
¹

(23)

This formula is possible to be written in a simpler way:
nº
ª
k E ,Θ « 2n
2n §¨ k E ,Θ ·¸ »
χ c ,int,Θ =
λ cL + λ cG +
¨ k y ,Θ ¸ »
k y ,Θ «
¹ ¼»
©
¬«

− (1 n )

(24)

Similarly, considering of Eq. (10) leads to the conclusion that:

( )
k E ,Θ ª 2n
2n º − 1 n
χ c ,int,Θ =
λ cL + λ cG »
¼
k y ,Θ «¬

(25)

4 CONCLUDING REMARKS
Both Eq. (22) and Eq. (24) (or alternatively Eq. (25)) give the opportunity to study the beam
corrugated web behaviour under fire conditions. In general, the value of the shear buckling
coefficient, both χ c ,Θ and χ c ,int,Θ , decreases when the steel temperature Θ a grows;
however, this comment is not accurate when the web temperature is very high
( Θ a ≅ 900 o C ), because the inequality k y ,Θ < k E ,Θ occurs in such circumstances.
Nevertheless, the considered web shear resistance is monotonically diminishing in the whole
time of fire duration. This effect is not very intense if Θ a ≤ 400 o C , because then k y ,Θ = 1,0 ,
but it is significantly strengthened when the web temperature becomes higher.
The alternative approach proposed by the authors to the assessment of the value of shear
buckling coefficient specified for fire conditions, in which the experimentally confirmed
failure modes interaction formula is taken into account, seems to be more satisfactory and
better justified in relation to the commonly used classical standard design technique, when the
global and local buckling modes are examined separately.
Detailed relations being the result of application of the formulae recommended in the
presented paper are shown in the diagrams completed below (Figs. 3 and 4).
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Fig. 3. Relations between the coefficient χ c ,int and the relative slenderness λ cL resulted from
the application of Eq. (9) - in the left side, and Eq. (10) - in the right side.

Fig. 4. Relations between the coefficient χ c ,int,Θ and the relative slenderness λ cL , obtained for
selected values of web temperature Θ a , resulted from the application of Eq. (24) – in the left
side, and Eq. (25) – in the right side (it is assumed that λ cG = 0.5 ).
Suitable relations prepared for fixed value of λ cL and being the function of λ cG are similar
to those, illustrated in the diagrams presented above.
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Abstract
Steel structural elements composed of cold-formed thin walled sections, are common in
buildings due to their lightness and ability to support large spans, however they are more
susceptible to the occurrence of local buckling. Additionally, in these members, when
subjected to axial compression, the flexural buckling, torsional-flexural buckling and
distortional buckling are also common failure modes. These instability phenomena are
intensified at high temperatures. This work has the main objective of presenting a numerical
study on the fire behaviour of cold-formed thin walled C sections when subjected to
compression and high temperatures. The influence of different geometrical imperfections
shapes and residual stresses on the ultimate load are evaluated. Comparisons between the
finite element numerical results, obtained with geometric and material non-linear analysis,
and the Eurocode 3 Parts 1-2 and 1-3 rules are also made.
Keywords: steel, cold-formed, columns, buckling, residual stresses.
INTRODUCTION
The cold-formed steel profiles can be applied to almost all existing buildings typologies. The
use of these profiles in construction began around 1850 in the United States and United
Kingdom, however, they were not widely used in buildings until 1940. In recent years, it has
been recognized that the cold-formed steel profiles can be effectively used as primary
structural elements (ASRO, 2008).The cold-formed profiles are commonly used in buildings
due to its lightness and ability to overcome large spans, being quite common as roof or walls
support elements (Silvestre and Camotim, 2010a).
The structural steel elements with thin walled cold-formed sections, subjected to axial
compression, are characterized by being able to have the possibility of failure modes
occurrence such as local, distortional and global flexural buckling. These instability
phenomena and its influence on the ultimate strength at room temperature have been widely
studied in recent years (Gonçalves and Camotim, 2007; Silvestre and Camotim, 2010b).
However, its behaviour in fire has not received the same attention. In fact, the fire resistance
evaluation of cold-formed profiles has a major role in the design of these elements. The thin
walls of these profiles, together with the steel high thermal conductivity, provide a great loss
of strength and stiffness on these structural elements (Laim and Rodrigues, 2011;
Landesmann and Camotim, 2011; Vila Real and Lopes, 2010).
The manufacturing process of thin cold-formed steel members introduces residual stresses and
increases the yield strength in the folding regions. Consideration of residual stresses may be
complicated on numerical modelling. It can be idealized as a summation of two types: flexural
and membrane. But on cold-formed elements, membrane residual stresses are lower than
flexural residual stresses. This variation of residual stresses causes the early yielding of coldformed steel plate surfaces (Schafer and Peköz, 1998).
This paper presents a numerical study on the behaviour of columns in cold formed C sections
in case of fire when subjected to simple axial compression. In this study, the influence of
geometrical imperfections and residual stresses on their ultimate load bearing capacity is
evaluated.
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The programs CUFSM (developed at Johns Hopkins university in the United States) (Schafer
and Ádány, 2006), and SAFIR (developed at the University of Liege in Belgium) (Franssen,
2005) were used. The program CUFSM performs elastic buckling analysis of thin-walled
elements. The thin-walled elements, by their very nature, tend to suffer several instability
problems. The CUFSM analysis uses the finite strip method (FSM). In this work, the program
CUFSM was used for the purpose of obtaining the local, global and distortional instability
modes, comparing these results with the ones from SAFIR. Additionally, the local,
distortional and lateral instability modes obtained in CUFSM were used to define the local
geometrical imperfections. The program SAFIR uses the finite element method (FEM) for
geometric and material non-linear analysis, and was especially developed for the study of
structures in fire.
1

NUMERICAL MODELLING

Simply supported columns with C cross section were analysed (with height of 155 mm, width
of 77 mm, length of the outstand element 31 mm and thickness of 2 mm). An yield strength of
360 MPa was considered, example from Veríssimo (2008). It was not considered increased
yield strength, due to the cold formed process, in the corners.
The steel constitutive law used for the ultimate load bearing capacity determination with the
FEM simulations (sections 3 and 4) was the one prescribed in Part 1-2 of Eurocode 3 (EC3)
(CEN, 2005). In section 2 a linear elastic constitutive model, with the young modulus given in
this Eurocode in function of the temperature, was used.
In the finite element model, shell finite elements were used due to the walls high slenderness.
Concentrated loads were applied, in the parallel directions to the columns axis, along the
whole section. The restrictions were imposed in order to reproduce two end pinned supports.
The thickness of the shell elements was increased at the column ends to consider a rigid body
when loads and restrictions are applied. The mesh was refined to obtain the smaller elements
in the positions of maximum deflection and on the supports (see Fig. 1). The temperatures of
350 ºC, 500 °C and 600 ºC were adopted, they were considered uniform throughout the cross
section. In this paper, due to space limitation, only results at 500 ºC are shown.
F0
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F0
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F0
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Fig. 1 Adopted numerical model for the C section
2

INSTABILITY MODES

With regard to the stability behaviour, a bar with thin wall section can be classified according
to their length:
•
•
•

Short bar - if instability occurs with a local mode;
Long Bar - if instability occurs with a global mode;
Intermediate Bar - if instability occurs in a combination of local and global modes
(distortional mode).
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This section presents the determined critical loads of elastic instability and corresponded
modes, through numerical analysis carried out at the columns subjected to high temperatures.
Initial geometric imperfections and residual stresses were not introduced and in the finite
element analysis it was adopted a linear elastic constitutive law for the material model. Only
the reduction factor for elastic modulus at high temperatures has been applied.
In Fig. 2 the comparisons, between the numerical results obtained with SAFIR and the curve
corresponded to elastic instability modes obtained with CUFSM, are presented.

Fig. 2 Comparison between the SAFIR and CUFSM results at 500 ºC
The chosen lengths in this study reach local, distortional, global instability modes.
For a better understanding of the existing instability modes, it is presented in Fig. 3, a
comparative analysis between the instability modes that the profile can suffer, when subjected
to simple axial compression.

SAFIR

CUFSM

(a)

(b)

(c)

(d)

Fig. 3 Instability modes of columns with length of a) 100 mm b) 1000 mm c) 3000 mm and
d) 10000 mm
It can be observed the predominance of local buckling on small lengths columns, distortional
buckling on intermediate lengths columns and global buckling on long lengths columns.
From the graph in Fig. 2 and from the elastic instability modes shown in Fig. 3, it can observe
a good agreement between the results obtained with the SAFIR and CUFSM.
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3 INFLUENCE OF THE INITIAL GEOMETRIC IMPERFECTIONS ON THE
FIRE RESISTANCE
In this section, it is presented a study of the influence of initial imperfections on the ultimate
load bearing capacity of cold formed C columns, in fire situation. It were also analyzed the
simple calculation rules in Part 1-2 of EC3, when compared to the numerical results.
The geometry of the C section was addressed by the method mentioned in Annex C of EC3
Part 1-3 (CEN, 2004), in the calculation of the resistance. In these prescribed approaches, the
calculation methodology for the effective section for the local instability mode differs from
the calculation methodology for the distortional mode instability. The local instability mode
effective section was based on the concept of effective width, while in the distortional mode
instability it was based on the concept of reduced thickness.
3.1 Isolated influence of the geometrical imperfections
To determine the shape of all the imperfections, the analysis performed with CUFSM
considering the applied elastic stresses diagram corresponded to axial compression was used.
The local, distortional and global instability modes shape obtained in CUFSM were used to
define the geometrical imperfections. The following situations were considered:
•
•
•
•
•

without geometrical imperfections;
with geometrical imperfections corresponded to the local buckling mode;
with geometrical imperfections corresponded to the distortional buckling mode;
with geometrical imperfections corresponded to the global (flexural/torsional) buckling
mode;
with geometrical imperfections corresponded to the global (flexural) buckling mode.

The global imperfections were considered with a sinusoidal shape given by the expression
y=

L
⎛ πx ⎞
sin ⎜ ⎟
1000 ⎝ L ⎠

(1)

The maximum value for the local was of b/200, being b the profile height, and for distortional
imperfections was of b/200, being b the profile width (CEN, 2006).
Fig. 4 shows a column with the different introduced geometrical imperfections.

(a)

(b)

(c)

(d)

Fig. 4 Geometric imperfections (×50): a) local; b) distortional; c) global (flexural/torsional);
d) global (flexural)
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The influence of the introduction of the different geometrical imperfections is presented in
Fig. 5. As effective widths were considered for the calculation of the effective section, leading
to the appearance of an eccentricity on the load application, instead of a buckling curve a
direct comparison between resistances is presented. It is observed that the columns without
any imperfections reach higher resistances compared to the ones which take into account
initial imperfections. For all slenderness the analysis with local imperfections are the ones that
reduce the obtained ultimate loads.
3.2 Influence of combined geometrical imperfections
Following Part 1-5 of EC3 a combination of the previous enunciated geometrical
imperfections is introduced on the numerical model. According to this norm, in combining
imperfections, a leading imperfection should be chosen and the accompanying imperfections
may have their values reduced to 70%. As the local imperfections gave the lowest axial
compression resistance, they were considered as leading imperfections. Two possible
combinations were tested:
•

local and global imperfections (being these two the most relevant): columns have local
imperfections plus 70% of the global imperfections;
local, global and distortional imperfections: columns have local imperfections plus 70%
of the global imperfections plus 70% of distortional imperfections.

•

3.3 Discussion of the results
From the graph in Fig. 5 it can be observed that the combinations give lower resistances than
the ones obtained with the separate imperfections. The observed differences between the two
set of combinations are very small, they give almost the same values. Also, for intermediate
columns slenderness the design curve proposed by EC3 is too conservative.
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Fig. 5 Comparison of the numerical results at 500 ºC
4

INFLUENCE OF RESIDUAL STRESSES ON THE FIRE RESISTANCE

In this section, it is presented the influence of the residual stresses on the ultimate load
bearing capacity. Fig. 6 shows the considered residual stresses pattern.
Fig. 7 presents the results obtained with and without residual stresses. They were considered
on columns with and without geometrical imperfections.
It is observed that the resistance of columns, with intermediate lengths, without any
imperfections is affected by residual stresses. In the other hand, considering the geometric
imperfections, the residual stresses do not affect the resistance values.
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Fig. 6 Definition of residual stresses on cold-formed steel C section
(Adapted from (Schafer and Peköz, 1998))
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Fig. 7 Comparison of the numerical results with residual stresses at 500 ºC
5

CONCLUSIONS

In this work it was presented a numerical study on the behaviour of cold formed columns with
C cross section in case of fire.
The numerical results obtained at high temperature, for the determination of elastic instability
critical loads and buckling modes, were compared using finite element method (FEM)
analysis with the program SAFIR with those obtained by finite strips method (FSM) through
CUFSM program. It was observed a good agreement between the results obtained with these
two programs.
The influence of initial geometrical imperfections (local, distortional, global, and their
combination) on the determination of the ultimate loads of these elements at high temperature
was analysed, it was concluded that these imperfections are relevant to the determination of
those ultimate loads, and that they should be considered.
Considering the residual stresses with the worst initial geometric imperfections combinations
was not important, because the ultimate load is extremely affected by all the geometric
imperfections and the residual stresses did not have any impact on the resistance values.
Finally, it also performed a comparison between the obtained ultimate loads results and the
formulae prescribed in Parts 1-2 and 1-3 of EC3, concluding that the simple calculation rules
are on the safe side and sometimes too conservative.
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Abstract
In this paper is presented a state-of-the-art and future research pathways on cold-formed steel
(CFS) columns subjected to fire, the experimental set-up built at the University of Coimbra
for testing CFS columns and some preliminary results obtained in the tests, comparing them
with the ones existing in the literature. The main objective of the experimental research
already carried out is to assess the fire resistance, mechanical behaviour and characterize the
failure modes of cold-formed steel columns with restraining thermal elongation in case of fire,
develop simplified calculation methods and provide experimental data for future numerical
studies.
Keywords: cold-formed steel, columns, fire resistance, restraining forces, state-of-the-art
INTRODUCTION
Recently the demand of cold-formed steel structures (CFS) has increased significantly,
especially for residential, commercial and industrial buildings due to a high strength to weight
ratio and an ease to erect when compared to hot rolled-steel structures. In some cases, CFS
structures are required to be fire resistant however they present poor fire behaviour because of
a combination of the high thermal conductivity of steel and the elevated section factor of the
structural member. Despite increasing use there is a lack of research on their behaviour under
fire situation. Therefore it is extremely important to investigate and assess the behaviour of
cold-formed steel columns subjected to fire.
Due to experimental limitations, so far, most of the experimental studies were performed on
stub columns, resulting in a lack of knowledge on the behaviour of CFS slender columns
subjected to fire.
A state-of-the-art review is presented in this paper as well as the experimental set-up
developed at University of Coimbra for testing of CFS slender columns with restrained
thermal elongation subjected to fire and some preliminary experimental results obtained,
comparing them with some existing ones in the literature.
1

STATE-OF-THE-ART REVIEW

As mentioned there has been little research on the behaviour of CFS slender columns
subjected to fire being most of the studies on stub columns. However these studies are very
important and are here presented as baseline studies for future investigations.
A study performed at the Swedish Institute of Steel Construction (Ranby, 1998),for
developing structural fire design of thin-walled cold-formed steel sections, was presented in
order to find out the steel temperature, how it varies across the steel cross-section and the
effect on the load bearing resistance. It was intended to develop a method for designing thin
walled cold formed steel sections and to show that limiting the maximum temperature to
350ºC for class 4 cross sections, as mentioned in the EN 1993-1.2 (2005), is too restrictive.
Results showed that initial deflections have the same influence on the load bearing resistance
at ambient temperature and in case of fire and that the calculation of the plate buckling
resistance according to EN1993-1.3 (2005) considering the reduced yield strength and elastic
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modulus is accurate at elevated temperatures. Results also showed that the 350ºC limitation
for class 4 cross section is too restrictive.
Feng et al. (2003) performed a total of 52 load-bearing capacity tests at ambient and elevated
temperature on compressed short CFS lipped channels, with and without service holes and
unlipped channels to assess the physical behaviour and failure modes of this type of
structures. The column was heated in an electric kiln and longitudinal distribution of
temperature and displacements were measured. Elevated temperatures tests, without thermal
restraint, were carried out under steady state condition for four temperature levels (250, 400,
550 and 700ºC). When the temperature reached the desired level the axial compression
loading was applied until failure. This experimental study showed that depending on the
initial imperfections the failure mode of nominally identical columns can be different at both
ambient and elevated temperatures. Despite the difference in failure modes the failure loads of
nominally identical columns were very close. A numerical analysis was also performed (Feng
et al., 2003) based on the experimental work using the design methods presented in some
international standards such as the EN 1993-1.3(2006), and a finite element analysis (FEA)
using the commercial software ABAQUS (2004) considering geometrical and material nonlinearities. Stress-strain relationship of steel at high temperature was determined according to
EN 1993-1.2(2005), with a suitable modification in order to use the mathematical equations
for the stress-strain relationships at elevated temperatures, or the ones proposed by Outinen et
al. (1999). It was found that ambient temperature design guidelines can be used at elevated
temperatures providing the reduced yield strength based on 0,2% proof stress and the reduced
elastic modulus.
Heva and Mahendran (2008) performed a series of local buckling tests of CFS compression
members at elevated temperatures. The tests were carried out at predefined temperatures up to
700ºC (100, 200, 300, 400, 500, 600 and 700ºC) using a small electric furnace and a special
loading set-up made to fit the furnace using 253MA stainless steel and a Tinius Olsen Testing
Machine. Ultimate loads were calculated using the available design rules, emphasizing the EN
1992-1.2 (2005)using the effective width method for the local buckling capacity of
compression members at elevated temperatures. The yield stress reduction factors at elevated
temperatures determined by Ranawaka (2009) and Dolamune Kankanamge (2011) were used
since the recommended yield stress reduction factors for both cold-formed and hot-rolled
steels were identical in this standard. It was found that using the reduced mechanical
properties at elevated temperatures with ambient temperature design guidelines is possible to
predict approximately the axial compression capacity of CFS short columns. This study
showed once again that limiting the temperature to 350ºC as in EN 1993-1.2 (2005) is too
restrictive since the CFS columns presented significant capacities beyond this limiting
temperature.
Ranawaka and Mahendran (2009) carried out a research based on experimental studies to
investigate the distortional buckling behaviour of CFS short compression members under fire
conditions. Two types of cross section were tested with different nominal thicknesses, both
with low and high strength steels, G250 and G550. Steady state tests were carried out and
three types of distortional buckling failure modes were observed at elevated temperature tests,
namely by both flanges moving inwards or outwards and by one flange moving outward while
the other moving inward. Comparing the ultimate load results with the ones obtained using
the direct strength method it was found that they are reasonably accurate when the appropriate
reduced mechanical properties are used. Based on this experimental research a numerical
study on CFS compression members subjected to distortional buckling at elevated
temperatures was developed, considering geometric imperfections, residual stresses and the
reduced mechanical properties at elevated temperatures (Ranawaka and Mahendran, 2010).
Comparing numerical and experimental results it was found out that the developed finite
element models considering accurate mechanical properties and stress-strain characteristics of
steels, initial geometric imperfections and residual stresses as a function of temperatures were
able to simulate the failure modes, load deflection and ultimate loads.
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Ju Chen and Ben Young (2007) developed a numerical study on CFS lipped channel stub and
slender columns at elevated temperatures using a finite element software ABAQUS (2004) to
investigate the behaviour and design of CFS lipped channel columns at elevated temperatures
considering the effects of initial local and overall geometrical imperfections. The nonlinear
model was verified against experimental results obtained in the research performed by Young
and Rasmussen (1998) at ambient temperature and in the research performed by Feng et al.
(2003) at ambient and elevated temperatures, and then the strength prediction of columns was
compared with the design strengths using the effective width and direct strength method. It
was found that the estimated column strengths using FEA is in good agreement with
experimental results both at ambient and elevated temperatures and that the effective width
and direct strength method using the reduced material properties conservatively predicted the
columns strength.
Almeida et al. (2012) performed some experimental tests on CFS slender columns at elevated
temperatures in order to investigate de behaviour of compressed CFS columns considering the
influence of the restraining to thermal elongation. Single sections (C), open built-up (I) and
closed built-up (2R) sections were tested. Single sections were 1.5 mm thickness and pin
ended and semi-rigid boundary conditions were adopted. The applied load corresponds to
30% of the design buckling resistance of a compression member (Nb,Rd) determined according
to the Eurocode 3 Part 1.1 (2005) and Part 1.3 (2006). Some of the results obtained are
presented in Fig. 1.

Fig.1 Evolution of restraining forces (a) and temperatures in the column’s mid-section in
height (b).
So far the absence of experimental fire resistance studies in slender CFS columns is clear.
Establishing the presented studies as a starting point and aiming to respond to the existing
challenges in this research field a new experimental set-up was developed in order to perform
fire resistance tests on cold-formed steel slender columns with restrained thermal elongation.
2

FIRE RESISTANCE TESTS ON CFS COLUMNS WITH RESTRAINED
THERMAL ELONGATION

The main objective of this experimental research is to assess the influence of the cross section
shape, load level ratio, end-support conditions on the fire resistance and structural behaviour
of CFS slender columns with restrained thermal elongation in case of fire. Restraining forces,
critical times and temperatures, vertical and horizontal displacements were measured and the
predominant failure modes characterized. The experimental programme was carried out on
CFS slender columns with different types of cross sections, namely single sections, C, open
built-up cross sections, I, and closed built-up cross sections, R and 2R (see Fig. 2) with pinended support conditions and 3 kN.mm of axial restraining provided by the surrounding
structure. In Fig. 2 it is possible to see the locations for the thermocouples in the specimens.
Longitudinally the thermocouples will be placed in five different sections, in order to evaluate
the longitudinal temperature distribution. Columns were 2950 mm long and the cross section
2.5 mm thick and presenting the steel grade S280GD (EN 10147:2000).
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Fig. 2 CFS cross sections tested. Thermocouple’s position in each cross section.
2.1 Experimental set-up
The experimental set-up system developed at the University of Coimbra (Fig. 3) comprises a
2D reaction frame and a 3D restraining steel frame of variable stiffness in order to simulate
the axial stiffness of a surrounding structure to the CFS column subjected to fire. The
restraining frame was composed by four columns and two beams placed orthogonally. The
connections between columns and top beams were made using threaded rods M24 in order to
allow the vertical adjustment of the position of the top beams. The hydraulic jack used to
apply the load was placed in the 2D reaction frame. The thermal action was applied using a
vertical modular electric furnace programmed to follow the standard fire curve ISO 834. To
measure the restraining forces generated during the heating process a special device was built
consisting on a hollow steel cylinder with a load cell inside where a Teflon lined solid steel
cylinder that was connected to the top of the column, slides through it. The temperatures in
each specimen were measured using type K thermocouples placed in the cross section and
throughout the length of the column. Vertical displacements were measured using Linear
Variable Displacement Transducers (LVDT) placed on top and bottom of the column and the
lateral displacements were measured using Wire Displacement Transducers placed throughout
the column’s length.

Fig. 3 Experimental set-up for CFS slender columns with thermal restrained
elongation subjected to fire.

2.2 Test procedure
Test specimens were placed in the centre of the restraining structure in the built end-support
system that provided pin-ended conditions. All measuring devices were installed in the
defined positions. Then the vertical electrical furnace was closed and using a hydraulic jack
the correspondent service load was applied. The top beams were connected to the steel
columns with M24 grade 8.8 threaded rods. However, during the initial applied load, the
vertical displacements of the top beams were allowed, as a slide, in order to guarantee that
this load was directly applied to the CFS column. The applied load corresponded to 30% and
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50% of the design buckling resistance of a compression member (Nb,Rd) determined according
to the EN 1993-1.1 (2005) and EN 1993-1.3(2006). In Tab. 1 the correspondent loads to the
30% of load level to each cross section considering the pin-ended situation are presented.
Tab. 1 Load values applied.
30% Nb,Rd

C [kN]
8,010

I [kN]
27,200

R [kN]
24,400

2R [kN]
95,100

Reaching the established load, vertical displacements of the top beams were blocked, using
nuts, and then the electrical furnace, programmed to reproduce ISO 834 fire curve, was turned
on. The load applied using the hydraulic jack was kept constant throughout the test and the
restraining forces developed by thermal elongation were measured with the load cell placed
inside the built device. The test ended when the column no longer supported the applied load
and the initial load was reached. Three tests for each type of cross section were carried out.
3

RESULTS AND CONCLUSIONS

Since all fire resistance tests were performed inside the vertical furnace, only the final shape
of the column could be observed. It was observed that the failure mode involved global
buckling and more or less visible local buckling, and that identical columns presented
identical deformed shapes.
Some preliminary results for the 50% load level concerning the evolution of temperatures in
the mid-section of the column, for each cross section, and the evolution of the restraining
forces are presented (Fig. 3 and 4).

Fig. 3 Evolution of temperatures in each cross section in the mid-section of the column
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Fig. 4 Evolution of restraining forces vs time and temperature in CFS columns with a 30%
load level
It was found that the temperature in each cross section was relatively uniform, except for the
closed built-up cross section, 2R, where it was found that the temperature in the inner web is
significantly lower. It was observed that for the C cross section the restraining forces
increased up to 3.8 times while for I, R and 2R increased up to 2.09, 2.31 and 1.29,
respectively and that closed built-up cross sections showed a greater fire resistance. Also it
could be observed that the failure temperature was relatively similar for the tested cross
sections. Post-critical behaviour at high temperatures was not significant. It was clear that 350
º C limitation indicated in the Eurocode 3 Part 1.2 is too restrictive since that for temperatures
higher than this one the columns still showed load bearing capacity. Comparing these results
with the ones presented by Almeida et al. (2012) it was found some similarities between them,
both in terms of temperature and restraining forces despite the different thicknesses adopted.
Further experimental and future numerical studies will be performed in CFS slender columns
in the scope of this research project.
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Abstract
This paper describes a non-linear finite element study into the effects of elevated temperature
on a cold-formed steel portal frame having semi-rigid joints. Numerical modelling was
carried out using ABAQUS finite element analysis software with shell elements used to
capture localised buckling effects. Results for the ambient shell models are compared against
previous full-scale tests. Material properties are taken from the literature, in order to predict
the behaviour of the frame at elevated temperature. The results of finite element beam models
are compared against those of shell models to enable comparison. At elevated temperature,
shell models are shown to detect failure much earlier within the fire. Therefore shell models
are recommended for such studies, for a conservative approach.
Keywords: cold-formed steel, fire, portal frame, semi-rigid joints, finite element analysis.
INTRODUCTION
Cold-formed steel portal frames can be a viable alternative to conventional hot-rolled steel
portal frames for commercial, industrial and agricultural buildings with spans up to 20 m
(Lim and Nethercot, 2004). Despite this, research on the structural behaviour of cold-formed
steel portal frames at elevated temperature remains limited. Further research into analysis
methods and the collapse mechanism is required, in order to protect fire authorities, persons
and adjacent buildings in close proximity to the structure.
Research into the behaviour of hot-rolled steel portal frames at elevated temperature has been
carried out by a number of researchers investigating experimental and finite element beam
models (Song et al, 2009, Rahman et al, 2011). The Steel Construction Institute (SCI) P313
guidance document (Simms and Newman 2002) outlines the design for hot-rolled steel portal
frames in fire boundary conditions. There is no such guidance for structural engineers related
to the design of cold-formed steel portal frames in fire boundary conditions.
This paper describes a study of the structural behaviour of a cold-formed steel portal frame at
ambient and elevated temperature. Numerical modelling of the frame was carried out using
ABAQUS finite element analysis software. The results under loading at ambient temperature
were validated against ambient full-scale tests and numerical modelling found in the
literature. In order to accurately capture localised buckling effects, shell elements were used
to model the back-to-back cold-formed steel members. Spring elements were included to
idealise the effects of bolt-hole elongation. Lateral restraint to the frame was provided at both
the purlin and side rail locations. The material properties at elevated temperature were taken
from literature (Chen & Young, 2004). An additional study was carried out using beam
elements, to enable the effect of elevated temperature upon the structural behaviour to be
compared. For this preliminary study, initial imperfections were not included within the finite
element modelling and columns were assumed as unprotected.
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1

LITERATURE REVIEW

Previous research investigating cold-formed steel portal frames at elevated temperature tested
experimental and numerical models of a frame with modest span (Pyl et al. 2012). The site
fire test showed inwards collapse behaviour of the frame with sigma cold-formed steel
sections used for the primary load bearing members. In the subsequent SAFIR finite element
work, beam elements were used to model the sections with attention made to girders,
columns, roof purlins and wall girts only. Experimental and numerical modelling research at
ambient temperature (Lim and Nethercot, 2004; Jackson et al., 2012; Wrzesien et al, 2012)
have demonstrated the importance of taking the effects of semi-rigid joints into consideration.
Recent research indicated that elevated temperature can significantly affect the behaviour of
cold-formed steel joints. This is not only in terms of the moment capacity of channel sections
in vicinity of the bolt-group, but also in terms of the bearing capacity of the bolt holes (Lim
and Young, 2007).
2

PORTAL FRAME FINITE ELEMENT MODELS

2.1 Structure details
Fig. 1a details the geometry of the frame including the locations of lateral restraint. Fig. 1b
shows the typical eaves connection detail used in cold-formed steel portal frame construction.

Lateral restraint

a) Geometry of portal frame

b) Geometry of connections

Fig. 1 Geometry of portal frame structure
The frame is formed from bolted back to back channel sections through two 3 mm steel plates
(Fig. 2a). A 12 m span frame, with 3 m eaves height and a 10º pitch was considered, using a
315 mm x 230 mm bolt group at both eaves and apex connection (Fig. 2b).

a) Back-to-back section dimensions
brackets

b) Frame A bolt group on eaves and apex

Fig. 2 Details of the frame (mm)
2.2 Numerical Modelling
According to Eurocode 3, advanced calculation models (such as the one presented in this
paper) may be used for the design of Class 4 sections when all stability effects are taken into
account. Therefore, for numerical calculation carried out using the finite element method,
shell elements should be used to accurately capture local buckling (Franssen & Real, 2010). A
non-linear static riks, elastic-perfectly-plastic model was composed using the finite element
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package ABAQUS, with S4R (4-node, reduced integration) shell elements. For the
preliminary investigation presented in this paper, initial imperfections were not modelled. At
ambient temperature, the following material values were used: Young's Modulus, E = 210,000
N/mm2 and Yield Stress = 515 N/mm2. These were subsequently altered to represent the
reduced strength properties of cold-formed steel at elevated temperature. In order to represent
the semi-rigid joints, spring elements were used to represent bolt-hole elongation with a
stiffness of 10580 N in the y and z directions.
2.3 Ambient Temperature
A finite element shell model was created at ambient temperature and validated using
published literature (Lim and Nethercot, 2004). The column bases were treated as pinned
supports. The deflection at the apex and eaves levels was compared against an applied load of
120 kN. From Fig. 3, it can be seen that the full span ambient frame model shows good
agreement with the published literature. Tab. 1 breaks down the exact values, with 7.7% and
8.2% difference in lateral spread at eaves level and vertical apex deflection respectively. This
variance can be explained, in part, by the redistribution of forces within the frame. This
enabled suitable validation for the preliminary investigation of the frame's behaviour at
elevated temperature.

a) Validation at eaves

b) Validation at apex

Fig. 3 Validation of finite element shell model at ambient temperature
Tab. 1 Displacement at 120 kN load at ambient temperature

Lateral spread
at eaves
Vertical at
apex

Lim/
Nethercot
(mm)

Ambient frame
model (mm)

Difference (mm)
[(Lim/Nethercot) - Ambient
frame model]

Percentage
difference (%)

28.6

26.4

2.2

7.7

135.2

146.3

-11.1

-8.2

2.4 Elevated Temperature
For initial investigation at elevated temperature, a static approach was taken. Models were
analysed, with the material stiffness altered for each temperature increment. For each
increment, temperature was kept uniform across the entire structure, with the temperature
difference between the hot gas and steel section assumed to be negligible for the thin coldformed steel members. A total load of 120 kN was applied, initially at 250°C, up to a
maximum temperature increment of 700°C. For the semi-rigid joint shell models, eaves and
apex brackets were treated as fully restrained. Tab. 2 summarises the material properties used
within the models.
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Tab. 2 Material properties used in analysis (Chen and Young, 2004)
Steel temperature
(°C)
Young's Modulus E
(N/mm²)
Yield Stress fy
(N/mm²)

22

250

400

450

500

550

600

700

210000

171696

146496

138096

100609

68632

41427

16200

515

494

454

409

347

267

170

48.9

The ABAQUS beam and shell models of the cold-formed steel portal frame at 250°C are
presented in Fig. 4a and Fig. 4b, respectively.

a) Beam Model

b) Shell Model

Fig. 4 ABAQUS Beam model and shell model of the cold-formed steel portal frame at 250°C
Fig. 5a and Fig. 5b show the buckling of the shell model, at 550°C and 700°C, respectively. It
can be seen that the buckling failure occurs below the eaves bracket, where the stiffness is
greatly reduced, through a combination of coupled instability modes. As the brackets were
fully restrained, they do not experience buckling, forcing the frame to fail through the channel
sections. Fig. 5c demonstrates the behaviour of the column and rafter at 700°C.

a) Failure at 550°C

b) Failure at 700°C

c) Failure at 700°C

Fig. 5 Failure at eaves bracket connection
3

RESULTS

3.1 Shell Models
The results from the ABAQUS finite element shell models demonstrate the high sensitivity of
cold-formed steel structures at elevated temperature. Fig. 6 shows the total load carrying
capacity of the structure against the mid-span apex displacement for each respective
temperature considered.
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Fig. 6 Load carrying capacity of the structure against apex displacement per temperature
interval
From Fig. 6, it can be seen that up to 450°C, the structure can carry a specified load up to 120
kN load. However at 500°C, the structure was only capable of carrying 79% of the specified
load (95.4 kN). At 550°C and 600°C, the load carrying capacity was reduced to 57% and
37%, respectively. At 700°C, the highest temperature considered in this study, the structure
was only capable of carrying 12% of the specified load (14.4 kN). Fig. 7 illustrates the apex
displacement of the structure as a function of the increase in temperature. As the structure is
unable to take the full load at temperatures exceeding 450°C, it is compared using a load
equal to 10% of the total specified load of 120 kN (equal to 12 kN). From Fig. 7, it can be
seen that between 600°C to 700°C, the rafter undergoes the largest relative displacement.

Fig. 7 Apex displacement, per temperature increment for 10% of the total load
The performance of the shell models under loading were compared using the ISO 834
Standard and Hydrocarbon nominal temperature-time curves. Fig. 8 demonstrates the load
carrying capacity of the shell model, with respect to the nominal temperature-time curves. For
the ISO 834 Standard curve, the structure loses its capacity to carry the specified load of 120
kN between 2-3 minutes (between 400-500°C). For the case of the Hydrocarbon fire curve,
the structure loses its capacity to carry the specified load within 1 minute.

Fig. 8 Load carrying capacity of the shell model with respect to nominal temperature-time
curve.
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3.2 Comparison between shell and beam models
Tab. 3 outlines the comparison between beam and shell models for the temperature range
22°C to 700°C. The shell models show a higher sensitivity to temperature between 450550°C. At 500°C, the beam model is unable to predict the failure, detected by the shell model.
The largest difference in load carrying capacity is 40.8% at 550°C, whereas at 700°C the
difference is reduced to 7.8%.
Tab. 3 Comparison between shell and beam models
Tem
p
(°C)

Load carrying capacity (up to 120 kN)
Shell
Beam
Difference (B-S)
(%)
(%)
(%)

Apex displacement
(mm)1

Eaves displacement
(mm)1

Shell

Beam

Shell

Beam

22

100.0

100.0

0.0

14.6

6.4

2.6

1.1

250

100.0

100.0

0.0

16.0

7.8

3.2

1.3

400

100.0

100.0

0.0

17.9

9.2

3.5

1.5

450

100.0

100.0

0.0

18.2

9.7

3.7

1.6

500

79.5

100.0

20.5

22.7

13.4

5.0

2.3

550

57.2

98.0

40.8

29.2

19.6

5.5

3.3

600

36.9

61.0

24.1

41.0

32.7

8.0

5.4

700
12.0
19.9
7.8
92.4
85.3
18.7
13.7
Note: 1 To enable comparison, apex and eaves displacement is represented at a load 10% of the total load.

4

SUMMARY

This paper has described a preliminary numerical study of a cold-formed steel portal frame,
having semi-rigid joints, at elevated temperature. A static finite element numerical analysis
has been performed on a loaded frame up to a maximum temperature of 700°C. It should be
noted that within this initial study, the stiffness value of the springs which idealize bolt hole
elongation have been kept constant for each of the shell models.
The study has demonstrated that beam models are not capable of predicting the same load
carrying capacity and displacement when compared to shell models. At elevated temperature,
shell models are shown to detect failure much earlier within the fire.
Therefore shell models are recommended for such studies, for a conservative approach. It is
suggested that future research investigates a multi-bay portal frame arrangement, using a
dynamic analysis which incorporates initial imperfections and actual bolt representation.
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%DVLFPHFKDQLVPVDQGFRXQWHUPHDVXUHV
$OH[DQGUX'RQGHUDD/XLVD*LXOLDQLD
D

7HFKQLFDO8QLYHUVLW\RI'HQPDUN&LYLOHQJLQHHULQJ'HSDUWPHQW.JV/\QJE\'.

$EVWUDFW
6LQJOHVWRU\ VWHHO EXLOGLQJV VXFK DV FDU SDUNV DQG LQGXVWULDO KDOOV DUH RIWHQ FKDUDFWHULVHG E\
VWLII EHDPV DQG IOH[LEOH FROXPQV DQG PD\ H[SHULHQFH DQ RXWZDUG VZD\  FROODSVH GXULQJ D
ILUHHQGDQJHULQJSHRSOHDQGSURSHUWLHVRXWVLGHWKHEXLOGLQJ,WLVWKHUHIRUHDFXUUHQWLQWHUHVW
RIWKHUHVHDUFKWRLQYHVWLJDWHWKHFROODSVHEHKDYLRXURIVLQJOHVWRU\VWHHOIUDPHVDQGLGHQWLI\
UHOHYDQWVWUXFWXUDOFKDUDFWHULVWLFVWKDWLQIOXHQFHWKHFROODSVHPRGH
,Q WKLV SDSHU D SDUDPHWULF VWXG\ RQ WKH FROODSVH D VWHHO EHDPFROXPQ DVVHPEO\ ZLWK EHDP
KLQJHG FRQQHFWLRQ DQG IL[HG FROXPQ VXSSRUW LV FDUULHG RXW XQGHU WKH DVVXPSWLRQ RI D
SURWHFWHGFROXPQDQGDVWDQGDUGWHPSHUDWXUHWLPHFXUYHRQWKHEHDP7KHVWXG\VKRZVWKDW
VZD\ FROODSVH FDQ EH DYRLGHG E\ LQFUHDVLQJ HLWKHU WKH UHVWUDLQ RIIHUHG E\ WKH FROXPQ RU WKH
ORDGWRUHVLVWDQFH UDWLR RI WKH EHDP ,W VHHPV SRVVLEOH WR H[WHQG WKHVH UHVXOWV WR PXOWLVSDQ
IUDPHV ZLWK EUDFLQJ V\VWHP LQ FDVH RI D ILUH ORFDWHG RQ RQH RXWHU VSDQ ±VLWXDWLRQ WKDW
UHSUHVHQWVWKHZRUVWFDVHIRUWKHULVNRIVZD\FROODSVH
:LWKUHVSHFWWRWKLVW\SHRIIUDPHVDPHWKRGRORJ\LVSURSRVHGIRUWKHGHYHORSPHQWRIGHVLJQ
WDEOHVWKDWUHODWHWKHSURILOHVRIWKHHOHPHQWVWRWKHVROLFLWLQJORDGRQWKHEHDP%\PHDQVRI
WKRVHWDEOHVDVLPSOHPHWKRGIRUWKHDVVHVVPHQWDQGWKHFRXQWHUPHDVXUHRIXQVDIHFROODSVH
PRGHRIVLQJOHVWRU\VWHHOEXLOGLQJVFDQEHGHULYHG

.H\ZRUGVVWHHOIUDPHVLQILUHUHVWUDLQJUDGHORDGLQJUDWHWKHUPRSODVWLFGHJUDGDWLRQ
WKHUPDOH[SDQVLRQWKHUPDOEXFNOLQJFDWHQDU\DFWLRQSXOOEDFNVZD\DQGQRQVZD\
FROODSVH

,1752'8&7,21
&XUUHQWGHVLJQSURFHGXUHVIRUVWUXFWXUDO ILUH GHVLJQ DUH DLPHGDWDYRLGLQJVWUXFWXUDOIDLOXUHV
XQGHUDSUHGHWHUPLQHG GXUDWLRQRIDVWDQGDUGILUHZKLFKGHILQHVWKHUHVLVWDQFHFODVVRIWKH
EXLOGLQJVDQGPD\YDU\VLJQLILFDQWO\GHSHQGLQJRQWKHW\SHRIVWUXFWXUHDQGRQWKHRFFXSDQF\
RI WKH SUHPLVHV ,I D PLQLPXP UHVLVWDQFH RI  PLQ 5  LV UHTXLUHG E\ PRVW (XURSHDQ
FRXQWULHV IRU KLJK ULVH EXLOGLQJV VLQJOHVWRU\ EXLOGLQJV VXFK DV LQGXVWULDO KDOOV PD\ KDYH
PXFKVKRUWHUUHVLVWDQFHWLPH$FFRUGLQJWRDUHYLHZRIWKH,WDOLDQ&RPPLWWHHIRU)LUH6DIHW\
RI6WHHO&RQVWUXFWLRQ 3XVWRULQRHWDO WKHUHVLVWDQFHFODVVRILQGXVWULDOKDOOVZLWKORZ
ILUHORDGLQ(XURSHYDULHVIURPDPD[LPXPRI5LQ6ZHGHQDQG8.WRDPLQLPXPRI5
LQ%HOJLXPZKLOHLQRWKHUFRXQWULHVOLNH)LQODQG*HUPDQ\DQG*UHHFHQRILUHGHVLJQDWDOOLV
UHTXLUHGIRUWKHVHVWUXFWXUHV
7KHUHDVRQRIWKHUHOD[DWLRQRIWKHILUHVDIHW\UHTXLUHPHQWVRIFHUWDLQQDWLRQDOUHJXODWLRQVOLHV
LQWKHIDFWWKDWLQFDVHRIDILUHLQDQLQGXVWULDOKDOOOHVVVHYHUHFRQVHTXHQFHVDUHH[SHFWHGWKDQ
LQFDVHRIDILUHLQDWDOODQGFRPSOH[VWUXFWXUHZKHUHWKHHJUHVVRIWKHRFFXSDQWVLVKDPSHUHG
E\ WKH SUHVHQFH RI VWDLUV WKURXJK PDQ\ IORRUV DQG ZKHUH WKH FRVWV DVVRFLDWHG WR UHSDLU RU
UHEXLOG RI WKH VWUXFWXUH ZRXOG EH KXJH 1HYHUWKHOHVV WKH DVVXPSWLRQ RI OLPLWHG DQG
DFFHSWDEOH ORVVHV IRU LQGXVWULDO KDOO ILUHV LV RQO\ YDOLG LQ FDVH WKH FROODSVH RI WKH VWUXFWXUH
GRHVQ¶W HQGDQJHU SHRSOH DQG SURSHUWLHV RQ WKH RXWVLGH 7KLV FLUFXPVWDQFH LV QRW XQOLNHO\ LQ
FDVH RI LQGXVWULDO KDOO FROODSVHV ZKHUH DQ RXWZDUG FROODSVH PRGH VZD\ FROODSVH  FDQ EH
LQGXFHGE\VRPHW\SLFDOVWUXFWXUDOFKDUDFWHULVWLFVVXFKDVVWLIIEHDPVDQGIOH[LEOHFROXPQV
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7KHSUREOHPKDVEHHQDSSURDFKHGE\VHYHUDOVWXGLHVLQWKHODVW\HDU+RZHYHUWKH\DUHHLWKHU
RULHQWHGWRH[SODLQLQGHWDLOVWKHIDLOXUHPHFKDQLVPVRIDVLQJOHVWHHOHOHPHQWXQGHUGLIIHUHQW
ERXQGDU\FRQGLWLRQVDQGWKHUPDODFWLRQV 8VPDQLHWDO  *LOOLH RUIRFXVHGRQ
WKH GHVLJQ RI SLWFKHG SRUWDOV 6RQJ HW DO   DQG PXOWLVWRU\ EXLOGLQJV :DQJ HW DO
 $QDWWHPSWWRGHYHORSDGHVLJQPHWKRGIRUVLQJOHVWRU\VWHHOIUDPHVKDVEHHQGRQHLQ
WKH IUDPHZRUN RI D (XURSHDQ UHVHDUFK SURMHFW (85    ZLWK UHVSHFW WR SLWFKHG
SRUWDOVDQGODWWLFHVWHHOIUDPHV+RZHYHURQRQHVLGHDUHWKHSURSRVHGHPSLULFDOIRUPXODVQRW
YHU\ HDV\ WR XVH DQG RQ WKH RWKHU VLGH WKH VWUXFWXUDO FKDUDFWHULVWLFV WKDW GHWHUPLQH WKH
WULJJHULQJRIRQHRUDQRWKHUIDLOXUHPHFKDQLVPVRQWKHRWKHUVLGHDUHQRWKLJKOLJKWHG
7KLVSDSHULVDLPHGDWGHVFULELQJGHWDLOWKHEDVLFPHFKDQLVPVWKDWGHWHUPLQHWKHFROODSVHRI
VLQJOHVWRU\VWHHOEXLOGLQJVDQGDWLGHQWLI\LQJWKHVWUXFWXUDOSURSHUWLHVWKDWLQIOXHQFHWKHP%\
SURYLGLQJDQXQGHUVWDQGLQJRIWKHUROHSOD\HGE\WKHUHOHYDQWEXLOGLQJFKDUDFWHULVWLFVVLPSOH
FRXQWHUPHDVXUHVDLPHGDWHQVXULQJDVDIHFROODSVHFDQEHLGHQWLILHGDQGXQGHUWDNHQ$OWKRXJK
WKH UHVXOWV SUHVHQWHG LQ WKH IROORZLQJ UHIHU WR D VSHFLILF IUDPH W\SH WKH PHWKRGRORJLFDO
DSSURDFKIROORZHGLQWKHSDSHUDOORZVIRUDQHDV\DSSOLFDWLRQRIWKHSURFHGXUHWRRWKHUIUDPH
W\SHV DQG FDQ IDYRXU WKH GHILQLWLRQ RI D JHQHUDO EXW VLPSOH GHVLJQ PHWKRG IRU VLQJOHVWRU\
VWHHOEXLOGLQJVLQILUH


%(+$9,2852)6,1*/(6725<67((/)5$0(6,1),5(

$VGHVFULEHGLQVHYHUDOVWXGLHV 2 0HDJKHUHWDO  %RQJHWDO DQGFRQILUPHG
E\ WKH REVHUYDWLRQ RI ILUH WHVWV :RQJ   WKH EHKDYLRXU RI VWHHO IUDPHV LQ ILUH LV
FKDUDFWHUL]HGE\DQRXWZDUGPRYHPHQWGULYHQE\WKHWKHUPDOH[SDQVLRQRIWKHILUHH[SRVHG
EHDPZKLFKPD\EHIROORZHGE\DSXOOEDFNGULYHQE\WKHWKHUPDOGHJUDGDWLRQRIWKHVWHHO
KHDWHGWRKLJKWHPSHUDWXUHVDQGVXEMHFWHGWRWKHPHFKDQLFDOORDGV7KHSUHGRPLQDQFHRIRQH
RUDQRWKHUSKHQRPHQRQZLOOGHWHUPLQHWKHHQWLW\RIWKHRXWZDUGGLVSODFHPHQWDQGXOWLPDWHO\
WKHFROODSVHPRGH



)LJ7ZRVSDQEUDFHGIUDPH OHIW DQGEHDPFROXPQDVVHPEO\ ULJKW ZLWKLGHQWLILFDWLRQRI
FROODSVHSKDVHV
 &ROODSVHSKDVHVRIDVLQJOHVWRU\VWHHOIUDPHLQILUH
,QRUGHUWREHWWHUDQDO\VHWKLVEHKDYLRXUDQGKLJKOLJKWWKHSDUDPHWHUVWKDWSOD\DUROHLQWKH
FROODSVHUHIHUHQFHLVPDGHWRDVLPSOHEUDFHGVLQJOHVWRU\VWHHOIUDPHDVWKHRQHVKRZQRQLQ
)LJ,WLVSRVVLEOHWRGLVWLQJXLVKIRXUSKDVHVRIWKHFROODSVH
3KDVHH[SDQVLRQVZD\FROODSVH
$W WKH EHJLQQLQJ RI WKH ILUH WKH WHPSHUDWXUHV DUH VWLOO UHODWLYHO\ ORZ DQG WKH PHFKDQLFDO
SURSHUWLHVRIWKHHOHPHQWVKDYHQRWVLJQLILFDQWO\GHJUDGHG\HW,QWKLVSKDVHWKHHIIHFWRIWKH
WKHUPDOH[SDQVLRQLVSUHYDLOLQJRQWKHHIIHFWRIWKHPHFKDQLFDOORDGV$VDFRQVHTXHQFHDQ
RXWZDUGGLVSODFHPHQWZLOOEHH[SHULHQFHGE\WKHWRSRIFROXPQZKLFK ZLOOPRYHIURPWKH
LQLWLDO SRVLWLRQ 2¶ WR WKH PD[LPXP RXWZDUG SRVLWLRQ $ ,Q WKH PHDQZKLOH D FRPSUHVVLYH
IRUFHZLOOGHYHORSLQWKHEHDPZKLOHWKHFROXPQZLOOEHVXEMHFWHGWRVKHDUDQGPRPHQW7KH
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UHODWLYHVWUHQJWKDQGVWLIIQHVVRIWKHWZRHOHPHQWVZLOOGHWHUPLQHZKLFKHOHPHQWIDLOVILUVWRU
FDXVH WKH RXWZDUG GLVSODFHPHQW WR H[FHHG D VDIHW\ OLPLW 61D(1(8   LQ FDVH D
GLVSODFHPHQW FULWHULRQ LV DGRSWHG IRU WKH GHILQLWLRQ RI WKH FROODSVH 7KH RYHUFRPLQJ RI D
GLVSODFHPHQWOLPLWZRXOGRFFXUDOVRLQFDVHRIDFROXPQIDLOXUHVLQFHDVVRRQDVQRUHVWUDLQWR
WKHUPDOH[SDQVLRQLVSURYLGHGE\WKHFROXPQWKHIUDPHFROODSVHVRXWZDUGVLQDVZD\PRGH
3KDVHSXOOEDFN
,IWKHEHDPIDLOVRXWRIFRPSUHVVLRQWKHRXWZDUGVWKUXVWZLOOFHDVHVDQGWKHFROXPQZLOOVWDUW
PRYLQJ EDFNZDUGV WRZDUGV LWV UHVW SRVLWLRQ 2 DV WKH FRPSUHVVLYH IRUFH LQ WKH EHDP ZLOO
GHFUHDVH DEUXSWO\ $V WKH WHPSHUDWXUHV JHW KLJKHU WKH PHFKDQLFDO SURSHUWLHV RI WKH VWHHO
GHJUDGH VLJQLILFDQWO\ DQG D EHQGLQJ IDLOXUH RI WKH EHDP ZLOO HYHQWXDOO\ RFFXU ,W KDV WR EH
QRWHGWKDWLQFDVHRIDKLJKORDGLQJUDWHRIWKHIUDPHLWLVQRSRVVLEOHDQ\PRUHWRGLVWLQJXLVK
EHWZHHQ EXFNOLQJ DQG PRPHQW IDLOXUH DV WKH EHDP ZLOO H[SHULHQFH D FRPSUHVVLYHEHQGLQJ
IDLOXUHPRGH+RZHYHUWKHJOREDOEHKDYLRXURIWKHIUDPHZRQ¶WEHVLJQLILFDQWO\DIIHFWHGE\
WKLV DQG WKH SXOOEDFN PRYHPHQW ZLOO VWLOO EH VXVWDLQHG E\ WKH IRUPDWLRQ RI D WKUHHKLQJH
PHFKDQLVPLQWKHEHDP
3KDVHSXOOLQ
$IWHUWKHEHQGLQJIDLOXUHDWUDQVLWLRQIURPEHQGLQJWRWHQVLOHUHVLVWDQFHRFFXUVLQEHDP7KH
IUDPH PRYHV IURP WKH UHVW SRVLWLRQ 2 LQZDUGV DV WKH FDWHQDU\ WKDW GHYHORSV LQ WKH EHDP
VORZV GRZQ WKH YHUWLFDO UXQDZD\ RI WKH PLGVSDQ 7KH SUHGRPLQDQFH RI WKH LQZDUG
GLVSODFHPHQWRQWKHWHQVLOHVWUHVVGHSHQGVDJDLQRQWKHORDGDQGWKHUHVWUDLQOHYHODQGFRXOG
LQGXFHHLWKHUDWHQVLOHIDLOXUHRIWKHEHDPRUDEHQGLQJIDLOXUHRIWKHFROXPQ,QSULQFLSOHWKH
ULVHRIWHQVLOHVWUHVVHVLQWKHEHDPFRXOGLQGXFHWKHIDLOXUHRIDGMDFHQWHOHPHQWVDQGWULJJHUD
SURJUHVVLYH FROODSVH DV LQ WKH FDVH RI WKH 2NODKRPD %XLOGLQJ FROODSVH )(0$   
*LXOLDQL 3ULVFR +RZHYHUWKLVVHHPVXQOLNHO\WRRFFXULQFDVH RIILUHDVWKHKLJK
PDWHULDO GHJUDGDWLRQ RI WKH EHDP FRQVHTXHQW WR WKH KLJK WHPSHUDWXUHV WKDW FKDUDFWHUL]H WKLV
FROODSVHSKDVHZRXOGSUHYHQWDVLJQLILFDQWULVHRIWKHIRUFHV <LQ :DQJ 
3KDVHUHOD[DWLRQQRQVZD\FROODSVH
,I WKH EHDP IDLOV LQ WHQVLRQ DV W\SLFDO IRU IUDPHV ZLWK ILUH LQVXODWHG FROXPQ WKH EHDP ZLOO
FROODSVHLQVLGHWKHIUDPHZKLOHWKHFROXPQZLOOPRYHRXWZDUGVWRZDUGVLWVUHVWSRVLWLRQDVD
FRQVHTXHQFHRIWKHUHOD[DWLRQRIWKHSXOOH[HUWHGE\WKHEHDP,IWKHFROXPQIDLOVLQVWHDGWKH
EHDP SXOO ZLOO FRQWLQXH DQG WKH IUDPH ZLOO FROODSVH LQZDUGV ,Q ERWK FDVHV DQ RXWZDUG
FROODSVHLVDYRLGHGDQGWKHIUDPHFDQEHFODVVLILHGDVQRQVZD\
 3DUDPHWULFVWXG\
6LQJOHVWRU\VWHHOIUDPHVDUHRIWHQFKDUDFWHULVHGE\KLQJHGEHDPFROXPQFRQQHFWLRQVDQGE\D
EUDFLQJV\VWHPIRUUHVLVWLQJKRUL]RQWDODFWLRQVDVWKHRQHVKRZQRQWKHOHIWRI)LJ,QWKLV
FDVHFROXPQVDUHW\SLFDOO\TXLWHIOH[LEOHDVWKH\RQO\VXVWDLQWKHYHUWLFDOORDGRIRQHIORRU
%HDPV PD\ KDYH LQVWHDG UHODWLYHO\ ELJ SURILOHV GXH WR SRVVLEO\ KLJK OLYH ORDGV VXFK DV LQ
FDVHRIDWUDYHOOLQJFUDQHLQDQLQGXVWULDOKDOORUWKHZHLJKWRIFDUVRQWKHURRIRIDFDUSDUN
)RUZKDWVDLGLQWKHSUHYLRXVVHFWLRQWKLVRUJDQL]DWLRQRIWKHVWUXFWXUDOV\VWHPPD\IDYRXUD
VZD\ FROODSVH GXH WR D SRVVLEOH ORZ ORDGLQJ UDWH RI WKH EHDP FRQVHTXHQFH WR WKH OLNHO\
DEVHQFH RI OLYH ORDGV DW WKH PRPHQW RI ILUH DQG WR WKH ORZ UHVWUDLQ RIIHUHG E\ WKH VOHQGHU
FROXPQWRWKHWKHUPDOH[SDQVLRQRIWKHEHDP7KLVLVHVSHFLDOO\WUXHLIWKHILUHWULJJHUVLQDQ
RXWHU VSDQ RI WKH IUDPH DV RQO\ WKH RXWPRVW FROXPQ ZRXOG UHVWUDLQ WKH EHDP H[SDQVLRQ
WRZDUGWKHRXWVLGH
7KH VWXG\ KDV EHHQ WKHUHIRUH UHVWULFWHG WR D ZRUVW FDVH UHSUHVHQWHG E\ D ILUH LQ WKH RWPRVW
VSDQ RI D EUDFHG IUDPH ZLWK KLQJHG EHDPFROXPQ FRQQHFWLRQV 8QGHU WKLV DVVXPSWLRQ WKH
EHKDYLRXURIDEUDFHGIUDPHFDQEHUHSUHVHQWHG E\DPRGHORIDEHDPFROXPQDVVHPEO\DV
WKH RQH UHSUHVHQWHG RQ WKH ULJKW RI )LJ  ,Q RUGHU WR UHGXFH WKH QXPEHU RI YDULDEOHV DQG
IDYRXU D FOHDU LQWHUSUHWDWLRQ RI WKH UHVXOWV WKH JHRPHWU\ DQG WKH PDWHULDO RI WKH IUDPH KDV
EHHQNHSWFRQVWDQWDQGWKHVWXG\UHIHUVWRDPVSDQPKHLJKWIUDPHPDGHRI6VWHHO
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,W LV H[SHFWHG WKH EHKDYLRXU RI WKH IUDPH ZLOO YDU\ VLJQLILFDQWO\ GHSHQGLQJ RQ ZHDWKHU WKH
FROXPQ LV LQVXODWHG RU QRW $V VXFK WKH WZR FDVHV VKRXOG EH LQYHVWLJDWHG VHSDUDWHO\ ,Q WKH
IROORZLQJ RQO\ WKH UHVXOWV UHODWHG WR WKH FDVH RI DQ LQVXODWHG FROXPQ ZLOO EH SUHVHQWHG ,Q
SDUWLFXODUDWKHUPDODFWLRQFRUUHVSRQGLQJWRWKHVWDQGDUGILUHKDVEHHQDSSOLHGWRWKHEHDP
ZKLOHWKHFROXPQKDVEHHQFRQVLGHUHGWRUHPDLQFROG
8QGHUWKHVHDVVXPSWLRQVWKHLQLWLDOUHVLVWDQFHDQGVWLIIQHVVRIWKHHOHPHQWVRQO\YDU\ZLWKWKH
VHFWLRQSURILOHVDQGFDQEHGLUHFWO\UHODWHGWRWKHVROHO\WHPSHUDWXUHRIWKHEHDP7KHUHIRUH
WKHSDUDPHWULFVWXG\KDVEHHQFRQGXFWHGZLWKUHVSHFWWRWKHIROORZLQJDJJUHJDWHGTXDQWLWLHV
x 7KHLQLWLDOORDGWRUHVLVWDQFHUDWLR//5RIWKHEHDPZLWKUHVSHFWWREHQGLQJIDLOXUHGHILQHG
DVWKHUDWLREHWZHHQWKHYDOXHRIWKHLPSRVHGORDGSDQGWKHHODVWLFOLPLWORDGSH
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,WKDVWREHQRWHGWKDWDFFRUGLQJWRWKLVGHILQLWLRQ J   FRUUHVSRQGV WR WKH FDVH RI WKH IUHH
H[SDQVLRQ RI D VLPSO\ VXSSRUWHG EHDP ZKLOH J   FRUUHVSRQGV WR WKH FDVH RI D WRWDOO\
KLQGHUHGH[SDQVLRQRIDGRXEOHKLQJHGEHDP$VVXFKGHFUHDVLQJWKHJIDFWRUFRUUHVSRQGVWR
LQFUHDVLQJWKHUHVWUDLQJUDGHRIWKHEHDP


5(68/76

7KHUHVXOWVRIWKHSDUDPHWULFVWXGLHVDUHSUHVHQWHGLQ)LJZLWKUHVSHFWWRWKHYDULDWLRQRI J
OHIWFROXPQ DQGRI/55 ULJKWFROXPQ ,QWKH)LJWKHIRXUSKDVHVRIWKHFROODSVHGHVFULEHG
LQWKHSUHYLRXVVHFWLRQDUHFOHDUO\YLVLEOHIRUHDFKRIWKHUHVWUDLQJUDGHFRQVLGHUHG)URPWKH
)LJLWLVDOVRHYLGHQWWKDWE\LQFUHDVLQJWKHUHVWUDLQJUDGHRIWKHFROXPQ LHE\GHFUHDVLQJWKH
JIDFWRU ERWKWKHKRUL]RQWDODQGYHUWLFDOGLVSODFHPHQWV LQGLFDWHGZLWKXDQGGUHVSHFWLYHO\ 
GHFUHDVHZKLOHWKHVHFWLRQDOVROLFLWDWLRQV 1DQG0 LQFUHDVH$VDFRQVHTXHQFHWKHFULWLFDO
WHPSHUDWXUHRIWKHEHDPJHWVORZHUDVWKHUHVWUDLQJUDGHLQFUHDVHV7KHVDPHKDSSHQVZKHQ
WKH/55LQFUHDVHV7KLVPHDQVWKDWE\LQFUHDVLQJHLWKHUWKHUHVWUDLQJUDGHRUWKHORDGLQJUDWLR
WKH WUDQVLWLRQ IURP SKDVH  WR  LV DQWLFLSDWHG DQG FRQVHTXHQWO\ WKH PD[LPXP RXWZDUGV
GLVSODFHPHQWGHFUHDVHV,WLVLQWHUHVWLQJWRQRWLFHWKDWWKHWUDQVLWLRQIURPSKDVHWRZKLFK
FRUUHVSRQGV WR WKH WULJJHULQJ RI WKH FDWHQDU\ HIIHFW GRHVQ¶W GHSHQG LQVWHDG RQ WKH UHVWUDLQ
JUDGHEXWRQO\RQWKHORDGLQJUDWLRDVYLVLEOHE\REVHUYLQJ)LJ
,Q)LJWKHHIIHFWRIWKHYDULDWLRQRIWKHUHVWUDLQJUDGH OHIWFROXPQ DQGRIWKHORDGLQJUDWLR
ULJKWFROXPQ LVVKRZQZLWKUHVSHFWWRKRUL]RQWDODQGYHUWLFDOGLVSODFHPHQWVFRUUHVSRQGLQJ
WR L  WKH EHJLQQLQJ RI WKH ILUH VLWXDWLRQ 2¶ FRUUHVSRQGLQJ WR WKH LQLWLDOSRVLWLRQ EHIRUH WKH
ILUH  LL  WKH WUDQVLWLRQ EHWZHHQ SKDVH  DQG  VLWXDWLRQ $ ZKHQ WKH RXWZDUG KRUL]RQWDO
GLVSODFHPHQWLVPD[LPXP DQGLLL WKHWUDQVLWLRQEHWZHHQSKDVHDQG VLWXDWLRQ%ZKHQ
WKHLQZDUGKRUL]RQWDOGLVSODFHPHQWLVPD[LPXP ,QWKHXSSHUSDUWRIWKH)LJLWLVREVHUYDEOH
WKDWPD[LPXPRXWZDUGGLVSODFHPHQWGHFUHDVHVDOPRVWOLQHDUO\ZLWKDQLQFUHPHQWRIWKH/55
ZKLOHGHFUHDVHVPXFKPRUHUDSLGO\ZLWKDGHFUHPHQWRIWKHUHVWUDLQJUDGH LHLQFUHPHQWRI
J  7KHUHIRUH LQ RUGHU WR DYRLG D SRVVLEOH H[FHVVLYH RXWZDUG GLVSODFHPHQW DQ LQFUHPHQW RI
FROXPQ VHFWLRQ LV H[SHFWHG WR EH PRUH HIIHFWLYH WKDQ DQ LQFUHPHQW RI WKH EHDP ORDGLQJ
)XUWKHUPRUHWKHVHQVLWLYLW\RIWKHKRUL]RQWDOGLVSODFHPHQWVWRJDQG/55LVPXFKKLJKHUWKDQ
WKDWRQHRIWKHYHUWLFDOGLVSODFHPHQWVZKLFKGRQ¶WYDU\PXFKZLWKWKHWZRSDUDPHWHUVLQDOO
WKUHHVLWXDWLRQV2¶$DQG%
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0(7+2'2/2*<

7KH UHVXOWV UHSRUWHG LQ )LJ  UHIHU WR DQ ,3( EHDP 7KH TXDOLWDWLYH WUHQG RI WKH
GLVSODFHPHQW ZLWK J DQG /55 ZLOO DOVR DSSO\ WR GLIIHUHQW EHDPV KRZHYHU WKH YDOXH RI WKH
GLVSODFHPHQWV IRU D JLYHQ J DQG /55 RI D ELJJHU SURILOH ZLOO EH GLIIHUHQW IURP WKDW RI WKH
,3(DVWKHIOH[XUDOVWLIIQHVVRIWKHEHDPZLOOLQFUHDVHV7KHORZHUYHUWLFDOGLVSODFHPHQWV
ZLOOGHWHUPLQHDORZHUSXOOEDFNHIIHFWDQGDQLQFUHPHQWRIWKHRXWZDUGGLVSODFHPHQWV
:KHQ WKLV GLVSODFHPHQW EHFRPHV VLJQLILFDQW HYHQ LI WKH FROXPQ GRHVQ¶W IDLO JODVVHV DQG
RWKHU QRQVWUXFWXUDO HOHPHQWV FRXOG GHWDFK IURP WKH IDoDGH DQG HQGDQJHU SHRSOH DQG
SURSHUWLHV RXWVLGH WKH EXLOGLQJ ,W VHHPV WKHUHIRUH VHQVLEOH WR DVVXPH D PD[LPXP RXWZDUG
GLVSODFHPHQW X$OLP DV VZD\ IDLOXUH FULWHULRQ $FFRUGLQJ WR WKH LQGLFDWLRQ RI WKH %ULWLVK
JXLGHOLQHV 3   WKLV GLVSODFHPHQW KDV EHHQ WDNHQ HTXDO WR  RI WKH FROXPQ
KHLJKWLHWRFP
7KHQIXUWKHUSDUDPHWULFDQDO\VHVKDYHEHHQSHUIRUPHGIRULQFUHDVLQJEHDPSURILOHV)RUHDFK
SURILOH DQG HDFK /55 WKH PLQLPXP UHVWUDLQ JUDGH JOLP /55 SURILOH  FRUUHVSRQGLQJ WR WKH
DFKLHYHPHQWRIWKHPD[LPXPRXWZDUGGLVSODFHPHQWX$OLPKDVEHHQDVVHVVHG
7KHUHVXOWVDUHSUHVHQWHGLQ)LJLQWKHIRUPRIDQDEDFXVZKLFKSURYLGHVWKHOLPLWUHVWUDLQ
JUDGH JOLP IRU D JLYHQ SURILOH KRUL]RQWDO D[LV  DQG D JLYHQ /55 LGHQWLILHG E\ D FRORXU  ,Q
SDUWLFXODUWKHJOLPLVIRXQGRQWKHYHUWLFDOD[LVLQFRUUHVSRQGHQFHWRWKHOLPLWKHLJKWRIWKHDUHD
KDWFKHG ZLWK WKH FRORXU DVVRFLDWHG WR WKH /55 7KLV SURFHGXUH FDQ EH UHSHDWHG IRU GLIIHUHQW
IUDPHV DQG GLIIHUHQW ILUH FRQGLWLRQ HJ IUDPHV ZLWK IL[HG FRQQHFWLRQ DQG XQLQVXODWHG
FROXPQV ,QWKLVZD\DSUDFWLFDOGHVLJQPHWKRGIRUDVVHVVLQJDSRVVLEOHRXWZDUGFROODSVHRI
DVWHHOIUDPHFDQEHGHYHORSHGDQGHDVLO\LQWHJUDWHGLQWKHGHVLJQSUDFWLFH
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)LJ  +RUL]RQWDO WRS URZ  DQG YHUWLFDO
GLVSODFHPHQWV ERWWRPURZ LQFDVHRIYDULDWLRQ
RI J OHIW FROXPQ  DQG RI /55 ULJKW FROXPQ 
ZLWKUHVSHFWWR2¶ EHJLQQLQJRIILUH  $ HQG
RISKDVH DQG% HQGRISKDVH 


)LJ  ,QFUHDVLQJ UHVWUDLQ JUDGH OHIW  DQG ORDGLQJ
UDWLR ULJKW  LQ WHUP RI WRS WR ERWWRP  KRUL]RQWDO
GLVSODFHPHQW DW WKH WRS RI WKH FROXPQ YHUWLFDO
GLVSODFHPHQWRIWKHEHDPPLGVSDQD[LDOIRUFHDQG
PLGVSDQPRPHQWLQWKHEHDP



)LJ$EDFXVIRUWKHGHWHUPLQDWLRQRI
WKH FROODSVH PRGH RI D VLQJOHVWRU\
EUDFHG IUDPH ZLWK KLQJHG EHDP
FROXPQ FRQQHFWLRQV DQG LQVXODWHG
FROXPQVIL[HGWRWKHJURXQG

&21&/86,216

,Q WKLV SDSHU D SDUDPHWULF VWXG\ RQ WKH FROODSVH PRGH D VWHHO EHDPFROXPQ DVVHPEO\ ZLWK
EHDP KLQJHG FRQQHFWLRQV DQG FROXPQ IL[HG WR WKH JURXQG KDV EHHQ FDUULHG RXW XQGHU WKH
DVVXPSWLRQ RI D SURWHFWHG FROXPQ DQG D VWDQGDUG WHPSHUDWXUHWLPH FXUYH RQ WKH EHDP 7KH
VWXG\VKRZVWKDWVZD\FROODSVHFDQEHDYRLGHGE\LQFUHDVLQJHLWKHUWKHUHVWUDLQRIIHUHGE\WKH
FROXPQRUWKHORDGWRUHVLVWDQFHUDWLRRIWKHEHDP
,WVHHPVSRVVLEOHWRH[WHQGWKHVHUHVXOWVWRPXOWLVSDQIUDPHVZLWKEUDFLQJV\VWHPLQFDVHRID
ILUH ORFDWHG RQ RQH RXWHU VSDQ VLWXDWLRQ WKDW UHSUHVHQWV WKH ZRUVW FDVH IRU WKH ULVN RI VZD\
FROODSVH:LWKUHVSHFWWRWKLVW\SHRIIUDPHVDPHWKRGRORJ\LVSURSRVHGIRUWKHGHYHORSPHQW
RIGHVLJQ7DEVWKDWUHODWHVWKHJHRPHWU\RIWKH IUDPHWRWKHYHUWLFDOORDGRIWKHEHDP7KH
PHWKRGRORJ\GHVFULEHGFRXOGEHDSSOLHGWRGLIIHUHQWIUDPHW\SHVXFKDVXQEUDFHGIUDPHVRU
IUDPHVZLWKILUH[SRVHGFROXPQVDQGOHDGWRWKHGHILQLWLRQRIDVHWRIVLPSOHUXOHVIRUDVDIHU
DQGPRUHUHOLDEOHILUHGHVLJQRIVLQJOHVWRU\VWHHOEXLOGLQJV
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5()(5(1&(6
%RQJ 0 %XFKDQDQ $ 53 '  0RVV 3  6WUXFWXUDO SHUIRUPDQFH RI VWHHO SRUWDO
IUDPH EXLOGLQJV VXEMHFWHG WR ILUH &KULVWFKXUFK 1HZ =HDODQG WK $XVWUDODVLDQ
&RQIHUHQFHRQ0HFKDQLFVRI6WUXFWXUHVDQG0DWHULDOV $&060 SS
(85)LUHVDIHW\RILQGXVWULDOKDOO $YDORUL]DWLRQSURMHFW %UXVVHOV %HOJLXP
5HVHDUFK)XQGIRU&RDO 6WHHO(XURSHDQ&RPPLVVLRQ
)(0$7KH2NODKRPD&LW\%RPELQJ ,PSURYLQJ%XLOGLQJSHUIRUPDQFH7KURXJK
0XOWL+D]DUG 0LWLJDWLRQ 5HVWRQ 9$ 86$ )(0$ 0LWLJDWLRQ 'LUHFWRUDWH DQG
$PHULFDQ6RFLHW\RI&LYLO(QJLQHHULQJ $6&( 
*LOOLH0$QDO\VLVRIKHDWHGVWUXFWXUHV1DWXUHDQGPRGHOOLQJEHQFKPDUNV)LUH6DIHW\
-RXUQDO  SS
*LXOLDQL/ 3ULVFR91RQOLQHDU$QDO\VLVIRU3URJUHVVLYH&ROODSVH,QYHVWLJDWLRQRQ
5HLQIRUFHG&RQFUHWH)UDPHG6WUXFWXUHV9DQFRXYHU&DQDGD$PHULFDQ6RFLHW\RI&LYLO
(QJLQHHULQJ $6&( SS
2 0HDJKHU $ %HQQHWWV , 'D\DZDQVD 3  7KRPDV ,  'HVLJQ RI 6LQJOH 6WRUH\
,QGXVWULDO%XLOGLQJVIRU)LUH5HVLVWDQFH6WHHO&RQVWUXFWLRQ  
3  6WHHOZRUN 'HVLJQ *XLGH WR %6 9RO (VVHQWLDO 'DWD IRU GHVLJQHUV 8.
7KH6WHHO&RQVWUXFWLRQ,QVWLWXWH
3HWWHUVVRQ2 gGHHQ.%UDQGWHNQLVNGLPHQVLRQHULQJSULQFLSHUXQGHUODJH[HPSHO
)LUHVDIHW\GHVLJQSULQFLSOHVEDVLVH[HPSOHVLQ6ZHGLVK 6WRFNKROP6ZHGHQ)|UODJ
9lOOLQJE\
3XVWRULQR63ULQFL3*LRPL* &LULOOR9,QWHULP5HSRUWQR5HJRODWHFQLFDO
SUHVFULWWLYD 5HVLVWHQ]D DO IXRFR ULFKLHVWD DJOL HGLILFL LQ EDVH DOOD GHVWLQD]LRQH G XVR
5LHSLORJRUHJRODPHQWLQD]LRQDOLHFRQIURQWRFRQDOWULSDHVL(XURSHL LQ,WDOLDQ 0LODQ
,WDO\ &RPPLVVLRQH SHU OD 6LFXUH]]D GHOOH &RVWUX]LRQL LQ $FFLDLR LQ FDVR GL LQFHQGLR 
)RQGD]LRQH3URPR]LRQH$FFLDLR
61D(1(8  1&& 3UDFWLFDO GHIOHFWLRQV OLPLWV IRU VLQJOH VWRUH\ EXLOGLQJV 
5HFFRPPHQGDWLRQVDQGJXLGHOLQHVIRUKRUL]RQWDODQGYHUWLFDOGHIOHFWLRQIRUVLQJOHVWRUH\
$VFRW8.1&&,(XURFRGHV1RQ&RQWUDGLFWRU\&RPSOHPHQWDU\,QIRUPDWLRQ
6RQJ<+XDQJ=%XUJHVV, 3ODQN5$QHZGHVLJQPHWKRGIRULQGXVWULDOSRUWDO
IUDPHV LQ ILUH 3UDJXH &]HFK 5HSXEOLF $SSOLFDWLRQ RI 6WUXFWXUDO )LUH (QJLQHHULQJ
$6)( 
8VPDQL $ 5RWWHU - /DPRQW 6  6DQDG $  )XQGDPHQWDO SULQFLSOHV RI VWUXFWXUDO
EHKDYLRXUXQGHUWKHUPDOHIIHFWV)LUH6DIHW\-RXUQDO  S±
:DQJ < /HQQRQ 7  0RRUH '  7KH EHKDYLRXU RI VWHHO IUDPHV VXEMHFWHG WR ILUH
-RXUQDORI&RQVWUXFWLRQDO6WHHO5HVHDUFK  SS
:RQJ  7KH VWUXFWXUDO UHVSRQVH RI LQGXVWULDO SRUWDO IUDPH VWUXFWXUHV LQ ILUH 6KHIILHOG
8.8QLYHUVLW\RI6KHIILHOG
<LQ< :DQJ<$QXPHULFDOVWXG\RIODUJHGHIOHFWLRQEHKDYLRXURIUHVWUDLQHGVWHHO
EHDPV DW HOHYDWHG WHPSHUDWXUHV -RXUQDO RI &RQVWUXFWLRQDO 6WHHO 5HVHDUFK 9ROXPH 
SS
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Abstract
The design methods currently proposed by the codes prescribe the strength assessment of
structures to be based on their strength limit state. These design methods can be applied to
isolated steel members to determine their design strength in fire. The real response of a
structural member is, however, more complex due to the thermal expansion and the presence
of restraints against this expansion by the surrounding structure. It is therefore imperative to
study the response of a structural member at high temperature in a way which includes its
interaction with its surroundings. This paper will focus on the numerical investigation of steel
beams in structural frames connected to concrete filled tubular (CFT) columns through
reverse channel connections and comparison to hand calculation procedures.
Keywords: structural fire design, Abaqus, sub-frames, thermal expansion, catenary action,
runaway deflection, artificial damping
INTRODUCTION
The present design codes prescribe that the fire resistance of structural members should be
based on their critical temperature or their strength limit state (Eurocode-3, 2004). These
conventional design procedures are based on the assumption that structural members are
essentially isolated in their response to fire load. In reality, however, they form a part of a
structural frame and their response depends heavily on the way they interact with the
surrounding structure. Fire tests conducted on full scale framed buildings at the test facility in
Cardington, UK have demonstrated that for the same load levels as a standard fire test, the
restrained steel beams can exhibit extensive deflections and still not undergo instability
(Kirby, 1997). It has been demonstrated through fire tests on sub-frames and through finite
element simulations that beams can exert significant axial forces on the surrounding structure
through the connections (Dai et al, 2010).
Temperature dependent variation in the axial force and vertical deflection of a restrained steel
beam are important design parameters. Laboratory fire tests are very expensive and time
consuming whereas Finite element modelling can be a rather complicated approach (Yin and
Wang, 2005). Simplified design procedures have been proposed in order to reduce the
complications and make a useful design tool, (Yin and Wang, 2005) and (Dwaikat and Kodur,
2011). The purpose of this paper is to use finite element modelling to validate the proposed
hand calculation procedures by comparison to the finite element results. The finite element
models in this study are sub-frame models created using the commercial software Abaqus.
1

FINITE ELEMENT MODEL (FEM)

The sub-frame models consist of a single I-Profile beam supported by two concrete filled
tubular columns. The connection between the beam and columns consist of a reverse channel
shown in Fig. 1, which has been shown to have greater rotational capacity at elevated
temperatures (Heistermann et al, 2011). Since the test setup is symmetrical about the vertical
axis through the mid-span of the beam, only half the setup has been modelled in order to save
computation time.
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Fig. 1 Reverse channel connection
1.1 Material Properties
An elasto-plastic stress vs. strain model without hardening for steel S355 at elevated
temperature has been adopted for all steel parts of the FE model (Eurocode-3, 2004).
Temperature reduction factors are used to input the temperature dependent material
properties. Thermal expansion has also been incorporated into the material model. Following
equations relate nominal stresses and nominal strains to true stresses and true strains in
Abaqus (Abaqus, 2012).

 true  ln(1   nom )
- true  - nom (1   nom )

(1)
(2)

1.2 Contact Interactions
Application of small contact pressure for initializing contact between the contact surfaces can
prevent any problems of convergence during the analysis. Small bolt load using the ‘Adjust
bolt length’ option is applied for this purpose.
1.3 Element type
The FE model has been created using solid (continuum) element C3D8R, which is a first
order reduced integration 8 node brick element. Reduced integration elements use lower order
integration to calculate element stiffness matrix, which reduces the computation time. The
drawback of first order reduced integration element like C3D8R is that they are prone to
‘Hourglassing’. However, in Abaqus first order reduced integration elements have ‘hourglass
controls’, which if used with finer mesh can solve the problem of hourglassing (Abaqus,
2012).
1.4 Numerical Procedure
A static general procedure is performed in the following steps.
9 Pretensioning of Bolts
9 Load: 40% of the bending moment capacity at ambient temperature as 4 point load.
9 Heat: uniform Heat is applied as predefined field according to ISO 824 Fire curve
1.5 Boundary conditions
The top end of the column is free to translate longitudinally but restrained from lateral
translations whereas the bottom end has all translations restrained. Both ends are free to rotate
except about the longitudinal axis. At the free end of the beam a symmetry boundary
condition along the longitudinal (z-axis) is defined to simulate the symmetry as discussed
earlier.
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1.6 Pseudo Damping of the Model
Covergence problems in the FE model can be taken care of by using artificial damping. The
ratio of the dissipated energy to the total strain energy should be kept below 10% and also the
support reaction forces should be checked against the applied load to prevent over damping of
the model (Dai et al, 2010).
2

HAND CALCULATION PROCEDURE (HCM)

Yin and Wang in their study have proposed a hand calculation procedure, which aims to
describe the restrained beam behaviour over the entire temperature range (Yin and Wang,
2005). The general methodology of the procedure is based on the equilibrium of the steel
beam at all temperatures as shown in Eq. (3).

M connection  M midspan  F:  M applied

(3)

2.1 Deflection profile
The deflection profile of the beam is obtained from linear interpolation between deflection
profiles for free rotation at supports and full rotational restraints as shown in Eq. (4) .

deflection _ profile  (1  c f )  free _ rotation  c f  restrained _ rotation

(4)

The degree of end rotational restraint cf is defined as the ratio of the rotational stiffness at
supports to the beam bending stiffness.
2.2 Axial force
Initially, as the temperature increases, the beam expands against the axial restraints offered by
the supporting columns. This restrained expansion produces axial compressive force in the
beam shown by Eq. (5).

&
#
: m2
>
FT  K a $ C f 
 8 ? @T ? L !
L
%
"
where K'a
Cf
m
L

ȴT

(5)

effective axial support stiffness
coefficient derived from the deflection profile of the beam
mid-span deflection due to mechanical load
span length of the beam
coefficient of linear thermal expansion
increase in temperature

2.2 Midspan deflection
During the elastic phase before the cross section yields, the midspan deflection of the beam is
obtained from the equilibrium equation, shown in Eq. (3), through an iteration process. The
midspan deflection is relatively small during the elastic phase but starts to increase
excessively after yielding happens. The midspan deflection corresponding to maximum
catenary force is obtained by the following compatibility equation (Dwaikat and Kodur,
2011).

3 L> 0 3 L
0
@  1 .  1 : .
2 2 / 22
/
2

2
c

where L'


deformed length of the beam
axial deformation of the beam
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2

(6)

In the elasto-plastic phase the midspan deflection at any temperature can be obtained through
linear interpolation as shown in Eq. (7).

@  @y 
where y
Ty
Tc
3

@c  @ y
Tc  Ty

 (T  Ty )

(7)

midspan deflection at yield point
temperature at yield point
temperature at maximum catenary force

COMPARISON BETWEEN FEM AND HCM

The test setups are shown in detail in the Tab. 1.
Tab. 1 Test setups used for comparison between FEM and HCM
Model
Model01
Model02

Column
SHS 250x8
SHS 250x10

Beam
UB 178x102 x19
IPE300

Connection
UK SHS 180x42.7
U200x90x10

Length
2m
5m

3.1 Axial force and maximum deflection
Fig. 2 and Fig. 3 show axial force in the beam with changing temperature for different values
of ‘dissipated energy fraction’ used as to induce damping in the model. The maximum
compressive load is reached at approximately the same temperature, however for the model
02 the difference between finite element result and hand calculation result is more than that
for model 01. The different values of ‘dissipated energy fraction’ give very little difference
between the results. Fig. 4 shows the variation of midspan deflection with temperature for
both models. It can be observed from Fig. 4 in comparison to Fig. 2 and 3, that the
temperature at which the beam reaches its maximum compressive force is exactly the point
where it starts to deflect rapidly. For zero damping the model fails to converge as the
compressive force is reducing.

Fig 2: Axial force vs temperature for Model 01
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Fig 3: Axial force vs temperature for Model 02

Fig 4: Midspan deflection for both models
CONCLUSIONS
Following conclusions can be drawn from the comparison between FE-modelling and the
hand calculation procedure.
1. The compressive stress predicted by the hand calculation model is 0.62% lower than the
result from the FE analysis for model 01 and 23% lower for model 02.
2. The hand calculation model gives conservative estimate for the maximum catenary force
in the beam.
3. From hand calculation model, the limiting temperature at which the axial force is zero is
lower than the FE analysis results for both models .
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4. Damping of the model stabilizes the analysis and solves the convergence problem in both
models.
5. The different ‘dissipation energy fraction’ values used here have shown to have very little
impact on the results.
6. For model 02 the hand calculation produces results which are much closer to the FE
analysis results.
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REDUCTION OF CONNECTION RESISTANCE
DURING VESELÍ FIRE TESTS
Tomáš Jána a, František Wald a
a

Czech Technical University in Prague, Faculty of Civil Engineering, Prague, Czech Republic

Abstract
The paper is focused to the temperature distribution in the reverse channel connections
to concrete filled tubular column during two fire tests on an experimental building in Veselí
nad Lužnicí. Temperatures of connections without fire protection as well as fire protected
connections were investigated. The connected beams and columns were without fire
protection.
Keywords: reverse channel, fin plate, heat transfer, fire design, fire test
INTRODUCTION
The fire design of structures is based on member fire tests in furnaces and connection
behaviour is usually neglected. Connections have lower temperature than the adjacent
structure during the fire which is caused by the concentration of the material in the connection
area and they are protected by a similar thickness of the fire protection as connected members.
During the heating and cooling, the connections are subjected to different forces which were
not taken into account in the design for the ambient temperature. The connection behaviour is
based on the change of mechanical properties of the steel and on the interaction between
different parts of the connection. To determine the degradation of the mechanical properties is
necessary to find out temperature distribution which can be used in the component method.
The temperature in the connection can be predicted by two methods. According to the first of
these methods, the temperature of the beam-to-beam and beam-to column connection with a
concrete slab above the connection is calculated from the temperature of the bottom beam
flange in the mid-span (CESTRUCO, 2003). The second method is based on the concentrated
mass and the temperature is predicted by using the section factor Am/V for the each
component of the connection. Numerical (Franssen, 2002) and experimental studies (Wald et
al., 2006) show necessity to improve the temperature prediction in order to achieve the
acceptably accurate description of the connection behaviour during the fire.
The real temperature field in the structure can be obtained from a test on a real object only.
Therefore two fire tests on the two-story building with real fire scenarios create the part of the
European project COMPFIRE – Design of Joints to Composite Columns for Improved Fire
Robustness. The tests enabled to obtain the temperature developments in the reverse channel
connections.
Connections in the partially fire protected steel/composite structure at the fire cannot be
critical part of this structure. Heat transfer into the connections can be reduced by fire
protection. Temperatures during the fire reach significantly lower values compared with
temperatures of unprotected connections. Therefore the selected connections in the
experimental building were fire protected.
1

EXPERIMENTAL STRUCTURE, CONNECTIONS, FIRE PROTECTION

A two-storey composite steel-concrete experimental structure on the area 10.4 x 13.4, with the
height of 9 m was designed and represented a part of an administrative building. Composite
ceiling slabs consisted of simple trapezoidal sheets with the rib of 60 mm and 60 mm of
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reinforced concrete C30/37. Beams under the slabs designed as IPE 220, 240, 270 and IPE
330 (steel S355) were supported by hollow section columns (TR 245/8, steel S355) filled with
concrete and by columns of sections HEB 200. The lateral stiffness of the building was
provided by two cross bracings in the both directions. Steel cladding with thermal insulation
was used. In each floor there was one window with dimensions 5 x 2 m, see Fig. 1 and (Wald
et al., 2011).
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Fig. 1 Experimental structure
Connections were designed according to (EN 1993-1-8, 2005) to resist shear force at ambient
temperature and were checked in accordance with European guidelines (ECCS) and
(SCI/BCSA). The reverse channel connections connected beams with the cross-sections IPE
220, IPE 270 and IPE 330 to the composite circular tubular column. The reverse channel was
formed by standardized rolled section UPE-DIN or by bent sheet metal of the thickness 8 mm.
The thickness of the end plates was also 8 mm in all cases. Size of bolts, M12, M16, M20,
corresponded with the size of the connected beam. Tab. 1 summarizes the arrangement of the
connections which were observed during the fire tests.
Tab. 1 Arrangement of connections
Designation of
connection

Beam
crosssection

First fire test (2nd floor)
A2-B2 to A2
IPE 270
A2-B2 to B2
B2-C2 to B2
B2-C2 to C2

B2-C2 to C2

IPE 330

End plate

165/160/8
TR 245/8

IPE 220

Second fire test (1st floor)
A2-B2 to A2
IPE 270
A2-B2 to B2
B2-C2 to B2

Column
crosssection

135/120/8

165/160/8
TR 245/8
200/180/8

Reverse channel

sheet 165/200/8
UPE 160
UPE 120
sheet 135/160/8

sheet 165/200/8
sheet 200/220/8
UPE 180

Bolts

Designed
thickness of
fire protection

4x M16

20 mm

4x M12

-

4x M16

-

4x M20

60 mm

Some connections were protected by the fire protection of the thickness 20 mm in the second
floor at the first fire test. In the first floor at the second fire test, the fire protection of the
thickness 60 mm was applied on the some connections. The reverse channel connections were
protected in the length of 250 mm from the edge of the column in the both cases and a
mixture of mineral fibres and a cement binder was used as the fire protection.
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Fire load was created by piles from softwood dried to moisture of 12 %. The first fire test in
the second floor had a character of traveling fire without flashover (fire load was 173.5
MJ/m2), the development of the gas temperature at the second fire test in the first floor
corresponded with fire scenarios with flashover in a fire compartment of the ordinary
administrative building (fire load was 520 MJ/m2). The main objective of the fire tests was a
monitoring of the heat transfer into the composite structure and a subsequent determination of
mutual influence of the fire unprotected and protected parts of the structure. Temperature
distribution in the structure and gas temperature in the compartment was measured during the
both tests by 120 thermocouples. Typical temperature fields in the reverse channel
connections are shown thereinafter.
2

TEMPERATURES OF FIRE UNPROTECTED CONNECTIONS

2.1 Reverse channel connection B2-C2 to B2 at the first fire test
Fig. 2 shows three-metre beam to central column connection with six thermocouples.
Thermocouple TC13 was placed into mid-height of the beam web, 100 mm from the end
plate, TC14 was installed into the upper bolt, TC15 into the lower bolt. TC16 was placed into
mid-height of the end plate between both bolts, TC17 measured temperature in mid-height of
the reverse channel flange and TC18 temperature in the steel tube of the column. The
connection was not fire protected.

dϭϳ
dϭϴ

dϭϰ
dϭϯ
dϭϱ

dϭϲ

Fig. 2 Fire unprotected beam-to-column connection (B2-C2 to B2) in the 2nd floor
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Fig. 3 Comparison of the measured temperatures in fire unprotected reverse channel
connection (B2-C2 to B2) with the gas temperature and beam flange temperature in mid-span
In Fig. 3, there are compared the measured temperature in different parts of the connection
with the temperature of the bottom beam flange in the mid-span and with the gas temperature.
You can see that the connection temperatures were lower than the temperature of the flange
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and the parts of the connection close the composite column were lower temperature than the
connection components more distant from the column. That shows a positive impact of the
great heat capacity of the concrete in the column to reduce the component temperature in the
fire unprotected connections.
2.2 Reverse channel connection A2-B2 to B2 at the second fire test
The seven thermocouples were on the nine-metre beam to column reverse channel connection
without fire protection. The thermocouple TC56 was placed into mid-height of the beam web
A2-B2, 150 mm from the end plate, TC57 was installed into the upper bolt, TC58 into the
lower bolt. TC59 was placed into mid-height of the end plate between the both bolts, TC60
and TC61 measured temperatures in the middle of the reverse channel flange surface and TC
101 temperature in mid-height of the end reverse channel weld, see Fig. 4.
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Fig. 4 Fire unprotected beam-to-column connection (A2-B2 to B2) in the 1st floor
Temperature distribution of the connection during the second fire test is shown in Fig. 5.
Analogous to the temperatures at the first fire test, measured temperature of the each
connection component is again significantly reduced in the direction from the beam to the
composite column. The connection temperatures are also lower than the temperature of the
bottom beam flange in the mid-span.
ϭϬϬϬ
ϵϬϬ

dĞŵƉĞƌĂƚƵƌĞ
Σ

ϴϬϬ
ϳϬϬ
ϲϬϬ
ϱϬϬ
[ $ ?  

ϰϬϬ

\ ]! ?

_ ?]!`X*+{

ϮϬϬ

\ ]!  `X*={

Ϭ

Ϭ

ϯϬ

|$ 



|$ 

]^`X{

ϲϬ

 

 ?^$

ϯϬϬ

ϭϬϬ

 

ϵϬ

`X+{
dŝŵĞŵŝŶ
ϭϮϬ

ϭϱϬ

Fig. 5 Comparison of the measured temperatures in fire unprotected reverse channel
connection (A2-B2 to B2) with the gas temperature and beam flange temperature in mid-span
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3

TEMPERATURES OF FIRE UNPROTECTED CONNECTIONS

3.1 Reverse channel connection B2-C2 to B2 at the second fire test
In three-metre beam to column connection, temperature was monitored by five
thermocouples. TC62 was placed into mid-height of web of beam B2-C2, 150 mm from end
plate, TC63 was installed into upper bolt, TC64 into lower bolt. TC65 was placed into midheight of end plate between both bolts, TC66 measured temperature in mid-height of reverse
channel flange, see Fig. 6. The connection was protected by the fire protection in a length of
250 mm from the edge of the column.

dϲϲ

dϲϯ
dϲϮ
dϲϰ

dϲϱ

Fig. 6 Fire protected beam-to-column connection (B2-C2 to B2) in the 1st floor
Measured temperatures in the fire protected reverse channel connection during the second fire
test are shown in Fig. 7. Compared with temperatures in the similar connection without fire
protection the applied fire protection with average thickness of 60 mm was able to reduce the
temperatures in the connection about 400 °C.

Fig. 7 Comparison of the measured temperatures in fire unprotected reverse channel
connection (B2-C2 to B2) with the gas temperature and beam flange temperature in mid-span
4

CONCLUSION

Temperature distribution in the connection influences its mechanical behaviour principally
through the change in material properties. Steel resistance reduce at elevated temperature.
It may be accounted by a factor expressing the ratio between the property at elevated
temperature and its ambient temperature value (EN 1993-1-2, 2005).
In Fig. 8 is comparison of the reduction factors for components of reverse channel connection
based on the measured temperatures during the second fire test. The figure shows a significant
reduction of the mechanical properties of the connection without fire protection unlike fire
protected connection. For example at the 45th min the value of the reduction factor calculated
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from the measured temperature in the fire unprotected lower bolt is 16 %, while the calculated
value of the reduction factor is 97 % in the fire protected connection. Utilization of the fire
protected connections and beams without fire protection allow to consider the membrane
action of a composite ceiling without fire resistance reduction of the connections.
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Fig. 8 Reduction of connection resistance through the components in fire unprotected
connection (A2-B2 to B2) and fire protected connection (B2-C2 to B2)
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STEEL STRUCTURAL FIRE-RESISTANCE DESIGN FOR
PROTECTING THE WORLD CULTURAL HERITAGE
Yong Du
Nanjing University of Technology, School of Civil Engineering, Nanjing, China

Abstract
Minlou is the biggest unit among the world cultural heritage Mingxiao mausoleum erected in
A.D. 1405 in Nanjing, China. In A.D. 1853, the timber roof of Minlou collapsed in the fire,
and only brick wall survived. To prevent the survival brick wall from weather erosion, a steel
truss with timber decorating would be built up in 2008. The finite element analysis was
operated to examine the steel truss loading capacity exposed to the most severe fire scenario
caused by the combustible timber member. Finally, the fire protection measures were
proposed when the structural fire-resistance is satisfied with the objectives of performancebased. The outcome illustrates that steel structural fire-resistance can’t depend on results from
single element testing in the standard furnace, and provides a snapshot to demonstrate that
critical temperature method is efficient for structural fire safety design.
Keywords: fire-resistance, fire safety design, steel truss, critical temperature
INTRODUCTION
Mingxiao tomb buried the first emperor of Ming Dynasty erected in A.D. 1405, composed of
a series of buildings. It lies to the east of suburban area in Nanjing, near the west side of Mao
Mountain. Minlou is with 39.25m width and 18.4m span which is the biggest building among
Mingxiao tomb. The timber roof of Minlou building has been destroyed in the war and brick
wall survived in A.D.1853 shown in Fig.1. To prevent the survival brick wall from weather
erosion, National Administration of Cultural Heritage approved the emergency measure of
rebuilding a roof to cover the survival brick wall. A steel truss with timber decorating was
employed shown in Fig.2. There are dozens of corbel arches and hundreds of stock rafters
within the steel structural system. Timbers are the fire resource within the service period. To
prevent the steel truss from fire, structural design for fire safety is important.

Fig. 1 Minlou building without roof
1

Fig. 2 Rebuilding roof with ancient shape

ADVANCED METHOD OF STRUCTURAL FIRE SAFETY DESIGN

The China code CECS200:2006 has been introduced for designing structures to resist fire by
calculation. In principle, fire loading can be treated as any other form of loads. However, the
structural behaviour in fire in all but the simplest case is much more complex than normal
temperature for the material characteristics varied with temperature. Hand calculation
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methods aren’t suitable to structural thermal analysis. Computer-based finite element methods
are employed which include the non-linear material properties temperature dependent and the
effects of thermal expansion. The critical temperature method carries out a structural analysis
for the fire situation, and check critical temperature in fire limit stat. The basic fire-resistance
steps for this project are:
1.
2.
3.

4.

5.

2

Design fire scenario for calculation the maximum temperature of members in the duration.
Establish the global finite element model under design loading.
Calculate the thermal & mechanical response of global structure at each temperature step
( Δt = 5 ) and check the loading capacity of each member. When structure collapsed, the
critical temperature has been gotten.
If the maximum temperature of structures (or elements) subjected to design fire, Tm , is
lower than the critical temperature of structures (or elements), Td , given by structural fire
analysis, the structural fire-resistance is satisfied without fire protection.
If the maximum temperature of members in duration is higher than the critical
temperature, design fire protection for steel roof to reduce the temperature. Then go to
step3 continued.
DESIGN FIRE

According to the function of building and the total amount of combustible material, the
probable fire scenario can be designed. Fire Dynamics Simulation (FDS developed by NIST)
software based on computational fluid dynamic model is employed to simulate the design fire
scenario to result the non-uniform fire temperature distribution (Yong, 2005).

Steel truss

Steel truss
A

A

Fire scenario A
38.49

Fire scenario B

Fire scenario B

Fire scenario A

x
0

y
17.54m

Fig.3 The plane at level 7.15m

Fig.4 A-A profile

2.1 Fire scenarios
Basic premises for design fire are below:
1.

There is no heat energy exchange between outside and compartment. The ambient

2.

temperature is 20rC.
Doors are open as ventilators and the fire is fuel controlled.
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3.

The fire grows as t-squared type and fire growth coefficient is 0.04689 kW/s2.

Shown in Fig.3 and Fig.4, there is no combustion on the ground, but there are a number of
timber elements at the level 7.15m and 10.3m.
Scenario A– dozens of corbel arches are taken for the fire source at the level 7.15m;
Scenario B – a stock beam and wooden ceiling is taken for the fire source at the level 10.3m
2.2 Fire heat release rate & smoke temperature
The test on the ratio of heat release (HRR) for wooden piles has been run by Babrauskas and
his colleagues since 1980s at NIST. The database is employed to estimate the HRR in
Scenario A and B, which is available on NIST web shown in Figure 5 ~ Figure 6. After
ignition10min, the highest HRR is 1.8MW.

Fig.5 Wooden pile before test

Fig.6 Full development period

z/m

Temperature column/Ğ

Thermocouple
y/m
Fire

Fig.8 Temperature contours after ignition
30min for scenario A
Temperature column/Ğ

z/m

Openning door

z
x
0

Spatial grid

y
y/m

Fig.7 Numerical model for fire

Fig.9 Temperature contours after ignition
30min for scenario B

Considered of fire moving and duration, a conservation fire scenario is designed with 1.8MW
heat release for fast T-square growth type and last 1.5h. The fire simulation model shown in
Fig. 7 is derived from FDS software to result the non-uniform temperature distribution
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graphically as Fig. 8 and Fig. 9.The maximum smoke temperatures are 490°C and 340°C for
scenario A and B respectively.
3

MATERIAL PROPERTIES & GLOBAL FE MODEL

Stress/kN/mm2

The material properties are given in Table 1, and the stress-strain curves with temperature was
shown in Fig. 10. The section and axial forces for each member is shown in Fig. 11.
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Fig.11 Internal forces and

Fig.10 Stress-strain relations for
steel

Tab. 1 Material properties at high temperature
Parameter Name
Thermal expansion coefficient
Thermal conductivity
Specific heat
Density
Poisson ' s ratio

symbol
Įs
Ȝs
cs
ȡs
ȣs

value
1.4×10-5
45
600
7850
0.3

unit
m/(m ·ć)
W/(m·ć)
J/(kg ·ć)
kg/m3
—

Shown in Fig.12, the supports are restrained in the horizontal and vertical directions, but
rotationally free for FE model. 3D elements were used to represent the steel tubes.

Fig.12 Global FE model of steel roof
4

CALCULATION TEMPERATURE IN STEEL MEMBERS

For Ref.3 propose, in the large space building fires if the distance from the flame to the
surface of steel members is far enough, heat transfer between the flame and the steel member
may be disregarded. Otherwise the radiant heat must be considered in the heat equilibrium
equation based on the lumped differential formulation given by
ΔTsf
1
=
×
Δt V ρs cs

{ε ε c F ¬«ª(T + 273) − (T (t) + 273) ¼»º + ε ε ϕ ξ F (1− ε ) c ¬ª(T + 273) − (T (t) + 273) ¼º +Fε (T − T (t))} (1)
4

r s 0

g

4

sf

4

f s sf

g
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0

f

4

sf

c

g

sf

Where cs , ȡs specific heat of steel [J/ (kg ·) ] and the density of steel [7850kg/m3]
respectively
ǻt
time interval (recommended ǻt is not more than 5 seconds)
resultant emissivity representing the radiation transmitted between the hot
İr
smoke and the steel member surface [ ε r = 0.5 ]
İs , İf emissivity of steel members and flames respectively [ ε c =0.8 , ε f =0.7 ]
İc
convective heat transfer coefficient [25W/(m2 ʘଉ) ]
c0
F
V
Tg
Tsf
Tf
ĳsf
ȟ

stefan-Boltzmann constant [5.67×10᧩8 W/m2 ·K4]
surface area of the unprotected steel member per unit length [m2/m]
volume of the unprotected steel member per unit length [m3/m]
smoke temperature []
temperature of the unprotected steel member, which is due to heat transfer by
convection and radiant from hot smoke and by flame radiant
average temperature of flame []
configuration factor in the particular case of two parallel surfaces
ratio of the flame radiated surface for the unprotected steel member

4.1 Configuration factor
The configuration factor is a measure of how much of heat from flames is received by steel
member surfaces, between flame area and differential surface of steel members.
The height of flame “Z1” is given by
Z1 = 0.144Qs0.4

(2)

where Qs is the heat release rate [kW].
Shown in Fig. 13(a), Eq.3 is used, and shown in Fig.13(b) Eq.4 is used.
ϕsfa =

ϕsfb =

1
2π

1 § X
Y
Y
X ·
tan −1
tan −1
+
¨
¸
2
2
2
2π © 1 + X
1+ X
1+ Y
1+ Y 2 ¹

(3)

§ −1
·
1
Y
tan −1
¨ tan Y −
¸
2
2
1+ X
1+ X ¹
©

(4)

where X=A/CˈY=B/C˗C˙HˉZ1, shown in Fig. 14.
Induce each geometric parameter into Eq.3 and Eq.4. The configuration factors for each side
of the bottom chord, which is made of two angles back to back, can be gotten.
Differential area of steel
member above flame
Differential area

Differential area
C

Surface of flame
B

C

Surface of flame

C
H

B
A
˄a˅

Flame surface

Vertical axis of fire

Z1
A

B

˄b˅

A

Fig.13 Location of differential area

A

B
Fire resource

Fig.14 Geometrical data for the
configuration factor
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4.3 Ratio of the effective surface area exposed to flame radiation
ȟ is the ratio of the surface area of the unprotected steel member exposed to flame radiation,
given by
n

ξ = ¦ ϕsfi Fsri / ϕsf F

(5)

i =1

Where Fsri

each surface area of unprotected steel members exposed to flame radiation,
ϕ
configuration factor for each surface of unprotected steel members.
Induce each parameter into Eq.5, the ratio of the surface area of the unprotected chords
exposed to flame radiation can be gotten.
Finally, induced parameters given above into the Eq.1, the history of temperature of steel
members Tsf can be gotten with step-by-step method. The maximum temperature of steel
members in scenario A will reach 550ćduring 1.5h durationand decay from the vertical
axis of fires away.
i
sf

5

FIRE PROTECTION

In scenario A the chords above the fire source buckled at the temperature 380ć and regarded
as the critical temperature of steel truss.
The fire protect material ensures that the maximum temperature in the steel truss is lower than
the critical temperature which would cause structural failure during the fire duration. For
given fire protection material properties and the fire duration, the temperature of steel
members can be estimated by Eq.6 (Yong, 2006).
Tg − Ts
Tg − Tg (0)

−4
= − a + (1 + a ) ⋅ e ( −b × 10 t )

(6)

Where Ts the temperature in steel members, Tg (0) the ambiance temperature (20°C),
a and b fitting coefficient from reference (Yong, 2006),which are dependent on fire
protect material properties d i λi .
Assuming the rate of the thick of fire protection material d i to equivalent thermal conductivity
coefficient of fire protection material λi is d i λi = 0.1 , then Ts = 353 °C can be derived from
Eq.6 for given fire duration 1.5h. The thick of fire protection material d i should be determined
by λi for different fire protection materials.
6

CONCLUSIONS

This paper provides a snapshot of information and analysis to demonstrate the critical
temperature method is sufficient for fire safety design. A detailed FEA of the space truss was
carried out to obtain the critical temperature, and the fire protection measure of the steel roof
was carried out. The performance-based structural fire safety design showed that the Minlou
roof can maintain its structural loading capacity within 1.5h under fire protection.
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Abstract
In this paper an un-insulated I-beam (HE400B) supporting a concrete slab was analyzed. The
steel temperature was calculated with the simplest approach according to EC 3 and compared
to temperatures calculated considering the cooling by the concrete. In addition the so called
shadow effect was considered. The I-beam is then assumed not fully exposed to the incident
radiation from the fire as the surfaces between the flanges will be partly shadowed.
Temperatures of the I-beam after a fire exposure of 30 minutes was calculated and discussed.
The calculations were performed with the finite element code Tasef(Sterner et al, 1990). The
mean temperatures of the beam flanges were reduced by more than 200 °C (from 827 °C to
609 °C) when the cooling at the top of the beam and shadow effects were considered. The
structure was supposed to be exposed to the standard time-temperature conditions according
to EN1363-1 or ISO 834.
Keywords: shadow effect, steel structure.
INTRODUCTION
Eurocode 3: Design of steel structures –Part 1-2: General rules – Structural fire design
contains various means of calculating temperature in fire exposed steel structures. For the
most commonly used of the calculation methods the temperatures in the steel section are
assumed uniform and the thermal properties are assumed constant. However, when following
these assumptions the temperatures are often over-estimated which leads conservative and
maybe unnecessary costly solutions. In particular the consequences of cooling of steel
sections embedded in or in direct contact with concrete structures are not considered in the
simplest approximated methods given in EC 3. Only the reduction of the exposed area is
taken into account.
In this paper an un-insulated I-beam (HE400B) supporting a concrete slab was analyzed. The
steel temperature was calculated with the simplest approach according to EC 3 and compared
to temperatures calculated considering the cooling by the concrete. In addition the so called
shadow effect was considered. The I-beam is then assumed not fully exposed to the incident
radiation from the fire as the surfaces between the flanges will be partly shadowed.
Temperatures of the I-beam after a fire exposure of 30 minutes was calculated and discussed.
The calculations were performed with the finite element code Tasefi (Sterner et al, 1990).
The mean temperatures of the beam flanges were reduced by more than 200 °C (from 827 °C
to 609 °C) when the cooling at the top of the beam and shadoweffects were considered. The
structure was supposed to be exposed to the standard time-temperature conditions according
to EN1363-1 or ISO 834. Finally it is pointed out that by making more advanced fire
modeling including CFD analyses the fire temperatures can be tailored for the particular
problem and the calculated temperatures of the steel section can be even more accurate and in
most cases further reduced.
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1

THERMAL MODELING OF AN UNINSULATED I-BEAM

The thermal fire modeling of an uninsulated I-beam can be done more or less accurately. The
simplest way is to assume that the beam section is uniformly heated on all exposed surfaces
and that the steel at all times reaches the same uniform temperature level. This approximation
is often used. The steel section can then be characterized by its section factor only, i.e. the
ratio between the exposed area and the volume A/V, see Eurocode 3 (EN1993-1-2). In the
case of a steel beam supporting a concrete slab as shown in Fig.1a only three sides are
assumed to be exposed to fire while the fourth side is assumed to neither receive nor lose any
heat. In other words it is perfectly insulated, constituting a so called adiabatic boundary.
With the simplest assumptions the thermal properties of the steel is constant.
In reality, however, in case of fire heat will be conducted from the steel to the concrete which
will reduce the temperature of the steel. In this case the temperature of the steel can no longer
be assumed uniform and therefore numerical procedures are needed. Computer codes based
on the Finite Element Method are most commonly used for this calculation purpose. By
considering a calculation model as indicated in Fig.1b the cooling from the concrete slab, the
top flange temperature in particular, will be considerably reduced as well as the average
temperature of the steel section. This will be shown by the example below.
Further reduction of the steel temperature are obtained if the so called “shadow effect” is
considered. The concept of shadow effectsii(Wickström, 2001) was introduced in Eurocode 3
(EN 1993-1-2) to consider the fact that the incident heat radiation received by an open steel
section like an I-section is not more than what is received by a so called boxed section.
Therefore for the temperature calculation the thermal model is indicated in Fig.1c is applied.
Then an artificial surface is introduced between the beam flanges. This surface is then
prescribed to follow the fire time-temperature curve. The surface will radiate with an
emissivity equal unity to the interior surfaces of the flanges and to the web. Convection may
be calculated by assuming convection heat transfer coefficients of the surfaces. In the code
Tasef(Sterner et al, 1990)which is used for the calculations reported below the different heat
convection transfer coefficients may be applied to the various surfaces creating the void. The
introduction of the concept of shadow effects has a similar effect on the temperature
calculations as reducing the section factor for the radiation heat transfer part only. The effect
on the convection part is not so obvious.

a) Uniform temperature
model. No cooling.

b) Uneven temperature
model. Cooling.

c) Uneven temperature
model. Cooling.
Shadow effect.

Fig. 1 Three levels of modeling accuracy of an I-beam supporting a concrete slab. The red
lines indicates fire boundaries.
1.1 An example analyzed with the finite element code Tasef
To illustrate the importance of the various levels of approximations the temperature of an
HE400A section was analyzed with finite element code Tasef. The code is a general code for
calculating temperature but it is specialized for analyzing fire exposed structures. In
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particular the code can be used for calculating heat transfer by radiation and convection in
voids or enclosures in structures.
In the example the steel beam supports a 200 mm concrete slab as shown in Fig. 1. The steel
beam has a height of 400 mm, 150 mm wide and 40 mm thick flanges, and 30 mm thick web.
The thermal properties of the concrete and the steel are according to Eurocode 2 (mean value)
and 3, respectively. The boundary conditions are also according to Eurocode when
applicable. The surface emissivity of the steel and the concrete are assumed generally to be
0.8.
The beam and a part of the slab were divided into finite element as indicated in Fig. 2. To
model the shadow effect an artificial surface is introduced between the flanges as shown in
the Fig. 2. The temperature of the inside surface the artificial surface is then prescribed to
follow the fire time-temperature curve. The emissivity of the artificial surface shall be unity
while the other surfaces around the void are assumed to 0.8 in this case. The heat transfer by
convection is calculated by calculating a void gas temperature as the weighted average of the
surrounding surface in such a way the total heat transfer between the gas and the surfaces
vanishes. Different heat transfer coefficients can be prescribed to the various surfaces. In this
case the convection heat transfer at the artificial surface is hard to estimate. Here it is
assumed to be as high as hart =50 W/(m2 K) while for the other surfaces the heat transfer
coefficient was assumed to be hvoid =10 W/(m2 K). These estimates are of course uncertain
but as the radiation dominates at high temperatures the influence on the steel temperature
development is expected to be limited.

Tf

Tf
Tf

Shadow
effect

Tg hart
 1

hvoid

Tf

  0.8

Fig. 2 Finite element model of the beam and slab. The left hand side indicates how the heat
transfer by radiation is calculated between each of the element surfaces surrounding the void.
The right hand side indicates how the heat is calculated by convection by first calculating the
internal gas temperature as a weighted average of the surrounding surfaces.
Calculated temperatures after 30 minutes exposure according to the standard fire timetemperature curve according to EN 1361 are given in Tab 1. In all calculations the surface
emissivity is assumed equal 0.8 to facilitate the comparisons of the results.
If the simplest method as given in Eurocode 3 is used assuming uniform temperature and
constant thermal steel properties the calculated temperature becomes as high as 827 °C. If the
cooling of the top flange and varying thermal properties of steel and concrete are considered
in a finite element analysis a more accurate temperature distribution can be calculated. The
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mean calculated temperature of the flanges then becomes 150 °C lower than the temperature
calculated when assuming uniform temperature. The top flange temperature is reduced by
almost 220 °C! Note that the middle web temperature is even higher than the lower flange
temperature and that it is almost as high as the temperature obtained with the simplest
method.
Finally when also considering the shadow effects the calculated steel temperatures become
even lower. As shown in Tab 1 the average temperature of the flanges is now almost 220 °C
lower than the uniform temperature calculated with the simplest method. The calculated
bottom flange temperature is reduced by as much as 325 °C.
Tab 1 Example of calculated temperature in °C of an un-insulated steel I-beam HE400A
after 30 min according to five different calculation models. The positions are indicated in the
first column.

B

Uniform temp
Top ins

Uneven temp
Top cooled

EC

Tasef

827
827
827
827

749
608
797
679

Position

C

A

2

A - top flange
B – bottom flange
C - web
Mean (A+B)/2

Uneven
temp
Top cooled
Shadow effect
Tasef
715
502
719
609

CONCLUSION AND DISCUSSION

The Eurocodes contains simple methods for calculating temperature in structures. These are
in general conservative and yields over-estimated steel temperatures and thereby underestimated steel strengths. More accurate and precise estimates can be obtained by considering
varying thermal properties and assuming more realistic boundary conditions like cooling from
an adjacent structure and shadow effects. In this study only exposure conditions according to
standard fire curve has been considered. Even lower steel temperatures can be estimated in
some cases by applying more nuanced fire exposures like the parametric curves as presented
in Eurocode 1 (EN1991-1-2 Annex A) or by applying advanced CFD calculations. For this
purpose considerable interesting work has been carried out by Joakim Sandström using the
code FDS. His work will also be presented at this conference.
Several types of insulated steel structures contain real voids where the heat transfer by
radiation and convection must be calculated to obtain accurate predictions of steel
temperature developments when exposed to fire Fig. 3 shows two examples indicating how an
I-section can be insulated with boards of e.g. gypsum or calcium silicate.
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INFLUENCE OF ZINC COATING TO A TEMPERATURE OF STEEL
MEMBERS IN FIRE
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Abstract
This paper describes effect of hot dip galvanizing of steel structure surfaces to temperature
of steel members during the fire. Temperature in a set of specimens was measured during the
second fire test at experimental building in Veseli nad Luznici. Experiment results show, that
the zinc coating can reduce temperature in steel members especially in first fifteen minutes of
the fire. The paper describes the process of experiment and analytical evaluation.
Keywords: zinc coating, surfacing, emissivity
INTRODUCTION
Influence of surfacing to the fire resistance is not currently described. A value of surface
emissivity of galvanized components for calculations of the fire resistance of steel structures
is not specify in Eurocode EN 1993-1-2. Conservatively, the value of surface emissivity
m = 0.7 is considered. This value is used for all steel components.
Surfacing by zinc coating is applied by dipping in zinc bath at a temperature about 450 °C.
Therefore, it can reduce emissivity of the surface until the temperature of steel structure
reaches this value. After reaching of the temperature about 450 °C, surfacing begins runoff
and surface emissivity returns to the value for steel without surfacing. Due to the temperature
reduction of a steel member in the initial time of a fire, a temperature curve is moved and fire
resistance of steel member 15 or 30 min can be reached without the fire protection.
Experimentally determined value of surface emissivity of galvanized steel members is only
valid for the duration of the fire exposure when the temperature of steel member is not higher
than approximately 450 °C.
1

TEST SPECIMENS

For verification of the effect of surface emissivity of galvanized steel structure
to a temperature of steel members in the real fire conditions specimens were placed into
compartment in full scale fire test, see Fig 1. The zinc coated specimens were during the
second fire test at the first floor of experimental building monitored. The calculated surface
emissivity of galvanized elements was verified on the results of fire experiments in
a horizontal furnace in 2011. The zinc specimens were hung on logs with a diameter
of 10 mm, see Fig 1 under the ceiling structure, in the compartment area with expected
highest gas temperature. The arrangement of specimens inside the compartment eliminated
an uneven temperature distribution. Members were arranged in pairs, always galvanized and
without zinc coated surface. Specimens were isolated at both ends by mineral fiber wool so
that the sample simulated the endless element and the heat transfer occur its outer surface
only.
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Fig. 1 Specimenns under thee ceiling of the comparrtment and location
l
of sspecimens in
i the
ccompartmen
nt
For the specimens open and cllosed cross--sections len
ngth 1 m weere used, seee Tab. 1
Tabb. 1 Specim
mens
S
Specimen
TZ1 - IPE
T
T - IPE
TZ2
T – IPE
TZ3
T – IPE
TZ4
T – TR
TZ5
T – TR
TZ6

Crross section
IPE 200
IPE 200
IPE 200
IPE 200
TR
T 114,3x4
TR
T 114,3x4

Surfacing
No
Zn
No
Zn
Zn
No

First haalf of the sppecimens waas done witthout surfaccing – the samples TZ11 - IPE, TZ
Z3 - IPE,
TZ6 - T
TR and secoond half waas galvanizeed – the speecimens TZ2
2 - IPE, TZ
Z4 - IPE, TZ
Z5 - TR.
Identicaal technologgy of galvaanizing for the both IPE
I
specim
mens was chhosen. Galv
vanizing
temperaature reacheed 447 ° C, average ccoating thickness 157
7.8 Am, maax 171.4 Am,
A
min
138.4 Am. A conveentional gallvanizing baath without additional chemical ellements succh as Al,
Pb, Bi, Sn, etc. with the chemical
c
coomposition prescribed
d for produucts intend
ded with
permaneent contact with drinkiing water w
was used. A convention
nal bath forr galvanizin
ng of the
circularr closed crooss sections profile TR
R 114.3 x4, temperature of galvannizing was 458
4 ° C,
averagee thickness of
o the coatin
ng 110 Am w
was also used.
1.1

S
Specimen´ss temperatu
ure measurring

Temperrature of eacch specimen
n was meassured by on
ne 2 mm diaameter therm
mocouple. This
T was
placed at half heigght of each
h specimen.. The gas temperature
t
in the firee compartm
ment was
measureed by twentty 3 mm theermocoupless and seven
n plate therm
mocouples.

295

Fig. 2 Detaail of surfacce of zinc co
oated memb
ber after firee
2

E
EVALUAT
TION OF THE
T
FIRE TEST

Step byy step methood (EN 199
93 – 1 – 2,, 2005) wass for evaluaation of thee fire test modified.
m
Results are summaarized in Taab. 2. Total heat flux in
ncrease for galvanized elements was
w from
known gas and steeel temperatture calculaated. Than was
w a heat transfer
t
coeefficient as constant
value c = 4 W/m2K for the sp
pecimens w
without surffacing from the total heeat flux and
d known
radiativve heat fluux calculateed. The raadiative heeat flux off zinc coaated specim
men and
subsequuently surfaace emissiviity of zinc coated mem
mbers from
m known val
alue of heat transfer
coefficient and tem
mperature increase of ziinc coated specimen
s
waas than deriived.
hnet.rr = hnet - hnet.c
(1)
2
where hnet
totall heat flux [W/m ]
hnet.r the radiative
r
heeat flux [W/m
m2]
hnet.c convvective heatt flux [W/m
m2]
The callculated vallues of emiissivity for each speciimen are sh
hown in thee Tab. 2. Resulting
R
emissivity value off zinc coateed memberss was determ
mined as th
he average ffrom all speecimens,
m = 0.32. On Figg 4, 5 and 6 are calcuulated temp
peratures wiith measureed with con
nsidering
an unifoorm surfacee emissivity m = 0.32 ffor all specimens comp
pared. This value is vaalid until
the tempperature of steel memb
ber reaches tthe applicattion temperaature of zinc
nc coating.
900

Steel
tem
mperature
[°C]

800
700
600
500

TZ3

400
TZ4

300
200

1

100
Time[minn]

0
0

5
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25

330

Fig. 3 Comparisoon of gas teemperature ((1), measu
ured temperature of zinnc coated meember
(TZ4) annd measured
d temperatuures of the element with
hout surfaciing (TZ3)
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Tab. 2 Calculated surface emissivity of galvanized members
Specimen
TZ2 - IPE
TZ4 - IPE
TZ5 - TR

Surfacing
Zn
Zn
Zn

Surface emissivity
0,290
0,280
0,400

900
Steel
temperature
[°C]

800
700
600
500

TZ2

400
300

1

200

Cal

100

Time[min]

0
0

5

10

15

20

25

30

Fig 4 Comparison of gas temperature (1), calculated (Cal) and measured temperature of zinc
coated member (TZ2), emissivity 0.32
900
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Steel
temperature
[°C]
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600

Cal

500
400

TZ4

300
1
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100
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0
0
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Fig 5 Comparison of gas temperature (1), calculated (Cal) and measured temperature of zinc
coated member (TZ4), emissivity 0.32
900
800
700
600
500
400
300
200
100
0

Steel
temperature
[°C]
TZ5
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Fig 6 Comparison of gas temperature (TG31), calculated (Cal) and measured temperature of
zinc coated member (TZ5), emissivity 0.32
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3

SUMMARY

Experiment on the real structure shows significant decrease of temperatures of steel members
with zinc coated surface in first fifteen minutes of fire. Surface emissivity of zinc coated steel
element in the fire (0.32) is less than half of the value of emissivity for steel elements without
surfacing (0.7). Next set of specimens is focused on testing influence of zinc coating aging
and its effect to surface emissivity in the fire.
4
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Abstract
The fire resistance of reinforced concrete elements can be determined by simple isotherm
methods or detailed analyses using a full finite element model. Many design offices do not
have sufficient resources to make use of finite element methods and currently must rely on the
crude isotherm method. A new methodology of intermediate complexity is presented that
determines rapidly the strength of RC beams affected by fire. It is considerably more accurate
than existing simple performance based methods, yet is implemented in spreadsheet software
that is available to all engineers. Any cross-sectional temperature field can be considered and
the method accounts for non-linear and temperature dependent material behaviour in both
steel and concrete. It can handle concrete sections of arbitrary cross-section. Results can be
numeric or displayed graphically.
Keywords: concrete, fire, analysis, excel, isotherm, spreadsheet
INTRODUCTION
The fire resistance of reinforced concrete elements is normally determined by one of three
main procedures which, in increasing order of complexity, are: (i) Using tabulated data from
Standard Fire tests which for basic analyses this may be sufficient. (ii) Simple performance
based designs using the isotherm method [1]. (iii) More detailed analyses using full finite
element models.
A problem with these methods is the enormous gap in complexity between the simplest
performance based method (ii) and a full finite element model (iii). Finite element software is
expensive to purchase and requires skilled users to produce useful results. Many design
offices do not have sufficient funds or expertise to make its use worthwhile for fire design.
Consequently they must rely on crude options for assessing the fire resistance of RC
structures.
This paper presents a methodology that provides a usable tool to perform calculations to
determine the strength of RC beams affected by a fire. It is considerably more accurate than
existing simple performance based methods, yet can be implemented in spreadsheet software
that is available to all engineers. Any cross-sectional temperature field can be considered and
the method accounts for non-linear and temperature dependent material behaviour in both
steel and concrete. It can handle concrete sections of arbitrary cross-section. Results can be
numeric or displayed graphically.
1

OUTLINE OF METHOD

On heating, the key material parameters of a concrete section that affect its capacity to resist
load - ultimate stress, ultimate strain change. Since in a typical fire cross-sectional
temperatures are non-uniform, the ultimate stress and strain within a concrete section will
vary continuously. This has previously been handled very crudely in the “isotherm” method
presented in Eurocode 2 [1] where concrete properties are assumed to either remain as at
ambient temperature, or be completely removed due to fire. A temperature of 500°C is
normally taken as the transition between “strong” and “weak” concrete. This assumption is
clearly very crude so to provide a better approach to estimating the strength of concrete
members in fire, the method in this paper adopts the following more sophisticated method
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1.
2.
3.
4.
5.

Determine the temperature field in the cross-section by discretising the section in to
(i,j) cells.
For each cell, determine the appropriate ultimate strain for its temperature.
Determine the cross-section strain distribution assuming i) no cell can exceed its
ultimate strain and ii) there is no overall force in the cross-section.
For this strain distribution determine the force in each cell based on temperature
dependent stress-strain data.
Calculate the overall capacity of the section.

The method will be discussed in detail below considering, for simplicity, a rectangular crosssection.
2 DETAIL OF METHOD
2.1

Heat Transfer

The method requires an estimate of the temperature field in the cross-section being considered
in the form of temperatures at each “cell” of a discretization scheme. Cells with typical
dimensions of 5 mm are appropriate. The temperature field can be derived by any means and
is not, as for the isotherm method, limited to using results from Standard Fire exposure. For
this paper, temperatures were derived from an Excel-based 2-d finite difference heat transfer
model with an assumption of a Standard fire.
2.2

Constitutive Models

Inputs into the method include material constitutive models for both reinforcing steel and
concrete. These include temperature dependency of ultimate stress and strain and, if desired,
material softening. None of these phenomena are included in the isotherm method. In this
paper, data from EC2 has been used but any similar material data would be appropriate.
2.3

Strain Distribution

The method presented here modifies the compression block approach typically used at
ambient temperature for a different procedure to determine a more accurate shape of the
compression zone. Once the temperature field in a section has been obtained, the allowable
compressive strain in each cell in the cross-section has to be determined. At ambient
temperature a value of 0.003 is widely used in concrete design but this value is not
appropriate for elevated temperatures due to the temperature dependency of ultimate strain.
Here, a more general value is assumed, the strain at the peak stress c1 amplified by a constant
B Allowable = c1). This value for traditional ambient temperature design takes the value
ambient = design/c1 = 0.003/0.0025 = 1.2. Thus, for a given temperature matrix and , an
allowable strain matrix can be determined as indicated for a typical case in Fig. 1.

Fig. 1. Temperature profile (Left), Allowable strain *c1 (Centre) and c1 according EC2 (Right).
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Assuming that plane sections remain plane after bending, two conditions have to be satisfied
in order to calculate the bending resistance of the section: i) The mechanical strain field has
to be tangent to the allowable strain field.
(2)
Where
and
(
is the concrete strain at peak stress []
and constant). All parameters are the complete matrices of strains and the difference is
taken cell to cell. The point at which this condition is satisfied is the point at which crushing
first occurs in the section and corresponds to compression failure of the concrete. The second
condition ii) is that there must be no overall axial force in the section, ie:
Where C the total compressive force in the concrete and T the tensile force in the steel. The
strain distribution that satisfies both conditions is determined rotating the mechanical strain
plane iteratively. The resulting situation is shown graphically in Fig.s 2 and 3 for hogging
and sagging moment respectively.

Fig. 2. Interaction between allowable strain and the mechanical strain for hogging moment ( =1).

Fig. 3. Interaction between allowable strain and the mechanical strain for sagging moment ( =1).
2.4 Stress Distribution and Capacity.
With the temperature and strain in each cell determined, it is possible to determine the stress
in each cell based on the temperature dependent material data. This leads to a good estimate
of high temperature stress block, as indicated in Fig. 4
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Fig. 4. Stress diagram for hogging (Left) and sagging (Right) moments.
As the coordinates of each cell are known and the value of the stress is also known after the
rotation of the mechanical strain plane, the centroid of the compression (C.C) is obtained
from.
(3)
Where
is the compressive stress in the concrete cell (i,j) at temperature T [Nmm ] and yj
the vertical position of the cell. So finally the moment resistance can be determined, as usual.
-1

(4)
3

CASE OF STUDY

For this purpose two beams will be compared for two different reinforcement ratios: a) 30 and
b) 75% of the maximum reinforcement ratio. For four exposure conditions: a) Ambient T°, b)
Standard fire during 60 minutes, c) Standard fire during 90 minutes, d) Standard fire during
120 minutes. And finally, for Sagging and Hogging Moment, totalling 32 cases.
For a beam designed using steel with a yield stress 400 [MPa] and concrete compressive
resistance 30 [MPa], Cmin=0.0033 and Cmax=0.023, being C = As/bd (ACI 2005, [3]).
3.1 Validation of the method at ambient temperature.
The calculation performed for the four cases was done varying the value of and studying the
flexural resistance. Normalizing the resistance obtained by the resistance obtained at =1 a
curve of the enhancement due to can be obtained.
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Fig. 5. Enhancement v/s .
The method captures the fact that the enhancement at ambient temperature is constant for
different beam sizes and for different reinforcement ratios. For the cases studied the optimal
value of is 1.4 and the maximum enhancement found was 0.86%. In particular, was found
for all cases that when a =1.2 is used, the utilization of the maximum enhancement is 80%.
3.2 Behaviour of the method under fire conditions.
A summary of the results obtained is presented graphically for the 32 cases in terms of the
enhancement achieved and the optimal at that point.

Fig. 6. Maximum Enhancement [%] (Left) and Optimal Beta for max. enhancement (Right).

Fig. 7. Enhancement v/s Beta, beam 600x300 with high reinforcement ratio (particular case).
The results for this beam are presented now in detail. The values for resistance obtained by
the isotherm method are compared with the resistance calculated from the proposed method
for =1 and for the optimal in each case. The over resistance in the last column correspond
to the percentage in resistance obtained from the isotherm method respect to the value at the
optimal .
Tab 1. Summary of the comparison between methods.
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Beam

600 x
300

Max.
Resistance
(Opt. )
[kNm]

Reinfor.
Arrangement.

Moment
Type.

3+3  16

Sagg.

60

186,97

171,40

2,1

177,69

Over
Resistance
(Isotherm
Method)
5%

3+3  16

Hogg.

60

247,08

228,38

1,5

230,25

7%

3+3  16

Sagg.

90

115,08

117,03

1,8

117,86

-2%

3+3  16

Hogg.

90

211,46

196,40

1,5

198,28

7%

3+3  16

Sagg.

120

86,94

84,41

1,7

84,75

3%

3+3  16

Hogg.

120

179,39

168,68

1,4

170,08

5%

3+3  25

Sagg.

60

471,45

323,58

2,9

407,38

16%

3+3  25

Hogg.

60

596,42

437,74

1,9

483,85

23%

3+3  25

Sagg.

90

318,27

252,47

2

288,09

10%

3+3  25

Hogg.

90

525,63

394,90

1,8

428,77

23%

3+3  25

Sagg.

120

226,62

199,63

1,9

210,59

8%

3+3  25

Hogg.

120

448,75

348,04

1,6

371,81

21%

Exposure Isotherm Calculated
time
Resistance Resistance.
[min]
[kNm]
( =1)

Optimal

Note that the highest errors are found in the hogging analysis for high reinforcement ratios
and that because no correction due to the high temperature in the corners of the compression
block was made.
4

CONCLUSIONS

The proposed method is a useful tool to be used in any engineering office. The results
obtained show perfect agreement for ambient temperature using currently recommended
allowable strains. Additionally, the traditional method is slightly conservative respect to the
method proposed.
A comparison between the isotherm method and the one proposed shows the necessity to
correct the isotherm method by considering a compression block with round corners, which
reduces its simplicity. In general the results obtained via the isotherm method are slightly
higher than the ones obtained with the proposed method, this shows that the isotherm method,
while simple, is not as conservative as engineers might think.
Using an approach like the one presented it is possible to study the effect of different
assumptions about the allowable compressive strains in concrete. The value of that produces
a maximum resistance varies from 1.4 (In perfect agreement with the value recommended for
ambient temperature) to 2.9. In general a good utilization of the enhancement is reached using
a value of =1.4 for hogging and =2.0 for sagging moments.
The enhancement achieved is different for different exposures and different fire curves, in this
particular case a peak enhancement of 25% was found, which shows the value of studying the
maximum allowable strain for design.
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Abstract
The paper presents results of experimental research whose main topic was determination of
stiffness reduction in bent reinforced concrete beams in two cases: when only tensioned or
only compressed zone was exposed to high temperature. Twenty four reinforced concrete
beams with rectangular cross-section were prepared for the experiment. Eight groups of
beams were prepared in total: 2 reinforcement ratio - 0.44 and 1.13% x 2 levels of load - 50 or
70% of destructive force ensuring the constant value of bending moment in the centre part of
heated beams x 2 diagrams. Three beams were used in each group. Significant cross-section
stiffness reduction was observed in beams where the tensile zone was heated. This was due to
considerable elongation of the bars where the steel load elongation summed up with the free
thermal strain. In beams where the compressed zone was heated the stiffness reduction was
observed only after the time where the tensile zone heated cross-sections were already
destroyed.

Keywords: reinforced concrete beams, stiffness, fire, high temperature
INTRODUCTION
Both load capacity and stiffness of reinforced concrete elements exposed to fire conditions are
reduced due to decrease of the mechanical characteristics of concrete and reinforced steel
[1, 2]. Sufficiently long exposure of determinable static elements to high temperature resolves
in their destruction. In case of indeterminable static structures – leads to a secondary static
setup or redistribution of internal forces [3-7].
In bent multi-span elements which are subject to fire exposure in bottom parts it is the tensile
zone heated in span cross sections and it is the compressed zone heated in supporting crosssections. It is well known that as a result of exposure to high temperature the stiffness of span
cross sections decreases significantly faster than in support cross-sections [3, 5-7] thus
leading to redistribution of internal forces. Adequate quantitative description of stiffness
reduction for each cross section has a principal significance for behaviour prediction
calculations of the statically indeterminable reinforced concrete elements exposed to fire
conditions.
This paper presents a description and results of an experimental program intended to
determine the stiffness reduction in cross-sections of bent reinforced concrete beams subject
to high temperature only in the tensile or only in the compressed zones.
1

EXPERIMENTAL PROGRAM

1.1 Elements
For this high temperature experiment, 24 reinforced concrete beams with rectangular crosssection 140×280 mm, 3500 mm. in length were used. All were made from C25/30 concrete
with siliceous gravel aggregate. The main reinforcement was made of two B500SP class steel
bars (fyk=500 MPa), diameter 10 or 16 mm (reinforcement ratio l=0.44 or 1.13%).
307

Transverse reinforcement with 100 mm spacing made of 6 mm diameter St500b steel bars
was applied only in supporting areas. In all beams the reinforcement cover was made in a way
that the main reinforcement centre of gravity was 25 mm from the element's front.
Dimensions and reinforcement methods are presented on Fig.1.

Fig.1. Dimensions and reinforcement of the tested beams
1.2 Experiment sequence
There were two static setups used ensuring a constant bending moment in the middle part of
the beam heated from the bottom part in both cases. The first setup (Fig. 2a) simply supports
the beam at its ends and is loaded with two forces located in 1/3 of the span (tensile zone
heated). In the second one (Fig. 2b) the beam was inverted, supports were placed in 1/3 of the
span and load applied at its ends (compressed zone heated).
a)

b)
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Fig. 2. Photographs and diagrams of the test-bed: a) tensile zone heated, b) compressed
zone heated
Experiments in high temperature were executed under application of constant force
amounting to 50 % and 70 % of load bearing capacity experimentally determined at room
temperature. Overall there were eight series of beams consisting of three equal elements (2
diagrams x 2 reinforcement ratios x 2 load bearing capacity levels) used for the high
temperature experiment.
Before high temperature testing a quasi-permanent load action was simulated by loading and
discharging each beam eight times to the assumed load bearing capacity level.
Next, a furnace pre-heated to 400oC was placed under the beam reaching about 850oC in
60 minutes. The experiment relied on heating the bottom middle zone of the beam under
constant load. The heating time, beam bending and temperature in assigned places were
recorded. Fig. 3 presents location of the beam in the furnace cross-section and placement of
temperature measurement points.
a)

b)

c)



Fig. 3. a) Beam location in furnace cross-section, b) location of temperature measurement
cross-sections, c) location of the thermocouples in beam cross-section
2

TEST RESULTS

Testing of the beams with tensile heated zone was performed until destruction which occurred
after 40-50 minutes. Beams with heated compressed zone showed greater resistance to high
temperature and finally were not destroyed during the assigned heating cycle lasting two
hours.
Fig. 4, presents median temperature values in the beam's middle cross section in case of
compressed zone heated against the standard fire curve.
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Fig. 4. Graphs for temperature increase in beam middle cross-section and furnace chamber
Fig. 5 presents median deflection graphs from all series of tested beams. In case of the beam's
compressed zone heated the deflection value is as sum of results from sensor in the middle of
the beam and arithmetic mean from sensors located under the forces.

a)

b)

c)

d)

Fig 5. Test results: a) l=0.44%, load 50%, b) l=0.44%, load 70%, c) l=1.13%, load
50%, d) l=1.13%, load 70%; continuous line – tensile zone heated, dashed line –
compressed
3

RESULT ANALYSIS

In beams with the tensile zone heated there is a significant increase in deflection. Initially it
was close to linear then the destruction phase followed. The cross-section stiffness decreased
significantly in result of reinforcement temperature increase. This was caused by considerable
elongation of the bars where the deflection caused by the load elongation “summed up” with
the free thermal steel strain.
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In beams with the compressed zone heated there was no deflection increase recorded, in some
cases it even decreased while in the same time beams with heated reinforcement were
destroyed. This was due to elongation of the fibres in the compressed cross-section zone
caused by concrete free thermal strain. The influence of concrete free thermal strain was thus
greater than the concrete load induced thermal strain phenomenon [2-5]. This is not surprising
as the stress occurring in the compressed zone of the concrete cross-section where not too big.
In the initial heating stage median stress levels in the compressed zone can be estimated to: 614 MPa, depending on the examined case. The deflection in beams started to increase
radically only after about 40-60 minutes, when the temperature of the compressed concrete
zone was about 400-600oC.
Basing on the beam deflection one can estimate the cross-section stiffness. It is known that in
case of a reinforced concrete element it is relative to the applicable bending moment and is
significantly smaller if the cross-section is cracked.
a)

b)

Fig. 6. Static diagram of examined element: a) tensile zone heated, b) compressed zone heated
In practice during calculation of deflections in reinforced concrete elements it is simplified
(i.e. [8]) to constant cross-section stiffness in the whole length of the element equalling to a
minimal value determined in the location of the maximum bending moment. Thus for further
calculations the simplified constant stiffness distribution in the whole length of the examined
element was taken. In the applied static setup (Fig. 6) the beam deflection at room
temperature (before heating) can be calculated with formula (1):
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where:

Mmax – maximal value of bending moment
Bt=0 – beam stiffness at room temperature, l – beam span.
In the examined beams only the middle section was heated thus it can be assumed that the
first element (1) of the formula remained constant during the whole test, while the second one
changed its values depending on the stiffness of the cross-section heated to high temperature
(Bt). The deflection of the heated beam can be calculated for the formula:
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After transforming dependences (1) and (2) the relative stiffness decrease of the beam heated
middle section can be determined from the formula:
Bt
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(3)

Fig. 7 presents graphs of relative stiffness decrease in cross-section heated to high
temperature depending on heating duration. Values for vertical axis were calculated from
formula (3), using experimental deflection values given on graphs at Fig. 5.
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a)

b)

Fig. 7. Graphs of relative stiffness decrease in cross-section: a) tensile zone heated,
b) compressed zone heated (descriptions apply to both graphs a & b)
In cases of all beams with heated tensile zone significant stiffness reduction was observed.
The relative value decrease was not relative to the beam reinforcement ratio but was relative
to their load. In less loaded beams (50% load bearing capacity) already after 12 minutes of
heating there was a twofold stiffness reduction. In more loaded beams (70% load bearing
capacity) the twofold relative stiffness reduction occurred a little later, after about 20 minutes
of heating. This regularity is a consequence of greater deflection values of more loaded beams
occurring at room temperature. As it was mentioned before the deflection values in beams
with heated tensile zone at initial heating stages decreased a little (or remained roughly
constant). Thus values calculated from formula (3) increased. The relatively estimated crosssection stiffness value was increasing more with the decrease of the stress level in the
concrete compressed cross-section. This confirms the regularity that concrete in the heated
compressed zone expanded freely due to its free thermal strain at the same time contracting
due to the load induced thermal strain, [2-5].
Following, after 40 minutes of heating time – in case of bigger load or 60 minutes – in case of
smaller load, there was a systematic increase of deflection in the examined beams. This was
due to the significant concrete deflection increase (shortening) in the compressed zone heated
to about 400-600oC. As a consequence the graphs on Fig. 7b show violent relative reduction
of cross-section stiffness, which till the end of the experiment remained on roughly constant
low level. However it should be noted that the radical decrease in cross-section stiffness of the
heated compressed zone happened only after the cross-sections with tensile zone heated were
already destroyed.
4

FINAL REMARKS

In beams with tensile zone exposed to high temperature a significant reduction of crosssection stiffness was observed. This was caused by significant elongation of bars where the
deformation due to load action “summed up” with the free thermal strain of steel.
In beams where the compressed zone was heated at initial stages the “fibres” of the
compressed cross-section zone elongated. This was caused by the free thermal concrete strain
which was greater than concrete deformation due to load (load induced thermal strain).
Results of the performed experiments can be a proof for the regularity that in multi-span
reinforced concrete elements exposed to fire conditions at their bottom part one should expect
redistribution of bending moments manifested in decrease of sagging moments and increase
of hogging moments.
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Abstract
In the paper a novel strain-based finite-element numerical model for the fire analysis of
curved reinforced concrete (RC) beams is presented. In addition, the effect of load level and
boundary conditions on fire resistance of the curved RC beam is observed.
Keywords: curved RC beam, fire, FEM, Reissner beam, moisture transfer, heat transfer, high
temperatures
INTRODUCTION
To design and build significant/important engineering structures properly, such as tunnels,
bridges, power plants and dams, certain requirements concerning mechanical resistance and
stability of structures must be fulfilled. By fulfilling those requirements we assure engineering
structures have sufficient level of safety. Insufficient level of safety can lead into human loss,
material damage and pollution of environment. One of the requirements concerning
mechanical resistance and stability of structures is fire safety.
Concrete is a heterogeneous material consisting of solid matrix, water and gaseous mixture of
dry air and water vapour. When exposed to high temperatures (e.g. in fire) physical and
chemical processes within concrete structure occur, such as heat transfer as a result of
conduction and convection, release of chemically bonded water and evaporation of free water.
This results in lower load bearing capability and higher deformability of concrete structure.
In this paper we present a new numerical model for fire analysis of curved RC beams. Few
models for curved beams exposed to fire can be found in the literature, mostly for composite
steel-concrete arches (Heidarpour et al., 2010) and steel arches (Bradford, 2006) exposed to
thermal loading are presented. The new numerical model consists of three consecutive
mathematically uncoupled phases. In the first phase we describe the time dependant change of
temperatures of the fire compartment surrounding the beam. In the second (hygro-thermal)
phase, heat flux affecting the surface of the beam due to convective and radiative heat flows
from the surrounding fire compartment is accounted for in boundary conditions and
temperature, pore pressure and free water content in a characteristic cross-section of the
curved RC beam are determined implementing the model of Davie (Davie et al., 2006). In the
third phase of the analysis the mechanical behaviour (stress-strain state evolution) of the beam
during fire employs the geometrically non-linear theory of Reissner (Reissner, 1972) and
accounts for axial, shear and flexural deformations. The system of governing equations of the
model is solved numerically using the modified principle of virtual work and a strain-based
Galerkin-type of FEM. The non-linear stress-strain relations for concrete and rebars at
elevated temperatures and the rules for the reduction of material parameters due to an
increased temperature are taken from European building code EC2 (EC2, 2004).
1

NUMERICAL MODEL

The model for fire analysis of curved RC beams, proposed in this paper, consists of three
mathematically uncoupled phases. In the second and the third phase of the fire analysis the
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time of fire is divided into time intervals [ti-1, ti], where unknowns are determined with the
Newton’s iteration method at each time ti. In what follows a brief presentation of the three
phases will be given.
1.1 Fire curves
Time dependent change of temperatures in a fire compartment depends on many parameters
and is therefore difficult to predict. Engineers avoid such problem by using simplified
parametric temperature-time curves, which define the relation between a gas temperature in
the fire compartment and time for standardized situations. One of these fire curves is the
hydrocarbon fire curve of the European building code EC1 (EC1, 2004), which represents a
fully developed tunnel fire. Once the gas temperature in the fire compartment has been
defined, heat and mass transfer in the curved beam can be analysed.
1.2 Heat and mass transport model
A coupled heat and moisture transfer in concrete exposed to fire is described by three
governing equations of mass conservation of free water, water vapour and dry air and by a
governing equation of energy conservation (Davie et al., 2006):

( )

Water conservation:
Water vapour conservation:
Air conservation:
Energy conservation: (ρC )

( )

∂ ρ FW
∂ ρD
= −∇J FW − E& FW +
∂t
∂t

(1)

∂ ρV
= −∇JV + E& FW
∂t

(2)

∂ ρA
= −∇J A
∂t

(3)

( )

( )

( )

∂T
∂ ρD
= −∇ ⋅ (− k∇T ) − (ρCv ) ⋅ ∇T − λE E& FW − λD
∂t
∂t

(4)

In Eqs. (1)–(4) ρi is the density (mass concentration) of a phase i , J i is the mass flux of each
phase i per unit volume of gaseous material, E&
is the rate of evaporation of free water
FW

(including desorption), and t is time. Index i represents phases of concrete, FW is free water,
V is water vapour and A is dry air. In Eq. (4) ρC is heat capacity of concrete, k is thermal
conductivity of concrete, ρCv relates to the energy transferred by fluid flow, λE is the
specific heat of evaporation, λD is specific heat of dehydration and T is the absolute
temperature.
By summing Eq. (1) and (2) we obtain three partial differential equations. The solution is
obtained numerically with the finite element method, where the primary unknowns of the
problem are temperature T, pressure of gaseous mixture of water vapour and dry air PG and
water vapour content ρV . For a detailed description of the problem and its numerical
formulation, see Davie et al. (2006) or Kolšek (2013) for application to fire analysis of
composite structures.
1.3 Mechanical model
Once the time and space evolution of temperature and pore pressure in the beam have been
obtained, the third phase of the fire analysis can be performed, where the stress-strain state of
the beam during fire is finally determined.
In the mechanical model the curved RC beam is modelled by the kinematically exact planar
beam model of Reissner (Reissner, 1972). It is assumed that the compatibility of deformations
at the contact of the reinforcement and concrete holds. Furthermore, the beam element is
315

assumed to be under a time-dependant temperature loading and conservative distributed
forces pX, pZ and mY. The related governing equations are:
Kinematic equations:

Equilibrium equations:

Constitutive equations:

x' + u ' − (1 + ε ) cosϕ − γ sin ϕ = 0

(5)

z ' + w' + (1 + ε )sin ϕ − γ cosϕ = 0

(6)

ϕ' − κ0 − κ = 0

(7)

RX ' + p X = 0

(8)

RZ ' + pZ = 0

(9)

M ' − (1 + ε ) Q + γ N + mY = 0

(10)

N = RX cosϕ − RZ sin ϕ

(11)

Q = RX sin ϕ + RZ cosϕ

(12)

N − Nc = 0

(13)

Q − Qc = 0

(14)

M − Mc = 0

(15)

where (o)′ denotes the derivatives with respect to s. Variables u and w are the components of
a displacement vector and ϕ is the rotation of a cross-section at the reference axis. Variable
ε and γ are extensional and shear strains, respectively, while κ represents the pseudocurvature
(flexural deformation) of the beam reference axis. N, Q and M represent equilibrium
generalized internal forces, while Nc, Qc and Mc denote constitutive generalized internal
forces. According to the given stress and strain state on the time interval i–1 and temperature
on the time interval i, the mechanical strains Di = ε i + zκ i on the time interval i of any point
in the curved beam can be calculated by the equation:

Di = Di −1 + ΔDi ,

(16)

where ΔD i is the increment of the total strains (also known as the ‘geometrical
deformations’) in the time interval i. Considering the principle of additivity of strains we end
up with the strain increment, ΔDi , as the sum of the strain increments due to temperature,
ΔDthi , stress, ΔDσi , creep, ΔDcri , and transient strains of concrete, ΔDtri :
ΔD i = ΔDthi + ΔDσi + ΔDcri + ΔDtri

(17)

For a detailed description of each strain increment, see Hozjan (2011). The novelty of the
presented mechanical model is the introduction of a new strain-based planar curved beam
finite-element, which is based on the modified principle of virtual work. For a detailed
description of the proposed model a reader is referred to Ružić (2013).
2

NUMERICAL EXAMPLE

We consider a curved RC beam exposed to the standard hydrocarbon fire curve as given in
EC1 (EC1, 2004) simulating a severe tunnel fire conditions. The curved beam is combined of
three radii R1, R2 and R3. The geometrical, cross-sectional, material, reinforcement and
loading data of the problem are shown in Fig. 1.
Other data used in the calculations are: density of concrete 2400 kg/m3, density of cement per
unit volume of concrete 300 kg/m3, initial temperature 20 oC, initial pore pressure 0.1 MPa,
initial water vapour content per unit volume of gaseous mixture 0.013 kg/m3, boundary water
vapour content per unit volume of gaseous mixture 0.104 kg/m3, initial porosity of concrete
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0.15, initial permeability of concrete 1⋅10-16 and saturation water content at room temperature
100 kg/m³.

Fig. 1 Geometrical and material properties of clamped curved RC beam
In the hygro-thermal analysis, that we present first, a one dimensional numerical model for a
characteristic cross-section of the beam is employed and a mesh consisting of 80 4-noded
isoparametric finite elements is used. Furthermore, the time interval Δ t = 0.5 s is chosen
(Hozjan et al., 2011).
The distribution of temperature over the cross-section of the beam at 10, 20 and 30 min is
presented in Fig. 2a). As expected we can notice slow heating within the concrete due to its
high heat capacity. For instance after 30 minutes of fire, temperature on the boundary is equal
to around 1000o C, while the temperature in the point of rebar position being 5cm from the
exposed surface is equal to only around 200o C. This means rebars maintain their initial
strength also after 30 minutes of fire exposure.
Fig. 2b) shows the distributions of free water content over the cross-section. As observed
from the figure we can notice that captured moisture inside the concrete beam follows the rise
of temperature to change partly into vapour while being driven by the water pressure gradient
towards the inward of the concrete beam. This driven flow of moisture can be observed in
form of increased water front where values of free water content exceed initial values, while
region right to the free water front is humid as initially. Region of increased water front
mainly occurs due to the condensation of water vapour and by dehydration of chemically
bonded water which is released in form of free water.

(a)

(b)

Fig. 2 Distribution of (a) temperature and (b) free water content over the height h of crosssection at 10, 20 and 30 min
Once the temperature variation in time and space inside a curved RC beam during fire has
been obtained, we start with the third phase of fire analysis. In what follows, we first present
the convergence tests and then the parametric studies.
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We investigated the rate of convergence of the proposed numerical method. Tests were
performed for hinged and clamped curved beam with uniform load of pR = 270 kN m . In Tab.
1 results for mid span displacement component wB (point B) of clamped beam with respect to
different ratio between the number of finite elements Nel and the degree of the interpolation
polynomial Nint are presented. We can notice a good convergence.
Tab. 1 Rate of convergence of clamped curved RC beam
Nel / Nint

8/4

16 / 4

32 / 4

64 / 4

128 / 9

wB (cm)

-2.36

-1.91

-2.12

-2.15

-2.14

10.048

10.866

1.230

0.181

0.000

Rel. er.(%)

In addition we also investigated the rate of convergence for critical time and horizontal
displacement component of point A (see Fig. 1.) which are not presented in the paper. The
results were nearly the same as in the previous convergence test. Based on these results we
decided to employ 32 finite elements with interpolation polynomial of the 4th order for
parametric study.
Tab. 2 Critical time, displacement components of points A and B
for clamped curved RC beam
Load pR (kN/m)
135
270
540
810

Nel
32
32
32
32

tcr [min]
20.75
35.97
38.89
17.04

wB [min]
-2.45
-2.12
-1.83
-1.60

uB [cm]
1.10
1.15
1.44
1.53

Tab. 3 Critical time, displacement components of points A and B for hinged curved RC beam
Load pR (kN/m)
135
270
540

Nel
32
32
32

tcr [min]
10.58
5.54
9.87

wB [min]
-3.59
-1.92
-6.98

(a) tcr = 35.97 min, pg = 270 kN/m

uA [cm]
2.34
1.64
5.37

(b) tcr = 5.54 min, pg = 270 kN/m

Fig. 3 75 times scaled deformed shape of (a) clamped and (b) hinged curved beam
at critical time
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In the following parametric study different load levels pR are considered for the observed
curved RC beam accounting for hinged and clamped boundary conditions. Results are
presented in Tab. 2 and 3 as well as in Fig. 3a) and 3b).
The presented parametric study indicates that load level and boundary conditions as well as
their coupled interaction significantly affect the stability of the curved beam exposed to
thermal loading. Deformed shape of the curved beam due to load and boundary conditions
can cause instability as the unsupported lengths of the beam sectors change in the process of
deforming.
3
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SUMMARY

We presented a new numerical model for the fire analysis of planar curved RC beams
accounting for kinematical and material non-linearity. The temperature field in concrete was
determined with a coupled model of slow transient phenomena involving heat and mass
transport and pore pressure increase in concrete. Furthermore, the strain-based non-linear
beam finite-element was involved in mechanical analysis. In the final numerical case the
presented beam formulation has been found appropriate for the thermo-mechanical analysis of
curved RC beams.
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Abstract
Welded built-up square CFT columns are widely employed in construction field thanks to
their structural efficiencies by avoiding stress concentration area and improving workability in
fabrication and maximizing the composite effect enabled by bent ribs. Although welded builtup square CFT columns have structural advantages over other members and are widely used,
they are classified as non-fireproof in Korea because the steel tubes are directly exposed to a
fire. Thus, fire coating required for the columns by the law results in inefficient design. This
study suggests welded built-up square CFT columns with reduced coating to enable improved
fire-resistance performance for 2 ~ 3 hours. The purpose of the study is to analyse their fireresistance performance using the variable of axial ratio which is the major factor in the
performance and suggest efficient functional design with reduced coating.
Keywords: intumescent paint, BS5950-8, fire-resistance, temperature distribution
INTRODUCTION
In this study, ACT columns without fire protection and fire Intumescent paint were fabricated
for loaded heating test to verify the fire resistance performance of interior anchor type
concrete filled steel tube columns.
1

BACKGROOUND OF RESEARCH

The studies on concrete filled steel tubular columns have been made since early 1990s. Due to
the rise in steel price and the development of high-strength materials, the methods to reduce
steel amount and use structural members more efficiently have been suggested. Kyongsoo
Yom suggested L-channel bending unit with rib shown in Fig 1(a) to utilize the composite
effect between the concrete and steel tube. Placing the welding joints at the centre of the 4
sides enhances workability in fabrication and avoid stress concentration area in the corner.
Fig. 1(b) shows the cross-section of the column called ‘Advanced Construction Technology
(ACT)’ column developed in 2006. Water pressure test was carried out to verify the welding
performance of the columns and evaluate the safety of their welding throat depth. In addition,
the studies on the seismic performance and structural behaviour of the columns have been
made continuously. Since the construction technology of the ACT columns was certified in
Korea in 2011, they have been used in the structures which require high axial force. Although
CFT column is recognized as a fire resistant member thanks to its thermal storage effect, it
does not provide the fire resistance performance required for high-rise buildings. In order to
deal with this shortcoming, reinforcement using steel fibre or steel bar was developed. Most
of the studies dealt with the CFT columns less than 400mm in width and those without fire
protection. Major studies on the fire resistance of CFT columns were made by the researchers
of NRCC (National Research Council of Canada) such as V. K. R Kodur(2004) and T. T. Lie
(1995,2005) and those in Fuzhou University, China led by Lin-Hai Han(2003) and sponsored
by CIDECT (Comite´ International pour le Development et l’E´ tude de la Construction
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Tubulaire). Kodur and T.T. Lie (2005) observed the thermal and dynamic characteristics of
the concrete-filled columns reinforced with steel fibre and developed the numerical approach
to forecast the fire resistance of the columns. The employment of CFT columns without fire
protection is considered for economic reasons and many studies have been made on their fireresistance performance. In order to evaluate the fire resistance performance of non-fire
protection columns and fire intumescent resistance paint, loaded heating tests were conducted
and axial deformation and in-plane temperatures were analyzed.

(a) unit member

(b) built-up square tube column

Fig. 1 ACT (Advanced Construction Technology) Column (Choi S.M 2011)
2

FIRE RESISTANCE TEST UNDER A LOAD

The columns employed in high-rise buildings should satisfy 3 hour fire resistance
requirement. However, it is difficult to secure fire resistance for 3 hours only with steel bar or
steel fibre reinforcement because high-rise buildings should deal with greater load. Therefore,
fire resistance paint was applied to the ACT columns and their fire resistance was examined.
While this method of reinforcement has advantages such as no requirement of finishing
touches after painting and easy application of the paint even to joint ends and small spaces, it
costs more than fire resistance spray or board. Therefore, thinner layer of the fire resistance
paint was applied. Tab. 1 shows the specimen details. All of the 4 columns were made of the
same steel (Fy = 325 MPa) and concrete (42.5 MPa). The variables in the test were load ratio
and thickness of intumescent coating. Tab. 1 shows the specimens and their specification. 5
thermo couples were installed to measure the temperatures and deformation of the steel and
the concrete. The test was carried out in accordance with KS-F 2257-1 standard heating curve
and equation 1 and a 1,000 ton heating furnace shown in Fig. 2(a) was used. End-plates
(800x800x40mm) were placed at the top and bottom of the specimens to place them at the
heating furnace. 6 vent holes consisting of 3 sets were made to release pressure generated in
the column. The dimension of the vent holes was 20 mm. Fig. 2(b) shows specimen details
including the location of thermo couples and vent holes.
Tab. 1 Specimens List of ACT Column
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(1)

(a) 10,000 kN heating furnace

(b) specimens details

Fig. 2 Heating furnace, specimen details and location of thermo couples

(a) painting of column

(b) boundary condition

Fig. 3 Application of fire resistance paint and boundary condition
3

CROSS SECTIONAL TEMPERATURE DISTRIBUTION

As shown in Fig. 4(a), the temperatures measured at the corners of the concrete (Specimens B
and C) rose rapidly. Temperature that measured in specimens B-2 at Concrete centre has
decreased. It is estimated that the thermocouple location in an unstable state is gradually
stabilized?. The temperatures at 1/4 point from the surface did not exceed 100 Õ as shown in
Fig. 4(b). The temperatures of the interior anchors in specimens B-1 rose rapidly from 100
minutes due to rapid contraction as shown in Fig. 4(d). Deformation was accelerated when
gaps were made between the steel tube and the concrete and interior anchors were separated
from the concrete due to the expansion of the steel tube exposed to fire.
BS5950-8 has presented simplified equation for the temperature distribution prediction.
Predicting Parameter is Fire Resistance time, cross-sectional size and steel tube thickness.
Cross-sectional depth of up to 70 mm can be predicted. If the cross-sectional depth greater
than 70 mm, can be set to a constant temperature. Simplified method using BS5950 presented
internal temperature of steel tube with 600 mm width and 10mm thickness cross-section as
shown in Fig. 5. Results are compared with experimental results. Temperature of D/4 point
(measurement depth is 150 mm) is less than 100 Õ until 60 minutes as shown in Fig. 5.
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Temperature of Concrete edge position reaches 400 Õ before 30 minutes, which is showing
similar behaviour to the experimental results.

(a) concrete corner

(b) D/4 Point (150mm)

(c) center (300mm)

(d) inner rib

Fig. 4 Cross-sectional temperature distribution of ACT columns

Fig. 5 Temperature distribution verification
4

HIGH TEMPERATURE COMPRESSIVE DEFORMATION BEHAVIOR

Fig. 6 shows the axial deformation of the specimens. The thermal expansion of the steel tubes
upon heating caused axial expansion of the specimens B and C. The deformation reached
peak in 20 minutes of heating when the furnace temperature was 600~700 Õ. Then, axial
expansion stopped and contraction deepened due to the deterioration in the load capacity of
the steel tubes and the local buckling of the tubes at their ends and the load to the exterior
tubes was transferred to the concrete and interior tubes. Therefore, specimens B and C
showed rapid contraction. The specimen with 3.5mm-thick-layer of fire resistance paint
displayed gradual axial expansion for the 180 minutes of heating and the steel tube did not
contract. As the fire resistance paint was exposed to fire, it formed fire-blocking layers. The
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layers turned white and finally became like black lumps of charcoals. Since temperature rise
was delayed, the specimen resisted fire for 180 minutes. In the specimen with 1.3mm-thicklayer of fire resistance paint, the steel tube expanded gradually and resisted fire for 170
minutes.

Fig. 6 Axial Deformation of ACT Column as Exposure Time
Tab. 2 summarizes the weight, length and width of the specimens before and after the test.
Fig. 7 shows the failure mode of the specimens at the termination of the test. The difference in
weight was the biggest in specimen B-2 because the moisture in the concrete vaporized and
the surface of the steel tubes was oxidized during the 3 hours of heating.
Tab. 2 The dimensions of Specimens before and after heating
(A: Before Heating , B : After Heating // Unit : mm or kg)
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As shown in Fig. 7, the center of the specimen with 1.3mm-thick-layer of fire resistance paint
turned black, while the 3.5mm-thick-layer of fire resistance paint swelled with tiny cracks on
it.

(a) B Type

(b) C Type

(c) B-1 Type

(d) B-2 Type

Fig. 7 Failure mode of specimens

324

(e) Tumescent depth

In the latter, the swell was about 15mm deep, indicating fire resistance duration of over 180
minutes. It is deduced that 1.8~3.5mm-thick-layer of fire resistance paint is appropriate for
economically efficient fire resistance design. Additional studies should be conducted to find
the optimal thickness of fire resistance painting. For the verification method, interpretation of
the simulation analysis between the result of the experiment and variables is needed. The
prime variable is thickness of the steel tube, since the effect of reinforced fire resistant paint in
concrete-filled steel tube and general steel tube is different. Therefore, the thickness of the
paint can differ by thermal conduction rate of the steel tube. These results could not be
included in this study, but continuous research will be in progress.
5

SUMMARY

In this study, ACT columns without fire protection and fire intumescent paint were fabricated
for loaded heating test to verify the fire resistance performance of interior anchor type CFT
columns. The conclusion of the study to enable economically efficient fire resistance design is
as follows. In the ACT specimens without fire protection, the interior anchor was exposed to
high temperatures and the fire resistance performance of the columns was deteriorated due to
thermal expansion. Since the cracks at the concrete reduced confinement effect rapidly, load
ratio should be adjusted downward to below 0.5 to secure the fire resistance duration of more
than 60 minutes. Also, the temperatures at the ACT columns reinforced with fire resistance
paint were stable and noticeably lower until 180 minutes compared with the other 2 groups of
specimens. A member with 3.5mm thickness of the fire-resistant paint has shown only axial
expansion for 180 minutes and compressive deformation has not appeared. In other words,
strength reduction by high-temperature has not happened and could get satisfying result of
three hours of fire resistant performance.
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Abstract
In this paper the thermo-mechanical behaviour of RC bridge decks strengthened with
externally bonded FRP laminates is investigated by considering environmental conditions
responsible of thermal states different from the normal ones. A parametric analysis is
performed by varying the slab thickness, the FRP reinforcing percentage, the type of fibre and
the thickness of the protection layer. The results are given in terms of ultimate bearing
capacity of the slabs, which allows individuating the conditions responsible of premature
FRP-to-concrete debonding or temperature levels greater than the glass transition temperature
of the adhesive.
Keywords: concrete slabs, FRP, fire resistance, debonding
INTRODUCTION
Fibre reinforced polymers (FRP) are composite materials successfully applied to repair and/or
strengthen RC structures. For external strengthening of reinforced concrete structures the FRP
laminates are bonded to the exterior of concrete using adhesive resins, like epoxy resins,
phenolic resins and other types, ensuring to transfer forces between the concrete and FRP
through shear stresses that develop in theadhesive layer. However, degradation of mechanical
properties of composites by variousenvironmental effects such as elevated
temperatures,moisture absorption and cycling loads is a very importantfactor in durability
predictions of composite materials(Springer, 1984 – Buggy et al, 1994). Especially, a critical
condition occurs when the glass transition temperature Tg of the polymer matrix is
achieved,determining shear capacity reduction in resin and the following fibre’s
overloading.Application of FRPs have been limited primarily to bridges, where fire is not a
primary consideration during design (Bisby et al 2005). Nevertheless, in this paper the
thermo-mechanical behaviour of RC bridge decks strengthened with externally bonded FRP
laminates is investigated by considering environmental conditions responsible of thermal
states different from the normal ones. The examined cases are: (a) bituminous paving cast in
place on a bridge deck at temperature T=180°C; (b) fire exposure over the bridge deck.
1

BEHAVIOUR OF FIBRE-REINFORCED COMPOSITES AT ELEVATED
TEMPERATURE

Several researches on thermal behaviour of FRP materials are nowadays available in the
scientific literature. In the following the main results are briefly summarised in order to
deduce basic information on the thermo-mechanical properties of the various FRPs types and
the FRP-to-concrete interface behaviour at high temperature.
1.1 Thermo-mechanical behaviour of FRPs
In order to study the behaviour of RC slabs strengthened with FRP at high temperatures it is
necessary to know the thermo-mechanical properties of the constituent materials; Eurocode 2 Part 1-2 gives the thermo-mechanical properties for concrete and steel bars, while the main
theoretical and experimental contributions concerning the behaviour of FRP composite materials
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and adhesive resins at elevated temperature are summarised in(Blontrock et al, 1999) and in
(Bisby et al, 2005). Based on experimental data assembled by (Blontrock et al, 1999).Fig. 1show
exponential best-fit curve of the temperature-dependent reduction coefficient of the tensile
strength referred to various types composites with carbon fibres and epoxy matrix. Temperaturedependent curves may be still obtained in an analogous way for the FRP elastic modulus. Finally,
the assumption of elastic-brittle constitutive law is still suitable, obviously defined by values of
tensile strength and elastic modulus reduced due to elevated temperature.
1.2 FRP to concrete bond at elevated temperature
FRP-to-concrete bond ensures to transfer the interaction forces between RC beam and external
FRP plate or sheet, assuring suitable performances of the strengthened structural member as a
whole. The interaction forces are transferred through the polymer matrix or adhesive, whose
mechanical properties deteriorate as temperature increases. In particular, loss of bond may occur if
the glass transition temperature Tg is achieved in the adhesive.
1.1
1
0.9
0.8

fu/fu(20°C)

0.7
0.6
0.5

y = 1.1676e-0.0

0.4
0.3
0.2
0.1
0
0

20

40

60

80 100 120 140 160 180 200 220 240 260 280 300 320 340 360 380 400 420 440 460

PAN-carbon+epoxy

Pitch carbon+epoxy

PAN-carbon+epoxy

Pitch carbon+epoxy

carbon+epoxy average

exponential regression

Fig. 1Temperature-dependent tensile strength
reduction of various carbon fibre composites.

Fig. 2Temperature-dependent specific
fracture energy of the bond law for normal
and heat-resistant resins.

In accordance with CNR-DT 200/2004 the maximum force transmitted by the FRP-to-concrete
interface in normal temperature condition is related to so called “specific fracture energy” īF of
the interface bond law, whose characterization can be found in (Wu at al, 2004), that provides
experimental data concerning the reduction of the specific energy fracture with the temperature.
Fig. 2 shows typical temperature-dependent reduction curves of the specific energy fracture for
normal and “heat-resistant” resins: it has to be remarked the great reduction of the interface
effectiveness, in the case of normal resins (NR) which exhibit glass transition temperatures Tg
variable in the range (60÷80°C), whereas heat-resistantresins (HR) are characterised by greater
values of Tg (100÷150°C).
1.3 Structural behaviour of FRP-strengthened concrete beams or slabs at elevated
temperature
The bond between external FRP reinforcement and concrete beam vanishes suddenly if the
member bottom is directly heated by fire, due to the low glass transition temperature of the
epoxy resins (Deuring, 1994). In the tests a similar behaviour has been observed when
conventional steel strengthening is utilised, although composite sheets without protection
behave better than steel plates without protection because of the lower heat conduction in the
fibre direction and their smaller weight. Therefore, FRP externally strengthened RC beams or
slabs need the protection with supplemental insulation in order to avoid the debonding
between FRP sheets or laminates and concrete support. Some researches are devoted to study
the performances of FRP strengthened elements protected by different insulation systems in
order to individuate the minimum requirements to obtain satisfactory performances in fire
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(Bisby et al, 2005). Obviously, if the FRP strengthening is not directly heated by fire or other
sources of heat, the performances may be better.
2

SAFETY CHECK AT ELEVATED TEMPERATURE AND DESCRIPTION OF
NUMERICAL MODEL

According to the provisions of European and Italian codes (EN1991 1-2, D.M. 14-02-08), the safety
check of structural members subjected to elevated temperature may be carried out, in strength
domain, comparing design value of the relevant effects of actions in the fire situation at time t(Efi,d,t)
with the corresponding design value of the resistance of the member in the fire situation at same
time t (Rfi,d,t):
Efi,d,tRfi,d,t

(1)

Unlike the safety checks in normal temperature conditions, in equation(1)the member resistance
decreases due to material thermal damage and the effects of actions may vary due to thermal expansions
and deformations.
The relevant effects of actions Efi,d,tfor the fire situation are obtainedfor time t=0 through the
combination of mechanical actions in accordance with EN 1990 “Basis of structural design”
for accidental design situations.The design resistance Rfi,d,tof a structural member in the fire
situation is evaluated considering the temperature-dependent reduction of the material
mechanical properties Xd,fi=KT Xk, and assuming unit partial safety factors γM,fi.
The fire resistance assessment of a structural member may be performed through
experimental tests in furnaces or applying analytical approaches. In both cases conventional
temperature-time laws of the environment may be assumed.For fires characterized mainly on
burning of oil or other substances with equivalent rate of heat release, the
“hydrocarburecurve”, is suggested by Eurocode 1 - Part 1-2. The mentioned fire curve
isrepresented inFig. 7.
The assessment of the structural member flexural resistance at elevated temperature is performed, as for
normal temperature, determining the bending moment-curvature law (M-χ; N) of the critical crosssection for the imposed value of the axial force N and the current temperature field within the section.
The numerical procedure to assess the moment-curvature law of the cross-section is explained in (Nigro
et al, 2010).
The failure of the FRP strengthened cross-section is assumed to occur when the ultimate
strain is achievedat least in one material. The temperature-dependent ultimate strains of
concrete and steel are assumed according to Eurocode 2-Part 1-2, whereas the ultimate strain
of the FRP strengthening is assumed as the strain limit for intermediate debonding suggested
inCNR-DT 200/2004 and modified according to specific energy fracture reduction shown in
Fig. 2. It has to be remarked that if the temperature Ti in the adhesive layer exceeds the glass
transition temperature Tg of the epoxy resin, the FRP strengthening may be considered loss,
but the structural member keeps the residual resistance as a simple RC member.
The hypothesis of decoupling the thermal behaviour of the materials from the mechanical behaviour is
the basis of the Fourier equation for the study of the heat propagation within solid bodies and may be
usually accepted.
In most practical cases the thermal field may be considered as uniform along the member axis,
therefore the actual 3D thermal problem can be reducedto more manageable 2D or 1D
problems. Due to the variability of the material thermal properties with the temperature
(thermal conductivity, specific heat, density), a numerical solution of the heat transfer
problem has to be performed; in the paper the finite element method is used by means of
FIRES-T3 computer program in whichthe heat transfer on the boundary may be assumed to
occur through a combination of radiation and convection, linearly or non-linearly modelled.
According to usual FEM approach, the slab or beam cross-section is divided into a sufficient
number of layers or elements and in each one the temperature is assumed as uniform and
equal to that of its centroid. Each element is characterised by specific thermal properties,
different from that of other elements and variable depending on its temperature. In particular,
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thermal analyses are performed by considering concrete thermal proprieties in accordance
with EN1992-1-2, whereas FRP thermal properties are defined in (Weidenfeller et al, 2003)
and in (Sweeting et al, 2004).
For the considered time of exposure to prescribed environment conditions (fire or others), the
thermal analysis gives the thermal field in the cross-section. A specific stress-strain law
(σ−ε;Ti), which is a function of the local temperature and takes into account the variation of
the material mechanical properties with the temperature, can be linked to every element of the
mesh into which the section has been divided. Obviously different types of constitutive law
are employed for concrete, steel rebars and FRP strengthening.
3

PARAMETRIC ANALYSES

The thermo-mechanical behaviour of RC bridge decks strengthened with externally bonded
FRP laminates is investigated by considering environmental conditions responsible of thermal
states different from the normal ones. As already said, the examined cases are:
a) Maintenance of bituminous paving, cast in place on a bridge deck at temperature T=180°C;
b) Accidental situation, resulting in afire exposure over the bridge deck.
The performed applications concern RC bridge slabs 15 or 20 cm thick, symmetrically
reinforced with steel bars (the reinforcement percentages at top or bottom side are equal to 1%
of the concrete area). The slabs are externally strengthened with C-FRP; laminates or fabrics;
positive or negative bending moment strengthening and different strengthening amounts. A
typical bituminous paving 8 cm thick is considered over the RC slab. The one-dimensional
analysis, carried out through FEM approach, is obviously exact if a continuous FRP
strengthening is used. Due to the slight influence of the FRP laminates on the heat transfer,
also when discrete FRP plates or strips are employed (Fig. 4-Fig. 5), the difference in terms of
temperature at representative points is negligible.

Fig. 3Slab discretization

Fig. 4RC slab strengthened to
positive bending moment

Fig. 5RC slab strengthened to
negative bending moment

a) Maintenance of bituminous paving, cast in place on a bridge deck at temperature
T=180 C
The realization of a bituminous paving on a bridge deck represents a periodic maintenance
operation. The cast in situ is carried out at about 180°C, therefore some significant reduction of
safety may arise in the RC slab externally strengthened with FRP. Two schemes of FRP external
strengthening are considered: bottom side strengthened slab in the sagging moment zones of
continuous or simply supported schemes (Fig. 4); top side strengthened slab in the hogging
moment zones of continuous schemes (Fig. 5). For the thermal analysis also the bituminous
paving is modelled with appropriate thermal properties; initial temperature conditions
T(t=0)=180°C are assumed within the paving thickness. Two situations of environment
temperature are considered: Te=25°C and Te=35°C.
Based on the performed thermal analyses, Fig. 6shows the curves of the time-dependent
temperature which arises in the FRP strengthening on the slab bottom side after bituminous
paving laid at time t=0. It is possible to remark that in all the examined cases the maximum
temperature is always lower than the glass transition temperature Tg of normal adhesive resins.
Moreover, due to the particular heat transfer, the temperature peak occurs some hours after the
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paving realization. The obtained results are quite not-dependent on the bituminous mix, which
changes mainly the time of maximum temperature.
The safety check of the strengthened slab considering the temperature variation in the
materials is summarized inTab. 1, where MEd is the design bending moment in the normal
conditions (assumed equal to the “cold” resistant moment MRd at ULS), MEd,fi= Șfi MEd is the
design bending moment for the considered situation, and MRd,t is the resistant moment at ULS
of the cross section taking account of the strength reduction due to elevated temperature. The
table shows that the safety control (MEd,fiMRd,t) is always satisfied in the examined cases.If
the design level Șfi tends to 1, the check control may become critical in the case of small
thickness slab and normal adhesive resin, which exhibits a greater resistance reduction of the
strengthened slab.
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Fig. 6: Time-dependent temperature in resin and FRP strengthening on
the bottom side.
When a bridge slab is strengthened with FRP plate or sheets on the top side for negative
bending moment (Fig. 5), a protective cover needs to avoid damages in the FRP strengthening
during the maintenance operations, as the demolition of the old road surface. The protective
layer is required to have a good resistance to abrasion and concentrated loads and, if possible,
to ensure also some thermal insulation. In the numerical applications a protective layer of
concrete is considered. For the purpose of a parametric analysis, four different thicknesses
variable from 1 to 4 cm are considered.
The thermal analyses show that the maximum temperature values in the FRP strengthening
reaches about 85°C in the case of 1cm concrete protective layer. The maximum temperature
decreases to about 65°C for a thickness of 4 cm. Therefore, the realization of a bituminous
paving may lead to overcome the glass transition temperature Tg of normal adhesive resins.
The safety check of the strengthened slab considering the temperature variation in the
materials is not satisfied for the considered cases if a normal adhesive resin is utilised, due to
the great reduction of the specific fracture energy and, consequently, of the FRP strain limit
for intermediate debonding (see Fig. 2).
Only in the case of 4-cm thick layer the temperature in the FRP-to-concrete interface is lower than
the expected glass transition temperature Tg of a normal resin. However, also in this case the
significant reduction of the resistant moment at ULS, when normal resins are utilised, leads to a lack
of safety with reference to the usual design level Șfi = 0.7 for elevated temperature (see
Tab. 2). On the contrary, if a “heat-resistant” resin is employed, the safety check is satisfied with Șfi
values greater than 0.7.
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Tab. 1: Safety check of the slab in positive moment region
(maintenance of the bituminous paving).
Normal resin
Thickness
cm
15
20

N° lam/m
\
2
2

b lamina
mm
100
100

ηfi
\
0.7
0.7

MEd
kNm
69.75
128.32

MEd,fi
kNm
48.83
89.92

MRd,t
kNm
63.62
142.84

High resistant
resin
MRd,t
kNm
78.65
147.86

Tab. 2: Safety check of the slab in negative moment region
(maintenance of the bituminous paving - s3cm).
Thickness
cm
15

N° lam/m
\
2

b lamina
mm
100

ηfi
\
0.7

MEd
kNm
69.75

MEd,fi
kNm
48.83

Normal resin
MRd,t
kNm
37.43

High resistantresin
MRd,t
kNm
57.94

Tab. 3: Safety check of the slab in negative moment region
(maintenance of the bituminous paving - s=4cm).
Thickness
cm
15

N° lam/m
\
2

b lamina
mm
100

ηfi
\
0.7

MEd
kNm
69.75

MEd,fi
kNm
48.83

Normal resin
MRd,t
kNm
45.64

High resistantresin
MRd,t
kNm
61.94

In conclusion, for slabs with FRP strengthening on the top side the use of “heat resistant”
resins is necessary in order to avoid the achievement of the glass transition temperature in the
same resins and satisfy the safety check in the presence of maintenance operations on
bituminous paving. A protective layer of concrete is however necessary in order to avoid
damages in the FRP strengthening and reduce the temperature in the structural materials.
b) Accidental situation, resulting in a fire exposure over the bridge deck.
A fire event over the bridge deck may occur because of a vehicular accident. For a bridge slab
strengthened with FRP plate or sheets on the bottom side, the numerical analyses show that
temperature in FRP and resin (Fig. 8) are generally lower than 60°C.When the FRP
strengthening is on the top side of the RC slab, the maximum temperature at FRP-to-concrete
interface exceeds generally the glass transition temperature of normal and heat-resistant resins,
despite the thermal insulation provided by the road surface and the protection layer. The intersection
between the assumed glass transition temperature Tg of the adhesive resin and the time-dependent
temperature curves allows determining the maximum fire exposure time for the considered
protection thicknesses (see Fig. 9a for normal resins and Fig. 9b for heat-resistant resins). It has to be
remarked the significant role played by the thickness of the protection layer, which leads to greater
fire exposure times.
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Fig. 9: Temperature in FRP on the top side (a) normal (b) heat-resistant resins
4

CONCLUSION

The paper focused on performing a parametric analysis concerning the behaviour of RC bridge slabs
externally strengthened with FRP in the presence of environmental situations responsible of
elevated temperatures. In the case of bituminous paving realization, the analyses point out that the
use of “heat resistant” adhesive resins is necessary with the aim of preventing the achievement of
the glass transition temperature, if the strengthening is located on the top side of the slab. A
protective layer of concrete is moreover required in order to avoid damages in the FRP
strengthening. For strengthening on the bottom side, if the design level Șfi tends to 1, the safety
check may become critical in the case of small thickness slab and normal adhesive resin, which
exhibits a greater resistance reduction of the strengthened slab. In the case of fire event over the
bridge deck and strengthening on the bottom side, the conclusions are quite similar to the ones of the
previous environmental situation. If the strengthening is located on the top side of the slab, the use
of “heat resistant” resins is recommended in order to increase the maximum time of fire exposure
which prevents the achievement of the glass transition temperature in the adhesive resin.
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Abstract
Structural engineers are in need of analytical methods to assess the performance of Reinforced
Concrete (RC) frames during fire events. Existing numerical methods require extensive
knowledge of heat transfer calculations and the finite element method. This paper proposes a
practical approach to track the fire performance of indeterminate RC frames during ASTME119 and ISO 834 standard fires exposure. The proposed method utilizes a finite difference
method to predict the temperature distribution within the section of the RC frame. The
predicted elevated temperatures are then used to conduct a sectional analysis. The effective
flexural and axial stiffnesses are evaluated and used to predict the overall behavior of the
structure during fire. The proposed approach is validated by comparing its predictions with
analytical results by others.
Keywords: concrete, fire, elevated temperatures, sectional analysis, indeterminate structures,
thermal restraint.
INTRODUCTION
Fire initiates when combustible materials ignite. Then, it spreads horizontally and/or vertically
depending on the compartment boundaries. A temperature gradient is generated through
exposed RC elements. These elevated temperatures cause the element’s stiffness to degrade
and produce thermal deformations. Structural fire safety of RC structures is currently
evaluated based on the fire ratings of single elements, i.e. columns, beams, walls, and slabs.
However, the overall behavior of the structure during a fire should be assessed to ensure the
safety of the occupants and the fire fighters during evacuation.
Fire testing is the most reliable approach to assess the fire endurance of a structure but its use
for concrete frames is very limited. This is mainly because of its cost, which makes it
unsuitable for regular design. Finite Element (FE) tools are very powerful and capable of
analyzing RC structures during fire events. Drawbacks of using the FE method including: the
need for a comprehensive computer program, the difficulty to comprehend its results and to
identify potential modeling errors, and the long running time make it impractical for design
engineers. This paper provides engineers with a practical approach to predict the fire response
of statically determinate or indeterminate RC frames. The proposed method extends the work
done by El-Fitiany and Youssef, 2009 that proposed a one-dimensional (1D) sectional
analysis method to predict the flexural behavior of the heated section at different axial load
levels (¥).
1

PROPOSED METHOD

For a given fire duration, the proposed method can be applied using the following steps:
1.
2.
3.

determining of an equivalent one-dimensional average temperature distribution for the
cross-section of the heated elements.
identifying the needed constitutive models for the heated elements.
predicting the unrestrained thermal deformations for the heated elements.
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4.
5.

6.

evaluating the flexural and axial stiffnesses of the heated elements based on their axial
forces and moments.
Analyzing the fire-exposed frame under the effect of the applied loads while accounting
for the thermal deformations using linear elastic analysis. The flexural and axial
stiffnesses obtained in step 4 are utilized in this step. The moments and axial forces are
redistributed based on the assigned stiffness values.
Recalculating the flexural and axial stiffnesses in step 4 for the revised moments and
axial forces obtained in step 5.

Steps 4, 5, and 6 are repeated until the change in the obtained axial forces and moments is less
than an assumed tolerance. The following sections explain these steps.
2

AVERAGE TEMPERATURE CALCULATION

At specific fire duration, a heat transfer analysis is conducted to predict the temperature
distribution using the Finite Difference Method (FDM) (Lie et al, 1992). The cross-section is
then divided into horizontal layers and an average temperature Ö× is calculated for each
layer. Ö× represents the algebraic average temperature, in Õ, of the elements within each
layer and is suitable for calculating the thermal and transient creep strains as they are
temperature dependent (El-Fitiany and Youssef, 2009).
3

CONCRETE AND STEEL CONSTITUTIVE RELATIONSHIPS

Fire temperature reduces the mechanical properties of concrete and steel. It also induces new
strains, i.e. thermal and transient creep strains. The following sub-sections provide a brief
summary of the concrete and steel models used in this paper.
3.1 Concrete Strains
The total concrete strain at elevated temperatures (¡) is composed of three terms: unrestrained
thermal strain (¡Ø+ ), instantaneous stress related strain (¡Ò+ ), and transient creep strain (¡
+++ ).
The total strain is given by Eq. (1).
¡  + ¡Ø+ , + ¡Ò+ , ¡+
+++

(1)

The free thermal strain, ¡Ø , is a strain resulting from fire temperature and can be predicted
using the Eurocode 2 model for siliceous and carbonate concretes.
The value of the instantaneous stress-related strain (¡Ò+ ) at the peak compressive stress ( Ù Ò ),
i.e. ¡+ , defines the stress-strain relationship during fire exposure. For loaded concrete, the
effect of elevated temperatures on ¡+ is negligible. The variation of ¡ , ¡ with fire
temperature is proposed by Eurocode 2. A linear relationship, Eq. (2), is chosen to represent
the Eurocode 2 recommendation. Such a relationship simplifies the sectional analysis and
results in good prediction of the flexural and axial stiffnesses.
¡ , ¡  FM Ú !'¤ +Ö×

+V!+Õ+ # Ö× " !!+Õ

(2)

3.2 Concrete Ultimate Strain
Concrete ultimate strain is the strain at which concrete crushing occurs. Elevated temperatures
increase this strain. Eurocode 2 proposes a linear relationship between ¡Û and Ö× . This
relationship can be represented by Eq. (3). ¡Û is defined in Eurocode 2 as the strain
corresponding to zero compression stress. The difference between ¡Û and ¡ , ¡ is
constant and equal to 0.02.
¡Û  FM Ú !'¤ +Ö× , Ü¡  ¡ , ¡ , !F!
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(3)

3.3 Concrete Compressive Strength
Concrete compressive strength experiences significant degradation at elevated temperatures.
Eurocode 2 predicts the reduced compressive strength ( Ù Ò ) for siliceous and carbonate
concretes as a ratio from its ambient value ( Ù Ò ). The reduction in  Ù Ò for siliceous concrete
is represented by Eq. (4), as it allows reaching closed form solution for flexural stiffness.
 Ù Ò Ý Ù Ò  F{^ Ú !'| +Ö× O

W Ú !'Ó +Ö×  , FM Ú !' +Ö× , F!!

(4)

3.4 Concrete Stress-Strain Relationships
A general and simple approach to estimate the Ò + ¡Ò descending branch is proposed by
Eurocode 2 and represented by Eq. (5). Eqs. (2) and (4) are used to calculate (¡ , ¡ ) and
 Ù Ò ¢ Ù Ò , respectively.
Ò   Ù Ò +Þ 
ß
  Ù Ò +å

ßÏe
àe áßâã

ßæe 'ßÏe
JFJ



ß

ßÏe
àe áßâã



 ä+++++++++++++++++++++++++++++++++++++¡Ò " ¡ , ¡ 

ç++++++++++++++++++++++++++++++++++++++++¡ , ¡  # + ¡Ò " ¡Û

(5a)
(5b)

3.5 Steel Stress-Strain Relationships
The model proposed by Lie et al (1992), is used to predict the reduced yield strength of
reinforcing bars (¬ ) and the stress-strain (5 ¡5 ) relationship.
4

PREDICTION OF THE UNRESTRAINED DEFORMATION

A sectional analysis approach suitable for the analysis of rectangular RC beams at elevated
temperatures was proposed by El-Fitiany and Youssef, 2009. Fig. 1a shows the fiber model of
a typical RC cross-section subjected to fire from three faces. The average temperature (Ö× )
distribution, Fig. 1b, can be calculated using the Finite Difference Method (FDM). Ö×
induces thermal strains that can be evaluated using the following method:
1. The nonlinear thermal strain (¡Ø ) distribution, Fig. 1g, is calculated using Ö× . The
thermal strain of steel bars is calculated based on the elevated temperature at their locations.
2. ¡Ø is then converted to an equivalent linear thermal strain (¡),
Ø Fig. 1d, by considering
self-equilibrium of internal thermal forces in concrete and steel layers. ¡
Ø is represented by
the value of the center axial strain (¡$ ) and the curvature (è$ ). ¡$ and è$ define the
unrestrained thermal deformation of a heated section.
3. Fig. 1f shows the differences between the equivalent linear and nonlinear thermal strains,
which represent the self-induced thermal strains (¡5 ). These strains are assigned as initial
strains for the concrete and steel when calculating the flexural and axial stiffnesses. The
following sections present a simplified approach to calculate ¡5 using the predicted Ö×
distribution and material models presented earlier in this paper.
4. Fig. 1f shows the differences between the equivalent linear and nonlinear thermal strains,
which represent the self-induced thermal strains (¡5 ). These strains are assigned as initial
strains for the concrete and steel when calculating the flexural and axial stiffnesses. The
following sections present a simplified approach to calculate ¡5 using the predicted Ö×
distribution and material models presented earlier in this paper.
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Fig. 1 Sectional analysis approach for heated RC sections
5

EVALUATION OF THE FLEXURAL AND AXIAL STIFFNESSES

Fig. 1a shows the applied axial force (ïññ ) and moment (ðññ ) on a RC section exposed to
fire from three faces. The use of sectional analysis to evaluate the flexural and axial
stiffnesses for this section involves the following steps:
1. The self-induced thermal strains (¡5 ), calculated in the previous section, are assigned as
initial strains for the concrete and steel to model the corresponding self-induced selfequilibrating thermal stresses. The terms ¡5+ , ¡Ò+ , and ¡+
+++ are lumped into an equivalent
mechanical strain ¡Ò , Eq. (6).
¡  + 
¡Ø + , [¡5+ , + ¡Ò+ , ¡+

Ø + , ¡Ò+
+++ \  ¡

(6)

2. For assumed values of ¡Ò+ at the center of the section and èÒ+ , the internal stresses in the
concrete and steel are evaluated. The corresponding internal axial forces are then calculated.
To satisfy equilibrium between the calculated internal forces and the external loads, i.e. ïññ
and ðññ , iterations are executed by changing the values of center ¡Ò+ and èÒ+ . This process
can repeated for different values of ðññ . A typical relationship between èÒ+ and ðññ , for a
constant ïññ , is sketched in Fig. 2.
3. The secant slope of the+ðò èÒ+ diagram represents the section’s effective flexural
stiffness (3ó¿%% ) at ðññ (El-Fitainy and Youssef, 2012). The corresponding effective axial
stiffness (3Z¿%% ) equals to ïññ divided by the center axial strain (¡Ò ).
As shown in Fig. 2, heating RC sections from the bottom face and the two sides cause the
bottom concrete fibers to thermally expand more than the top concrete fibers and results in
è$+ . The acting moment induces a mechanical curvature (+èÒ+ ), which is either added to or
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deducted from è$+ . As shown in Fig. 2a, a positive (sagging) moment induces a curvature that
adds to the initial curvature. For negative (hogging) moments, compression stresses are
applied on the bottom fibers. Curvature caused by these stresses opposes the initial curvature,
Fig. 2b.
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Fig. 2 (ð)–(è) diagrams for RC sections during fire
For a specific fire duration, the effect of thermal strain on the ð–è relationship is not
governed by ðññ . It represents the unrestrained/free thermal expansion of the unloaded
concrete element and results in shifting the ð–è and diagram by a value è$ , Fig. 2.
Consequently, the total curvature (è) is the sum of the unrestrained thermal curvature (è$+ )
and the mechanical curvature (+èÒ+ ) and can be expressed in terms of the effective stiffness
(3ó¿%%+ ) as follows.
è  +++ è$+ + , + ðññ Ý3ó¿%%

(7a)

Similarly, the total center axial strain (¡) is the sum of the unrestrained thermal strain (¡$+ ) and
the center mechanical strain (¡Ò+ ) and can be expressed in terms of the effective axial
stiffness (3Z¿%%+ ) as follows.
¡  +++ ¡$+ + , + ïññ Ý3Z¿%%

(7b)

The following sections present a simplified approach to calculate 3ó¿%% and 3Z¿%% using the
predicted Ö× distribution and material models presented earlier in this paper.
6

VALIDATION CASE (IDING ET AL., 1977)

Iding et al, 1977 has analytically investigated the behavior of RC frames during fire exposure.
Fig. 3 shows a schematic of a single bay RC frame analyzed using FIRES-RC II, a
comprehensive FE software developed at University of California, Berkeley. The beam and
column dimensions are WMM+ôô+ Ú +{ +ôô. The frame was exposed to a F!+ì of ASTME119 standard fire over its entire length while supporting the vertical loads shown in Fig. 3.
The frame was analyzed assuming siliceous concrete and a compressive strength of
{F^+ðï*. The yield strength of the reinforcing bars was {MFV+ðï*.
This frame is analyzed using an elastic FE software SAP2000, and analyzed using the
degraded flexural and axial stiffnesses. The effect of thermal expansion is considered by
modeling ¡$ and è$ as an induced deformation for all fire-exposed RC members. The
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predicted deformed shape is shown in Fig. 3. A good match is found between the proposed
method and the nonlinear FIRES-RC II FE software. The difference in deformations can be
due to using different material models.
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Fig. 3 Layout for a RC frame exposed to ASTM-E119 fire [Dims in ôô, loads in ]
7

SUMMARY AND ACKNOWLEDGMENT

The overall behavior of RC framed structures is studied in this paper. A practical approach
based on superimposing the effects of thermal expansion and material degradation is
introduced. The nonlinear thermal expansion is converted to an equivalent uniform thermal
distribution, which can be represented by the unrestrained thermal axial strain ¡$ and
curvature è$ . The degradation effect in material strength is considered by accounting for the
reduction in the effective flexural and axial stiffnesses, 3ó¿%% and 3Z¿%% , respectively. The
proposed method is validated by comparing its results with a case study for a single storey RC
frame analyzed by Iding et al, 1977. A good agreement is found between the finite element
method predictions and the results of the proposed method for both case studies.
This research was funded by the Natural Sciences and Engineering Research Council of
Canada.
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Abstract
This study examines the influence of automobile fire in a car park on concrete parts of the
structure. In 2009, a series of full-scale fire experiments in open air was conducted, including
the fire in automobile interior and its influence onto a vehicle in its vicinity. We performed a
set of simulations of this scenario, using the NIST FDS system, version 5.5.3. Comparison
with experimental data confirmed the simulation reliability. In this paper, we use material
properties of car interior materials established by our research to simulate a car fire in a small
part of car park containing two burning cars and its influence on concrete ceiling and a pillar
in the vicinity of the cars. We use here the calculation with 48 and more MPI processes to
evaluate the ability of high performance computing to solve problems of structural fire safety.
Keywords: computer simulation, automobile fire, car park, parallel calculation
INTRODUCTION
A danger of fires in car parks and other transportation structures is still actual. Flames,
radiation, smoke and other toxic fire products constitute a direct threat for human lives.
However, there is another danger caused by fire, which endangers both people and property.
Structures can suffer from intensive fires with long duration and their destruction could lead
to severe damages.
This article is focused on support, which can be provided to fire safety precautions by
computer fire simulation. Prediction of the fire behaviour and its impact on structure can be
an important part of such precautions. Recently, various fire simulation systems have brought
the possibility to use computer fire simulation to better understand the dynamics of such fires
and enrich results of full-scale fire experiments, which are usually expensive and less flexible
with respect to the change of scenario parameters (Heinisuo et al, 2012). We examine the
influence of automobile fire in a car park on some concrete parts of the structure. In 2009, a
series of full-scale fire experiments with several cars in open air was conducted in testing
facilities of Fire Protection College of Ministry of Interior of the Slovak Republic in Povazsky
Chlmec. These experiments included a fire in car interior and its influence onto a vehicle in its
vicinity.
We performed a set of sequential and parallel simulations of this scenario using the NIST
FDS simulation system, version 5.5.3 (McGrattan et al, 2009). The simulation results
compared with the experimental data confirmed the simulation reliability and significant
performance increase of parallel computation. In this paper, we use material properties of
dominant flamable materials in car interior established by our research to simulate car fire in a
small part of a car park containing two burning cars and its influence on concrete ceiling,
pillar and joist in the vicinity of the cars. The computational domain does not include walls.
As our previous research (Weisenpacher et al, 2012) has confirmed the reliability of parallel
FDS simulation, we use here cluster computation with 48 and 72 MPI processes to evaluate
the ability of high performance computing to solve problems of structural fire behaviour.
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1

FULL-SCALE EXPERIMENT OF AUTOMOBILE INTERIOR FIRE

The full-scale experiment of automobile interior fire and its spread onto another near standing
car (Fig. 1 and 2) was carried out in November 2009 in Povazsky Chlmec (Svetlik, 2010,
Polednak, 2010). We used new functional automobile Kia Cee'd with only slightly damaged
passenger compartment (scorched driver's seat). The right front and left rear side windows
were broken in order to increase the oxygen supply. The second automobile, an older model
of BMW, was located lengthwise in the 50 cm distance. Three thermocouples were used to
detect the gas temperature: in the interior of the first automobile above the driver's seat, above
the roof and in the luggage compartment. One thermocouple was located at the BMW bonnet
side. The fire behaviour observations were recorded by digital cameras and an infra-red
camera. The fire was ignited by burning of a small amount of gasoline (about 10 ml) poured
onto a cloth placed onto the back seat behind the Kia driver's seat (under the broken window).

Fig. 1 Ignition of experimental fire

Fig. 2 Experimental fire behaviour

After several dozens of seconds, the fire became visibly more intensive and after 2 minutes
the whole passenger compartment started to burn and flames reached over the roof through
the broken windows. During the next minutes, the rest of the windows were broken and the
temperature inside the interior reached the value of 1000 °C. After 7 minutes, a rubber sealing
of the nearest BMW window ignited. After 12 minutes the fire was suppressed.
2

FDS SIMULATION OF EXPERIMENTAL SCENARIO

We created an FDS model of the fire scenario including both tested automobiles (see Fig. 3).
composed of aluminium alloy sheets, rubber tyres and glass windows. The first automobile
also included interior equipment such as seats, dashboard with a wheel and interior lining.
The second automobile model included the window rubber sealing in the location, where
ignition occurred during the experiment. We used table values for standard material properties
such as parameters of aluminium and rubber, and some parameters from (Andreini et al,
2011) for two interior equipment materials ('UPHOLSTERY' for seats and 'PLASTIC' for
other equipment) as their first approximation. Finally, we obtained realistic fire behaviour of
simulated fire for the parameters given by Tab. 1.
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Fig. 3 Automobile interior model

Fig. 4 Simulated fire behaviour

Tab. 1 Optimised properties of car interior materials
Type of Material
'UPHOLSTERY'
'PLASTIC'

Tign [°C]
370
440

Hv [kJ.kg-3]
4000
4000

HRRPUA [kW.m-2]
200
250

ȡ [kg.m-3]
80
930

The size of computational domain was 576 x 486 x 240 cm. For the 3 cm mesh resolution, the
simulation included 192 x 162 x 80 cells (2,488,320 cells). Qualitative behaviour of the
simulated fire was very similar to the fire observed during the experiment (see Fig. 4).
Simulation is described in detail in (Weisenpacher et al, 2012). We can conclude that the
temperature in the car interior, which was the most important for the results reliability
confirmation, was in very good agreement with experimental measurements. The results for
exterior thermocouples were less satisfactory. Our results also agree with the main
conclusions of the paper (Okamoto et al, 2009), in which the 3 MW HRR peak and 1000 °C
interior temperature peak after flashover in the passenger compartment were observed as well
as the influence of the windows breakage on burning behaviour, which was also an important
factor of our simulation.
3

FDS SIMULATION OF CAR PARK FIRE

The simulation described in the previous chapter validated the FDS model of scenario in
which two cars with elaborated interior equipment are dominant source of fire. An important
question connected with this scenario is what would be the impact of such fire on concrete
construction of the car park. We elaborated a scenario of car fire in a small part of a car park
containing two burning cars. The computational domain did not include car park walls
(boundary condition 'OPEN'), only the concrete floor, ceiling and a pillar and joist in the
vicinity of the second car. The computational domain size was 864 x 864 x 300 cm with the 3
cm mesh resolution. The simulation included 288 x 288 x 100 cells (8,294,400 cells). As the
previous simulation confirmed the reliability of parallel simulations up to approximately 100
MPI processes, the domain was decomposed to 48 and 72 meshes, each of them assigned to
specific CPU core. The source of fire (27 x 27 cm area with 1000 kW HRRPUA) was placed
on driver seat, under the broken front left window. The simulation included 45 minutes of
fire. The HRR was increasing after windows of the first car were broken and fire afflicted
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Fig. 5 Simulation configuration: mutual position of automobiles

Fig. 6 Fire behaviour at the 372nd second

Fig. 7 Fire behaviour at the 1000th second
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Fig. 9 Concrete heat fluxes behaviour

3000

the second car, until it reached approximately 6 MW at the 15th minute and then it dropped
slightly and stabilised above 4 MW. The most important devices measuring temperature and
heat flux were placed on the ceiling, pillar and joist (see. Figs. 5-7). These quantities as well
as HRR behaviour can be seen in Figures 8-13. Some parameters characterising the fire
behaviour and simulation performance are presented in Tab. 2. As some uncertainty
concerning material properties of main materials must be taken into account, we performed
also a simulation in which the 350 kW HRRPUA for both materials was used. In this
simulation, significantly higher HRR was achieved (see Fig. 11).
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Fig. 13 Heat fluxes of different simulations

Tab. 2 Simulation results and calculations performance. tFL1 and tFL1 is time of flashover of
the1st and 2nd car interior, respectively, tIGN is the time of the 2nd car bodywork ignition, Tceil,max
is the maximal ceiling temperature, tceil,max is the time in which this temperature was achieved
and Tj1700 and qj1700 is the temperature and heat flux of concrete joist at 1700th second.
48M
72M
48M, 350

tFL1 [s]
28
28
20

tIGN [s]
224
233
180

tFL2 [s]
548
553
403

Tceil,max [°C]
367
371
448
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tceil,max [s]
861
862
792

Tj1700 [°C] qj1700 [kW.m-2]
254
5-6
255
5-6
338
7-8

3

SUMMARY

The simulations results suggest, that car fire of such extent as was considered in the
simulation does not constitute any critical threat for construction stability, which is in
accordance with (Zhao et al, 2004). However, the simulations results are strongly dependent
on material properties, especially on HRRPUA of interior equipment materials. Further
research is required to refine these values in order to increase the simulations reliability.
Moreover, the more detailed model of the complete car, not only the passenger compartment
is needed to obtain more realistic fire behaviour during the whole period of fire (see the fire
behaviour after the 1200th second in Fig. 10). Nevertheless, our simulation demonstrated
potential of the FDS computer simulation to contribute to solving problems connected with
structural fires even in very complex fire scenarios.
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TEMPERATURE ANALYSIS OF LIGHTWEIGHT AGGREGATE
CONCRETE SLAB MEMBERS AT ELEVATED TEMPERATURES FOR
PREDICTING FIRE RESISTANCE
Michal Hora a, Radek Štefan a, Jaroslav Procházka a
a

Department of Concrete and Masonry Structures, Faculty of Civil Engineering, Czech Technical University in
Prague, Czech Republic

Abstract
This paper is focused on lightweight aggregate concrete with expanded clay and its issues
according to fire resistance. The procedures and recommendations for the calculation of fire
resistance of lightweight aggregate concrete structures are presented. These procedures are
based on nowadays methods for normal-weight concrete structures. These methods are
modified in order to cover specific parameters and properties of lightweight concrete
structures.
Keywords: lightweight concrete, expanded clay, fire resistance, elevated temperatures,
transient heat, specific heat, thermal conductivity
INTRODUCTION
Lightweight aggregate concrete (LWAC) has several advantages in comparison to normalweight concrete (NWC). The most obvious one is lower bulk density and corresponding lower
dead load of a construction. That can result in smaller cross-section of construction elements.
In addition, cutting down transportation costs for precast elements is also a benefit. The lower
bulk density corresponds with the lower thermal conductivity as well. This ability makes
LWAC more suitable for heat insulating constructions as façade walls and precast panels. The
most common use of in-situ pumping LWAC is for composite steel and concrete structures,
especially for high-rise buildings when lesser loading for columns is needed.
These advantages are also disadvantages from another point of view. LWAC has higher
porosity. It can result in higher absorbing capacity of water and lower compressive strength.
Fire resistance of a structural member made of LWAC is mainly affected by parameters such
as free water content, permeability, porosity of microstructure, coefficient of thermal
expansion between cement paste and aggregate. Free water content accelerates pore pressure
in concrete at elevated temperatures for instance. Together with low permeability, it can result
in spalling phenomena0.
This paper presents a numerical model of transient heat transport. The model is based on
elementary thermo-dynamics equations to predict temperature profile of cross-section of a
slab element during fire. Temperature profile of concrete is influenced by these material
characteristics: bulk density, thermal conductivity, specific heat. Data for these characteristics
(Constitutive relations-Models of material characteristics) are based on the fire test of the
LWAC precast panels, several cited papers, literature and standards (Euro codes, ACI, BS).
Fire resistance of LWAC panels is calculated with implementation of the assembled material
models. Then comparison between the NWC and LWC is carried out.
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1

FIRE RESISTANCE OF LWAC WITH EXPANDED CLAY AGGREGATESTATE OF THE ART

There are several theories declaring fire resistance of LWAC is higher than NWC. These
theories are based on the following three main statements.
•
•

•

2

The first statement is that LWAC is less heat conductive than NWC. Therefore, gradient
of temperature profile of cross-section is higher. This is caused by aggregate that is more
porous.
The second one is modul of elasticity. The modul of elasticity of expanded clay
aggregates are similar to the modul of elasticity of hardened cement paste. That is a result
of high temperature during manufacturing expanded clay aggregates that could exceed
1100°C. That temperature is similar to sintering temperature of cement. Therefore,
LWAC with expanded clay aggregates is more compact under loading condition due to
lower micro-cracking on the contact zone between lightweight aggregate and cement
paste.
The last statement is also derived from similar manufacturing temperature of cement and
aggregate. Due to high temperature during manufacturing, expanded clay is more stable
at elevated temperatures. Thus the coefficient of thermal expansion between a cement
paste and aggregate is also similar.
FIRE TEST OF LWAC PRECAST PANELS

Many of further studies and assumptions are based on the fire tests of LWAC with expanded
clay aggregate that were done in Czech Republic. The purpose of the fire test was to
determine fire resistance of LWAC precast panels made of L25/28-D1,6 concrete (according
to EN 1365-2:2000 and EN 1363-1:2000 ). The scheme of the test is in Fig. 1.

Fig. 1 Scheme of the fire test
Before the fire test was done, basic material characteristics had been measured (bulk density,
moisture content, thermal conductivity). Those material characteristics are essential for
further determination of material models at elevated temperatures and for simulation of
behaviour LWAC panels at elevated temperatures. Temperatures on the unexposed side and
deformation were measured during the fire test.
3 CONSTITUTIVE RELATIONS-MODELS OF MATERIAL CHARACTERISTICS
Generally, the temperature profile of cross-section of a construction is affected by three
material characteristics: bulk density, specific heat and thermal conductivity. All of these
characteristics are temperature and moisture dependent. Temperature is solved by numerical
solution of transient heat. Development of moisture content during fire is indirectly
implemented into material models. This approach brings simplification and there is no need to
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solve a hydrothermal model of coupled temperature and moisture transport. In addition, less
data of material characteristics are needed. Only data needed are the ones that have been
measured on dry samples and samples with common temperature and common moisture
content so that every laboratory could measure them.
Several models are assembled according to standards (EN 1992-1-2, EN 1994-1-2) or slightly
modified. Other models are assembled in order to fit results obtained from the fire test.
Empirical prediction of moisture content progress during fire loading is essential for all
models.
4

NUMERICAL SOLUTION AND FIRE RESISTANCE CALCULATION

The numerical solution of temperature distribution is implemented into MATLAB program.
Its workspace provides effective tools for matrix equations.
The 1-D transient heat transport model is used. The dimension of the numerical model was
chosen as 1-D in order to cover only slab or wall elements. Moisture content must not be
omitted hence is implemented into constitutive relations (Constitutive relations-Models of
material characteristics).
Fire resistance of a structural member (panel, slab) is calculated according to temperature
distribution. The calculation is done using EN 1992-1-2 standard.
Fire resistance of slab members is based on flexural strength in concrete member during fire
condition. The equilibrium on a cross section is calculated in every 10s (time increment) and
then the resisting bending moment is calculated and compared with the applied internal
bending moment (Fig 2).
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Fig. 2 Fire resistance comparison of panels with different material models
Apparently better fire resistance of LWAC panels is caused by lower dead load (lower bulk
density) in case of heating the tensile side. The fact that LWAC has lower thermal
conductivity is important for insulation on the unexposed side.Fire resistance in this case of
fire(tensile side is heated) is determined by heating of reinforcement bars. So reduction
coefficients of concrete at elevated temperatures are not used in this case because failure of
reinforcement appears before. Every curve has different gradient of temperature as can be
seen in Fig. 3. It is caused by different volumetric heat capacity (product of bulk density and
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specific heat). This value is higher for NWC (higher bulk density) thus more time is needed to
heat NWC. However, higher thermal conductivity of NWC causes higher temperatures on the
fire-unexposed side. Volumetric heat capacity is also influenced by moisture content.
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Fig. 3 Temperatures of reinforcement bars of panels with different material models
5

CONCLUSIONS

Fire resistance of slab member is highly influenced by location of fire, if it is on the tensile
side or the side in compression. In condition of heating the tensile side of a member, fire
resistance is determined by temperature of reinforcement bars. Slab member shows similar
failure as in case of normal temperatures but with a few differences. The redistribution of
internal forces is quicker and large deformations are observed.
Fire resistance of a slab member made of LWAC is mainly influenced by volumetric heat
capacity. The higher volumetric heat capacity is, the lower temperatures of reinforcement bars
are observed. Generally, materials with higher bulk density have higher volumetric heat
capacity. Nevertheless, members made of LWAC has better insulating functions due to lower
thermal conductivity.
5.1 Comparison between LWAC and NWC
The material models described in this paper were based on the fire test of LWAC with
expanded clay and others materials with similar contain. All assumptions were made with
neglecting explosive spalling.
Based on the results of this study, the following conclusions are written:
•
•

•
•

Fire resistance of horizontal constructions (slabs, panels) made of LWAC with expanded
clay aggregate is lower than NWC.
Fire resistance of vertical constructions (columns) made of LWAC with expanded clay
aggregate can be higher than NWC. It is caused by lower thermal conductivity results in
lower temperatures in the centre of a member and higher values of the strength reduction
coefficient (kc) of concrete at elevated temperatures.
Fire insulating function is higher at LWAC panel than NWC panel.
The moisture content should be limited due to high risk of spalling. Especially expanded
clay aggregate is more likely to absorb water.
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Abstract
Current building codes address the design of concrete walls for fire by specifying minimum
thicknesses and concrete covers based on required fire ratings. As building codes move
towards performance-based design for fire, it is important to provide engineers with tools to
design concrete walls to resist fire. The out-of-plane flexural capacity of a wall is critical to
resist loads associated with the hose stream during fire-fighting efforts, wind loads, and
movements perpendicular to the wall longitudinal axis. In this paper, a parametric study is
conducted to evaluate the effect of different parameters on the out-of-plane flexural capacity.
A simplified sectional analysis method is utilized to sketch the moment-curvature diagrams of
different walls. Results are examined to assess the effect of each of the considered parameters
on the wall out-of-plane performance and capacity.
Keywords: reinforced concrete, walls, fire resistance, elevated temperature, structural
behaviour, out-of-plane, flexural capacity
INTRODUCTION
Reinforced concrete walls form an integral part of the structure of many buildings. They resist
gravity, in-plane, and out-of-plane loads and provide fire separation between different
compartments within a building. Designing concrete walls to resist the effects of fire is critical
for the performance of structures and the safety of building occupants and fire fighters. Fire
affects the performance of concrete members by reducing the strength and stiffness properties
of concrete and steel and introducing new strains in the concrete in the form of thermal strains
and transient creep strains. Currently, engineers design concrete walls for fire by specifying
minimum thickness and concrete cover from applicable standards and building codes.
However, building codes are moving towards performance-based design for fire and as a
result there is a need to provide engineers with a simple method to design concrete walls for
fire. One of the critical loads to be considered in this design is the pressure applied by the
hose stream during fire fighting efforts (CPCI 2007). As this load is applied in the out-ofplane direction, it is critical to establish the out-of-plane capacity of concrete walls during
fire. This paper addresses this need by utilizing a simplified sectional analysis method
developed by El-Fitiany and Youssef (2009) to perform a parametric study and sketch
moment-curvature diagrams for various walls. The effect of several different parameters,
including axial load level, fire orientation, fire duration, concrete cover, and wall thickness,
on the performance and capacity of the wall is noted and discussed.
1

MODEL DESCRIPTION

A detailed description of the method used to model concrete walls in this paper has been
presented by El-Fitiany and Youssef (2009). In summary, the model uses the well-known
sectional analysis method to predict the flexural and axial behaviour of reinforced concrete
sections during exposure to elevated temperatures. The finite difference method is utilized to
predict the temperature distribution throughout the section as a function of time. The section
is divided into layers and temperature dependent properties of concrete and steel are then
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calculated for each layer. The stress-strain relationship for concrete and steel at elevated
temperatures proposed by Youssef and Moftah (2007) is adopted in the model. This
relationship accounts for the effects of transient creep by shifting the value of the strain at
peak stress by the transient creep strain.
The average temperature of each layer is used to calculate the induced thermal strains. As the
distribution of thermal strains is not linear throughout the section, an equivalent linear strain is
evaluated such that the axial forces and bending moments in the concrete and steel are in self
equilibrium. For each layer, the difference between the evaluated linear strain and the actual
thermal strain represents the induced mechanical strain required to retain the linearity of the
section. This procedure ensures that plane sections remain plane, which is still the case at
elevated temperatures (El-Fitiany and Youssef 2009). These induced mechanical strains are
included as initial strains in the model. Once the distribution of the thermal strains is known,
the mechanical strain in each layer can be calculated by subtracting the thermal strain from
the total strain. Sectional analysis can then be performed using temperature dependent
properties and the stress-strain relationship mentioned above. The advantages of this model
are its simplicity and efficiency as compared to finite element models.
2

MODEL VALIDATION

Although this sectional analysis model has been previously validated (El-Fitiany and Youssef
2009; El-Fitiany and Youssef 2008), these validations have only considered column and beam
specimens. Additional validation of the model for the case of walls was performed in this
paper. The wall specimen tested by Crozier and Sanjayan (2000) was 150 mm thick and 3.2 m
long, and was exposed to fire on its tension side. Concrete strength was 52 MPa.
Reinforcement ratio of 0.25% was arranged in two layers and was placed considering a clear
cover of 30 mm. The specimen was placed on its side and simply supported at each end, and
was thus laterally loaded by its own self-weight in addition to an applied eccentric axial load.
Results were presented in terms of mid-span deflection of the wall for up to one hour of fire
exposure. The specimen was modelled using the method described in section 1, and the
resulting curvature at various temperatures was used to predict the mid-span deflection of the
wall. The good agreement between the predicted deflection and the measured deflection,
Figure 1, provides further validation for the model, specifically in the case of walls.
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Fig. 1 Model Validation
3

PARAMETRIC STUDY

A parametric study was performed to investigate the effects of various parameters on the outof-plane flexural capacity of concrete walls. A summary of the parameters included in the
study, the range over which the parameters were considered, and the percentage effect on the
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capacity is presented in Tables 1 to 3. Because the axial load level was found to have a
significant influence, results are presented for two separate axial load levels, 0 and 0.4. An
axial load level of 0 represents the pure flexural capacity of walls, and is valid as well for
standard slabs. An axial load level of 0.4 corresponds to the approximate balance point on the
interaction diagram for the wall. The results are presented for walls exposed to fire from their
tension side, their compression side, or both sides. The tables show the percentages for the
maximum change in capacity caused by varying each parameter within the range shown.
Tab. 1 Results - Fire on Tension Side of Wall
Parameter

Range

Fire Duration (hrs)
Concrete Clear Cover (mm)
Wall Thickness (mm)

0-2
20-60
210-400

Effect on Flexural Capacity
(axial load level = 0)
49.4%
65.6%
32.8%

Effect on Flexural Capacity
(axial load level = 0.4)
79.7%
102.6%
27.7%

Tab. 2 Results - Fire on Compression Side of Wall
Parameter

Range

Fire Duration (hrs)
Concrete Clear Cover (mm)
Wall Thickness (mm)

0-2
20-60
210-400

Effect on Flexural Capacity
(axial load level = 0)
73.5%
109.7%
26.5%

Effect on Flexural Capacity
(axial load level = 0.4)
53.5%
108.4%
22.6%

Tab. 3 Results - Fire on Both Sides of Wall
Parameter
Fire Duration (hrs)
Concrete Clear Cover (mm)
Wall Thickness (mm)

Range
0-2
20-60
210-400

Effect on Flexural Capacity
(axial load level = 0)
39.8%
69.2%
28.2%

Effect on Flexural Capacity
(axial load level = 0.4)
46.9%
103.3%
22.1%

Concrete and steel strength and reinforcement ratio were not included in the parametric study
as previous studies had shown that these parameters have little effect on the capacity of a
concrete wall (Crozier and Sanjayan 2000; O’Meagher and Bennetts 1991; Lee and Lee
2012). The walls were analyzed as sections only, and thus height-to-thickness ratios and
buckling effects were not considered. All walls had a reinforcement ratio of 0.15%, concrete
strength of 30 MPa, steel yield strength of 400 MPa, and were composed of siliceous type
concrete. The reinforcement ratio of 0.15% corresponds to the minimum amount of
reinforcement required by the Canadian concrete standard (CSA 2004). The effect of each of
the different parameters is discussed in the following sections.
3.1 Axial load level
The presence of axial load had a significant effect on the moment capacity, increasing the
capacity by up to 975%. This is due to the low reinforcement ratio in the walls, which results
in lower moment capacity for walls with no axial load. The presence of a compressive axial
load reduces or entirely eliminates any tension force in the wall. Results for a 210 mm thick
concrete wall that was exposed to fire for one hour on its tension side and had a concrete
cover of 20 mm are shown in Figure 2. As illustrated in the figure the presence of axial load
had a large beneficial impact on the capacity of the wall. The figure also illustrates that an
axial load level of 0.4 corresponds to the approximate balance point on the interaction
diagram.
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Fig. 2 Effect of Axial Load Level
The effects of higher axial load illustrated in Figure 2 were similar for all other fire
orientations, fire durations, concrete covers, and wall thicknesses. As illustrated in Tables 1
and 3, the presence of axial load also had a significant impact on the effectiveness of concrete
cover for walls exposed to fire on the tension side or from both sides. The flexural capacity of
such walls with no axial load was significantly affected by increased cover, whereas the
capacity of walls with higher levels of axial load was marginally affected by increased cover.
3.2 Fire Orientation
Changing the fire exposure from one to two sides was found to decrease the capacity of the
wall up to 62% for walls exposed to fire on the tension side and up to 48% for walls exposed
to fire from the compression side. As illustrated in Fig. 3, for the case of fire on the
compression side of the wall the effect of two-sided fire exposure was markedly reduced by
either increasing the axial load level or increasing the amount of concrete cover. All
specimens shown in Figure 3 had a thickness of 210 mm, were exposed to fire for one hour,
and in cases of one-sided fire exposure were exposed to fire on the compression side.
1.50E+08

Moment (N mm)

1.25E+08
1.00E+08

1-sided exposure, 0 ALL, 20 mm
cover

7.50E+07

2-sided exposure, 0 ALL, 60 mm
cover
2-sided exposure, 0 ALL, 20 mm
cover

5.00E+07

2-sided exposure, 0.4 ALL, 20
mm cover

2.50E+07
0.00E+00
-1.00E-04

1-sided exposure, 0.4 ALL, 20
mm cover
0.00E+00
1.00E-04
2.00E-04
Curvature (1/mm)

3.00E-04

Fig. 3 Effect of Increased ALL or Cover on Reducing the Impact of Two-sided Fire Exposure
For cases of 20 mm cover and no axial load, walls exposed to fire on the tension side were
approximately 70% weaker than the same walls exposed to fire on the compression side.
Walls with 60 mm cover and no axial load had approximately the same capacity whether fire
was applied to the tension or compression side. Walls with an axial load level of 0.4
performed approximately 20% better when exposed to fire on the tension side as opposed to
the compression side. This is due to the fact that such walls failed in compression, with the
compressive strength further reduced due to fire exposure.
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3.3 Fire duration
As illustrated in Tables 1 and 2, increasing the fire duration from 0 to 2 hours in walls
exposed to fire from either the tension or the compression side significantly lowered the
moment capacity. As is expected and as illustrated in Figure 4, the effect of increasing the fire
duration was slightly more pronounced in the cases of walls exposed to fire from both sides,
up to a maximum of 40%. All walls shown in Figure 4 had a thickness of 210 mm, cover of
20 mm, and were exposed to fire from both sides.
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Momeont (N mm)
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Q*=
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Q
Q
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Q'

Q'

Q'

Curvature (1/mm)

Fig. 4 Effect of Fire Duration on Walls Exposed to Fire on Both Sides
3.4 Concrete cover
As illustrated in Tables 1 and 3, decreasing the concrete cover from 60 mm to 20 mm
decreased the capacity of the walls by a maximum of 65-70%. This is because an increased
concrete cover provides better temperature insulation for the reinforcement, thus lowering the
impact of the fire on the strength of the reinforcement. This reduction of capacity was only
representative of walls with both a low axial load and exposure to fire on the tension side. As
illustrated in Figure 5, the effect of increasing the concrete cover for cases of an axial load
level equal to 0.4 was negligible, and in the majority of cases slightly decreased the capacity.
All walls shown in Figure 5 had a thickness of 210 mm, were exposed to fire on the tension
side only, and had an axial load level equal to 0.4.
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1.50E-04
Curvature (1/mm)
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Fig. 5 Negligible Effect of Cover with a Higher Axial Load Level
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3.5 Wall thickness
The results show that wall thickness is one of the most important parameters to be considered
in the design of concrete walls for fire. As illustrated in Tables 1-3, the effect of varying the
wall thickness from 400 mm to 210 mm was approximately uniform throughout all sections
considered, ranging from 22% to 35%. In general the effect of the wall thickness on the
capacity was approximately 5% greater for cases with an axial load level of 0 as opposed to
cases with an axial load level equal to 0.4.
4

CONCLUSION

The results of this research show that all five parameters considered have a significant impact
on the design of concrete walls for fire. Increasing the level of axial load up to a level of 0.4
significantly increased the out-of-plane flexural capacity of all walls considered. The
significant effect of axial load level illustrates the importance of considering different load
cases during the design of concrete walls for fire, as the case of minimum axial load will
likely govern the out-of-plane capacity. Another reason to consider different axial load cases
is the fact the failure mode of the wall is dependent on the axial load level.
Changing the fire exposure from one to two sides significantly reduced the capacity of many
of the walls considered. In the case of fire on the tension side of the wall, this effect was less
significant in walls with a thickness of 400 mm. In the case of fire on the compression side of
the wall, this effect was less significant in walls with a higher axial load level or increased
concrete cover. The varying effects of fire orientation illustrate the importance of considering
all possible fire loading scenarios in the design of concrete walls.
The results show that concrete cover is a significant parameter only in cases where the tension
side of the wall is exposed to fire and there is a low amount of axial load. In cases where these
requirements are not met an increased amount of concrete cover was either negligible or
slightly decreased the capacity of the wall.
Finally, the results show that wall thickness is one of the most important parameters to be
considered. The beneficial effects of increased wall thickness were approximately uniform for
all cases considered.
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UHLQIRUFHPHQW  7KH QHZ PHWKRG LV FRPSDUHG DJDLQVW WKH JHQHULF %DLOH\%5( PHWKRG
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.H\ZRUGVVWHHOIUDPHVILUHFRPSRVLWHVODEWHQVLOHPHPEUDQHDFWLRQ%DLOH\%5(PHWKRG

,1752'8&7,21
%HIRUHWKHUHZDVRQO\RQHZD\RIHQVXULQJWKHILUHUHVLVWDQFHRIVWHHOIUDPHGEXLOGLQJV
ZLWK FRPSRVLWH IORRULQJ V\VWHPV ZKLFK ZDV VLPSOH EXW RYHUFRQVHUYDWLYH 7KLV WUDGLWLRQDO
PHWKRG FRQVLGHUV WKH FRPSRVLWH IORRU DV DQ DUUD\ RI SDUDOOHO VLPSO\ VXSSRUWHG FRPSRVLWH
EHDPVDQGLPSOLHVWKDWHDFKRIWKHVWHHOGRZQVWDQGVHFWLRQVZKLFKIRUPWKHWHQVLRQ]RQHRID
FRPSRVLWHEHDPQHHGVWREHSURYLGHGZLWKDQLQVXODWLQJFRYHULQWKHVDPHZD\DVWKHQRQ
FRPSRVLWHVWHHOFROXPQV7KLVWDNHVQRDFFRXQWRIWKHLQWULQVLFILUHUHVLVWDQFHRIWKHVWUXFWXUH
GXHWRLWVFRQWLQXLW\
$ VLPSOLILHG GHVLJQ PHWKRG IRU FRPSRVLWH VODEV WR UHVLVW ILUH ZDV LQWURGXFHG E\ %DLOH\ 
0RRUH DE 7KLVPHWKRGZDVEDVHGYHU\ODUJHO\RQDFDOFXODWLRQRIWKHHQKDQFHGORDG
FDSDFLW\RIFRQFUHWHVODEVDWKLJKGHIOHFWLRQVGXHWRWKHLUPHPEUDQHVWUHQJWKZKLFKKDGEHHQ
SXEOLVKHGE\+D\HV  7KHPHWKRGKDVVLQFHWKHQEHFRPHZLGHO\XVHGLQSUDFWLFDOILUH
HQJLQHHULQJGHVLJQDQG KDVUHFHQWO\EHHQSXEOLVKHGLQERWKWKH8. 6LPPV  %DNH 
DQG 1HZ =HDODQG &OLIWRQ   DV IUHHO\DYDLODEOH SXEOLFGRPDLQ GHVLJQ VRIWZDUH :LWKLQ
WKH(8WKHSURMHFW)5$&2) 9DVVDUW =KDRDE KDVUHFHQWO\H[WHQGHGWKLVVLPSOLILHG
PHWKRG WR WKH (XURFRGH FRQWH[W DQG WKLV SURMHFW KDV UHVXOWHG LQ D GHVLJQ SURFHVV ZKLFK LV
H[WUHPHO\VLPLODUWRWKDWLQWKH8.
,QILUHFRQGLWLRQVZKHQWKHWHPSHUDWXUHVRIERWKXQSURWHFWHGDQGSURWHFWHGVWHHOZRUNEHFRPH
H[WUHPHO\ KLJK WKH PHFKDQLVP ZKLFK FRQWUROV WKH ORDG UHVLVWDQFH RI IORRU V\VWHPV FKDQJHV
LQFUHDVLQJO\ DW KLJK GHIOHFWLRQV IURP WKHEHQGLQJVWUHQJWK RI WKH DUUD\ RI FRPSRVLWHEHDPV
ZKLFKDSSOLHVLQQRUPDO8/6GHVLJQWRWHQVLOHPHPEUDQHDFWLRQ 70$ ,Q70$WKHKLJKO\
GHIRUPHG FRQFUHWH VODE HIIHFWLYHO\ FDUULHV WKH ORDGLQJ ZKHQ WKH VWUHQJWK RI WKH DWWDFKHG
GRZQVWDQG VWHHO EHDP VHFWLRQV KDV UHGXFHG GUDPDWLFDOO\ DW KLJK WHPSHUDWXUHV  70$
HQKDQFHVWKHIORRUV\VWHP¶VORDGFDSDFLW\FRPSDUHGZLWKWKHXVXDOVPDOOGHIOHFWLRQFDSDFLW\
EDVHG RQ WKH RSWLPXP SODVWLF \LHOGOLQH PHFKDQLVP  +RZHYHU WKH VWUXFWXUDO PHFKDQLFV RI
WKH %DLOH\ PHWKRG LV QRW FRPSOHWHO\ WUDQVSDUHQW DW PRUH WKDQ RQH VWDJH SXUHO\ HPSLULFDO
DVVXPSWLRQVDUHPDGH7KHHIIHFWVRIWKHVHDVVXPSWLRQVDUHE\QRPHDQVFOHDU7KLVVWXG\
WDNHV D IUHVK ORRN DW 70$ RI WKLQ FRQFUHWH IORRU VODEV DW ODUJH GHIOHFWLRQV ZLWK WKH SULPH
REMHFWLYH RI PDNLQJ NLQHPDWLFDOO\ FRQVLVWHQW DVVXPSWLRQV ZKLFK HOLPLQDWH WKH PHFKDQLFDO
LQFRQVLVWHQFLHVLQKHUHQWLQWKHH[LVWLQJPHWKRGV
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VODE
7KH WUDQVYHUVH ORDGLQJ LQWHQVLW\ RQ WKH VODE LV LQFUHDVHG XQWLO D SODVWLF \LHOGOLQH SDWWHUQ RI
FUDFNV IRUPV LQ WKH FKDUDFWHULVWLF DUUDQJHPHQW VKRZQ LQ )LJ   7KH RSWLPXP \LHOGOLQH
PHFKDQLVP JLYLQJ WKH ORZHVW SRVVLEOH IDLOXUH ORDG LQWHQVLW\ LV JLYHQ IRU HLWKHU LVRODWHG RU
FRQWLQXRXVFDVHVE\
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)LJ6PDOOGHIOHFWLRQ\LHOGOLQHPHFKDQLVP
,IWKHORDGLQWHQVLW\LVLQFUHDVHGEH\RQGWKHRSWLPXPVPDOOGHIOHFWLRQ\LHOGOLQHIDLOXUHYDOXH
DW ZKLFK WKLV SDWWHUQ RIIROGV DSSHDUV DQ\ IXUWKHU GHIOHFWLRQ RI WKH IODW IDFHWV RI WKH VODE LV
DVVXPHGWREHEDVHGRQLQFUHDVLQJWKHURWDWLRQVDERXWWKH\LHOGOLQHV7KHH[LVWLQJVLPSOLILHG
PHWKRGVRIFDOFXODWLQJHQKDQFHPHQWRIORDGFDSDFLW\GXHWR70$PDNHXVHRIWKHFRQVLVWHQW
REVHUYDWLRQ IURP WHVWV WKDW D WKURXJKGHSWK WHQVLOH FUDFN VXEVHTXHQWO\ DSSHDUV DFURVV WKH
VKRUWHU PLGVSDQ RI WKH VODE LQ ILUH WKLV WHQVLOH FUDFN SURYLGHV WKH SRVVLELOLW\ RI D
FRPSDUWPHQWDWLRQLQWHJULW\IDLOXUH,IWKLVFUDFNLVDVVXPHGWRIRUPWKHQVL[IODWIDFHWV IRXU
WUDSH]RLGDODQGWZRWULDQJXODU WDNHSDUWLQWKHVXEVHTXHQWGHIRUPDWLRQRIWKHVODE,WFDQEH
VHHQIURP)LJWKDWWKLVPHFKDQLVPFDXVHVIRXUGLIIHUHQWFUDFNW\SHV GHQRWHG D E EDQG
E LQGLIIHUHQWORFDWLRQV
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&RPSDULVRQVZLWKWKHFRQYHQWLRQDOVLPSOLILHGPHWKRGV
)LJ  VKRZV DQ H[DPSOH FRPSDULVRQEHWZHHQ WKH ORDG FDSDFLW\ HQKDQFHPHQWV JLYHQE\ WKH
FRQYHQWLRQDO PHWKRGV DQG WKH QHZ SURSRVDO  7KH H[DPSOH LV IRU D P [ P LVRODWHG VODE
PPWKLFNZLWK$PHVK PPEDUVDWPPVSDFLQJLQERWKGLUHFWLRQV DWWKHPLG
GHSWK PPIURPWKHWRS RIWKHVODE7KHVWHHOJUDGHLV6DQGWKHFRQFUHWH&,QWKLV
FDVHWKHIUDFWXUHGXFWLOLW\RIWKHUHLQIRUFLQJVWHHOKDVEHHQDVVXPHGWREH,QSUHVHQWLQJ
WKHOLPLWLQJGHIOHFWLRQRIWKHVODELQWKHFRQWH[WRIWKHFRQYHQWLRQDOPHWKRGVWKHFRPSRQHQW
RI WKDW GHIOHFWLRQ ZKLFK LV GHULYHG IURP WKH DVVXPHG WKHUPDO ERZLQJ RI WKH VODE KDV EHHQ
LJQRUHGEHFDXVHWKH70$LVEHLQJFRQVLGHUHGLQGHSHQGHQWRIDQ\WHPSHUDWXUHHIIHFWV,WFDQ
EHVHHQWKDWWKHHQKDQFHPHQWRIFDSDFLW\GXHWRGHIOHFWLRQGLIIHUVEHWZHHQWKHPHWKRGVWKH
QHZ DSSURDFK VKRZV D ORZHU UDWH RI HQKDQFHPHQW IRU WKLV SDUWLFXODU VODE FDVH  7KH QHZ
DSSURDFK LV FDSDEOH RI VKRZLQJ ZKHUH UHLQIRUFHPHQW IUDFWXUH EHJLQV DQG LV FRPSOHWHG IRU
HDFK\LHOGOLQH
,QWKLVSDUWLFXODUFDVHWKHOLPLWLQJGHIOHFWLRQ JLYHQLQWKH%DLOH\%5(RU)5$&2)PHWKRGV
RFFXUVDWURXJKO\WKHVDPHGHIOHFWLRQDVWKHSHDNORDGFDSDFLW\ZKLFKLVFDXVHGE\WKHVWDUWRI
UHEDUIUDFWXUHLQWKHORQJLWXGLQDO\LHOGOLQHE
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EFFECT OF UNPROTECTED INTERIOR BEAMS ON
Membrane Behaviour of Composite Floor Systems in Fire. I: Experimental
Investigation
Kang-Hai Tan a, Tuan-Trung Nguyen a
a

Nanyang Technological University, School of Civil and Environmental Engineering, Singapore

Abstract
A number of previous studies on tensile membrane action have been conducted and they are
very valuable towards understanding the behaviour of isolated slabs as well as of floor
assemblies. However, the role of unprotected interior beams in the development of TMA still
has not clearly determined. This paper presents an experimental study on the effect of
unprotected interior beams on the behaviour of composite floor assemblies in fire. The
experimental observations and results of two one-fourth scale composite slab-beam systems,
3.15 m by 3.15 m in plan, subjected to transient-heating test are presented.
The test results show that the presence of interior beams can reduce the slab deflection and
greatly enhance the slab load-bearing capacity. The interior beams have a major role in
helping the slab in passing through the ‘transition’ stage, and thus the slab can mobilize more
tensile membrane forces. Without the interior beams, the compressive ring failure may occur
resulting in a little contribution from TMA in the slab load-bearing capacity.
Keywords: tensile membrane action, slab-beam systems, composite slabs, fire
INTRODUCTION
Composite slabs, which are commonly used in steel-framed buildings, have shown very good
load-bearing capacities under fire conditions because of the mobilisation of tensile membrane
action at large-deflection stage. Interior secondary beams can be left unprotected in fire
without affecting the stability of the slabs. Recent years, interest in the tensile membrane
behaviour of the overall floor assemblies in fire has increased (Vassart et al., 2010; Zhao and
Roosefid, 2010; Stadler et al., 2011; Wellman et al., 2011). These studies are very valuable
towards understanding the membrane behaviour of the floor assemblies. To investigate the
influence of interior supporting beams between two slab panels, Stadler et al. (2011)
conducted two medium-scale tests on composite beam-slab systems in fire. They found that
tensile membrane forces changed considerably when the interior beams were taken into
account. However, more research is still needed on the effect of unprotected interior beams on
the development of tensile membrane action.
Therefore, part of a research project conducted in Singapore aims to investigate the effect of
unprotected interior beams on membrane behaviour of the column-beam-slab systems in fire.
This paper presents the test results and observations from two specimens, namely, one with
two unprotected interior beams and one without any interior beams at all.
1

TEST ARRANGMENT

1.1 Specimen Design
The dimensions of two specimens were 2.25m long by 2.25m wide, giving an aspect ratio of
1.0. To simulate interior slab panels, the specimens were designed with a 0.45m outstand
beyond the edge beams in both directions. The specimens were denoted S2-FR-IB and S3-FR.
Specimen S3-FR were designed without interior beams (IB), while S2-FR-IB (denoted as S2
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in a previous conference paper (Nguyen and Tan, 2012)) had two unprotected interior beams
as shown in Fig. 1. In this figure, the notation MB, PSB, and USB denote the protected main
beam, protected secondary beam, and unprotected secondary (interior) beam, respectively.
The concrete slabs were supported by I-beams and four I-section steel columns. All the edge
beams were protected with intumescent coating to a prescriptive fire-protection rating of 60
minutes.
Material and geometrical properties of the I-section steel beams are given in Tab. 1. The
beams were designed for full-shear composite action using 40mm long, 13mm diameter
headed shear studs at a spacing of 80mm to avoid premature failure at the studs. A common
type of steel joints, i.e. flexible end plates, was used for beam-to-beam and beam-to-column
connections.
Tab. 1 Properties of I-beams
Specimen

S2-FR-IB

S3-FR

MB
PSB &
USB
MB
PSB &
USB

Depth

Width

h
(mm)

bf (mm)

131
80
131
80

Thickness

Yield
stress

Ultimate
stress

Elastic
modulus

Flange
tf
(mm)
10.77
9.14

fy
(MPa)

fu (MPa)

Es
(MPa)

128
80

Web
tw
(mm)
6.96
9.01

302
435

437
533

197500
206900

128
80

6.97
10.26

11.03
10.02

307
467

462
588

211364
210645

The concrete slab thickness was 55mm and 58mm for S2-FR-IB and S3-FR, respectively.
Shrinkage reinforcement mesh with a grid size of 80mm x 80mm and a diameter of 3mm was
placed within the slabs and 18mm from the top. The mesh of S2-FR-IB had a yield strength of
543MPa and a ultimate strength of 771MPa, while the corresponding values of S3-FR were
648MPa and 806MPa. The characteristic cylinder strengths of concrete were 36.3MPa and
31.3MPa for S2-FR-IB and S3-FR, respectively.

a) S2-FR-IB

b) S3-FR

Fig. 1 Structural layout of the specimens
1.2 Test Setup
The test setup is shown in Fig. 2. The concentrated force from a 50-ton hydraulic jack was
distributed equally to twelve-point loads by means of a loading system designed to simulate
uniformly distributed loads. Slabs S2-FR-IB and S3-FR are considered as rotationally
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restrained by the additional beam system on top of the outstand part which were fixed to the
reaction frame via two plate stiffeners.

Stiffener

Loading
system

Rotational
restraint

Fig. 2 Test setup

Fig. 3 Supporting columns

The edge and interior beams, which were totally enclosed inside the furnace, were able to
deform freely. The specimens were connected to four supporting circular columns which were
located outside the furnace and connected to the strong floor by pinned connections (Fig. 3).
These pin-ended columns allow the specimens to move horizontally without any degree of
restraint.
An electric furnace, of length 3m, width 3m and height 0.75m, was used to simulate fire
conditions. Because of limitations on the power supply, the furnace could not simulate the
ISO 834 standard fire curve. However, the furnace temperature could reach 1000oC within
50min, a heating rate of about 20oC/min which is within the practical range stipulated by BS
5950-8 for steel sections.
Transient-state heating was applied. The specimens were first loaded to a value of 15.8kN/m2,
corresponding to a load ratio of 0.43 for S2-FR-IB, and 1.97 for S3-FR. The furnace
temperature was then increased while the load was manually maintained constant. After
failure had been identified, the test was ended.
Linear variable differential transducers (LVDT) were used to measure the vertical
displacements of the slabs and beams. Temperatures at various locations of the slab and
beams were captured with 21 K-type thermocouples. The furnace air temperature was also
recorded by four thermocouples.
The load from the hydraulic jack was measured by a 300-kN load cell which was placed
between the jack and the loading system.
2

TEST RESULTS AND OBSERVATIONS

2.1 Slab Deflection
Fig. 4 shows the relationships between the mid-span vertical deflections and temperature,
plotted against time, together with the corresponding failure points of the slabs. ‘Failure’ was
considered to have occurred when there was a significant drop in the mechanical resistance,
and the hydraulic jack could no longer maintain the load level (violating criterion “R”). S2FR-IB failed at a deflection of 177mm when the mesh temperature had reached 512oC, while
S3 failed earlier at a deflection of 115mm when the mesh temperature was only 150oC.
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S2-FR-IB deflection

S3-FR deflection

Fig. 4 Comparisons of temperatures and vertical deflection of the slabs
2.2 Behaviour of Edge Beams
Fig. 5 shows a comparison of the temperature development at the beam bottom flange and the
vertical deflection against time. It can be seen that the temperature development of the beams
was very close in both tests. Therefore the differences in the beam behaviour, if any, were
definitely not caused by thermal effects. The limiting target temperature at 650oC of 60min
for the edge beams was also observed.

Fig. 5 Comparisons of temperatures and vertical deflection of the edge beams
At failure, the protected secondary beam (PSB) and the main beam (MB) of S2-FR-IB
experienced very large deflections, 96mm and 56mm, respectively. The corresponding values
of S3-FR were only 28mm and 33mm for PSB and MB, respectively. However, in S3-FR the
recorded values for the main beam were not accurate. This was because severe cracks
appeared at a very early stage (after only 20min of heating), directly above the main beams, as
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shown in Fig. 7. Thus, composite action between the main beams and the slab could not be
maintained, leading to inaccurate measurement of the beam deflection. It should be noted that
the beam deflection was measured from the part of the concrete slab which remained intact
and directly above the beams.
After cooling, it was observed that local buckling of the beam flanges had not occurred. This
is due to discontinuous nature of the specimens, allowing the beams to expand to some extent
through the flexible end plate connections and overall expansion of the slab system.
2.3 Failure modes

Fig. 6 Crack pattern of S2-FR-IB

Fig. 7 Crack pattern of S3-FR

In S2-FR-IB, the compression ring formed after 50min of heating. The test ended when
fracture of reinforcement occurred and full-depth cracks appeared close to the edge beams, as
shown in Fig. 6.
In S3-FR, the compression ring formed after 28min of heating with the appearance of curved
cracks at the four corners (Fig. 7). However, at 45min three full depth cracks appeared
suddenly, one at the slab corner near the column, and two above the main beams. These
cracks led to ‘brittle’ failure of the compression ring and caused ‘run-away’ failure in the slab.
In conclusions both of the slabs did not fail globally, but they lost their integrity and load
bearing capacities (criteria “E” and “R”).
3

DISCUSSION

In S2-FR-IB test, after 50min of heating, the compression ring began to form at a mesh
temperature of 200oC. The corresponding deflection was 52mm, 0.95 of the slab depth. In S3FR test, after 30min of heating, the compression ring was observed to begin to form when the
mesh temperature had reached about 100oC, corresponding to a deflection of 52mm, equal to
0.95 of the depth. It can be concluded that that S2-FR-IB, which included interior beams,
entered the tensile membrane action stage later than S3-FR, because the unprotected
secondary beams enhanced the slab capacity during the bending stage. On the other hand, the
compression ring formed at the slab deflection equal to 0.95 of the slab thickness, irrespective
of the presence of interior beams.
Fig. 4 indicates clearly that S3-FR experienced larger deflection than S2-FR-IB. At failure
S2-FR-IB had a greater enhancement factor, of 2.55 compared to 1.54 for S3-FR. This
enhancement is defined in this paper as the ratio of the test failure load to the conventional
yield-line failure load at the same mesh temperature. It is obvious that the presence of interior
beams significantly reduces the slab deflection and enhances the load-bearing capacity of the
slab.
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As can be seen in Figs. 6 & 7, S2-FR-IB failed because of reinforcement fracture in the
vicinity of edge beams which led to full-depth cracks, while S3-FR failed because of ‘brittle’
failure of compression ring. Therefore it can be concluded that the interior beams have a
major role in helping the slab to transit smoothly from biaxial bending to membrane
behaviour. Without the interior beams, failure of compression ring may occur, resulting in
less contribution from tensile membrane action in the load-bearing capacity of the slab.
With regard to temperature distribution, the presence of interior beams did not have any effect
on the temperature distributions of the edge beams as shown in Fig. 5, but they had effect on
their deflection profiles. At similar temperatures, the protected secondary beams of S3-FR had
greater deflection than those in S2-FR-IB, because of the difference in load path from the
slabs to the beams. During the initial heating stage, in S3-FR load was transferred directly to
the protected edge beams, while in S2-FR-IB the load was transferred via unprotected interior
beams to the edge beams.
4

CONCLUSIONS

This paper presents the experimental results and observations of two one-quarter scale
composite floor systems tested in fire, aiming to define the effect of interior beams on the
membrane behaviour of the systems. The results show that the presence of interior beams
greatly enhances the load-bearing capacity of the slab. Without interior beams, the slab may
experience ‘brittle’ failure of the compression ring and caused ‘run-away’ failure in the slab.
This work is part of an on-going research project which shall facilitate the use of membrane
action for fire design of composite slabs in Singapore.
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Membrane Behaviour of Composite Floor Systems in Fire. II: Numerical Assessment
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Abstract
The authors’ companion paper presented the observations and results from two one-forth
scale composite beam-slab systems tested in fire. This paper introduces the numerical
assessment based on these experimental results. A non-linear finite element model is
developed using ABQUS/Explicit to simulate the specimen behaviour. Material properties at
elevated temperatures are assumed to vary according to EN 1994-1-2 (2005). The FE model
was first validated with the test results, and then was used to examine the effect of
unprotected interior beams on tensile membrane action. It is found that the numerical
predictions agree well with the test results. The presence of interior beams significantly
affects the magnitude as well as the distribution of stress of the slab elements, i.e. mesh
reinforcement and concrete slab. The part with maximum tensile force is not necessarily at the
slab centre. It may be part of the concrete slab above the edge beams. Shortcomings of the
numerical model in predicting the failure modes are indicated.
Keywords: finite element analysis, composite floor systems, tensile membrane action, fire
INTRODUCTION
This paper describes numerical assessments of the effect of unprotected interior beams on the
membrane behaviour of composite beam-slab systems in fire. A nonlinear finite-element
model is developed using ABAQUS/Explicit and validated against the experimental results
presented in the companion paper in terms of temperature development, deflection response,
and failure modes. The validated model provides valuable insight into the stress and strain
distribution of concrete and reinforcement at the membrane stage of the systems.
This paper uses the experimental results from two tested specimens which are denoted as S2FR-IB and S3-FR. S3-FR was designed without any interior beam, while S2-FR-IB had two
interior beams. The layout of the two specimens is shown in Fig. 1, in which the notation MB,
PSB, and USB denote protected main beam, protected secondary beam, and unprotected
secondary (interior) beam, respectively.

a) S2-FR-IB

b) S3-FR

Fig. 1 Structural layout of the specimens
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Both slabs are considered as rotationally restrained by the additional beam system placed on
top of the outstand part. The beam system was fixed to the reaction frame. More details can
be found in the authors’ companion paper.
1

MODELLING TECHNIQUE

ABAQUS/Explicit was adopted because it uses consistent large-deformation theory which
can overcome the numerical convergence difficulty caused by the simulation of largedeformation problems. Sequentially coupled thermal-stress analysis procedure is used
because the thermal fields are the driving forces for the stress analysis but the thermal
solution does not depend on the stress solution. Therefore, the simulation comprises two
steps: (1) apply mechanical loading; (2) apply heating. Concrete damaged plasticity model
was adopted, and reinforcement was modelled using the layered rebar technique.
S4R shell element was used to discretize both the beams and the slabs. Fully composite action
between the beams and the slab was simulated using ‘tied’ technique via surface-based
contact interactions.
Material properties of the steel and the concrete were obtained from tensile coupon tests and
concrete cylinder tests at ambient temperature. The corresponding material properties at elevated
temperatures were then obtained using the material reduction factors specified in EN 1994-1-2
(2005). For numerical purposes, the descending branches of concrete and reinforcement models
were also adopted. Therefore ultimate compressive strain of concrete was taken from Table B.1
EN 1994-1-2, which depends on temperature of concrete slab; and ultimate tensile strain of
reinforcement was taken as 0.2.
The simplified numerical model took into account the steel beams, the concrete slab, and the
reinforcing mesh. Vertical support for the slab edges was provided by the protected edge
beams. In turn, these beams were supported by the columns. Vertical restraint (U3 = 0) was
imposed at the column locations; it is assumed that the vertical displacement at these positions
is negligible. Vertical restraint along the edge outstands was applied to model the rotational
restraint beam system, which was assumed to provide infinite vertical stiffness.
The temperature distribution at the slab bottom surface was incorporated into the numerical
model. Based on the recorded temperatures at the mesh reinforcement and at the slab top
surface, thermal gradient across the slab thickness was defined. For the beams, the recorded
temperatures across the beam sections were incorporated into the model.
2

MODEL VALIDATION

2.1 Temperature Development
Figs. 2 and 3 show the comparisons of the temperature distribution of the slabs between the
simulation and the test results. With a thermal gradient of 10oC/mm, the predicted
temperatures agreed very well with the experimental results.
However, the results were not vey good for the mesh temperature in S3-FR after 22min of
heating. This is because severe cracks appeared in S3-FR resulting in significant heat losses.
Consequently, the recorded mesh temperature increased at a lower rate after the cracks had
appeared.
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Fig. 2 Temperature distribution – S2-FR-IB

Fig. 3 Temperature distribution – S3-FR

2.2 Slab / Beam Deflection
Recorded temperature profiles of the flanges and the webs of the beams were input directly
into the numerical models using the amplitude technique in ABAQUS. Consequently,
structural behaviour can be obtained. Comparisons in terms of beam deflections versus time,
as shown in Figs. 4 and 5, demonstrate that the model predicts the beam and the slab
behaviour very well.
However, for the main beam of S3-FR the comparison is poor although the trend is similar.
This is because in S3-FR severe cracks appeared at a very early stage (just 20min into the
start of heating), directly above the main beams. Thus, composite action between the main
beams and the slab could not be maintained, leading to inaccurate measurements of the beam
deflection. These measurements were taken from the part of the concrete slab directly above
the beams.

Fig. 4 Deflection vs. time curves for S2-FRIB

Fig. 5 Deflection vs. time curves for S3-FR

Fig. 4 also shows the deflection of unprotected interior beam of S2-FR-IB. As expected, the
mid-span deflection of the beam was very close to that of the slab even though the beam was
not at the slab centre. This indicates that the slab behaved as a membrane. This membrane
was supported by the reinforcement mesh which anchored into the protected edge beams.
3

DISCUSSION

Figs. 6 and 7 show the stress distributions across the sections and at the top surface of the
slabs at failure. In these figures, Section 1 denotes the mid-span slab section perpendicular to
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the protected secondary beams, Section 2 denotes the mid-span slab section perpendicular to
the main beams, OverMB is the cross slab section above a main beam, and OverPSB is the
cross slab section above a protected secondary beam. The positions of these cross sections are
indicated in Figs. 6(b) and 7(b).
OverMB

Section 1

Section 2

OverPSB

a) Stress distributions in reinforcement cross sections

b) Stress distribution at concrete top surface

Fig. 6 Stress distribution of S2-FR-IB at failure – 84.0min
It can be seen that, for S2-FR-IB, at 84.0min the maximum tensile stress of 425MPa in the
reinforcement is found above the main beam. The maximum stress above the protected
secondary beams is 310MPa, approximately equal to the stress in the reinforcement across the
slab mid-span section. For S3-FR, the maximum tensile stress is found at the slab mid-span
(Section2), followed by the section above the protected secondary beam (OverPSB).
OverMB

Section 1

Section 2

OverPSB

a) Stress distributions in reinforcement cross
sections

b) Stress distribution at concrete top surface

Fig. 7 Stress distribution of S3-FR at failure – 45.0min
The principal stress distributions at the top surface of the concrete slab are shown in Figs. 6(b)
and 7(b), in which negative values indicate compressive stresses and positive values indicate
tensile stresses. It can be seen that TMA was obviously mobilized in all specimens, with the
formation of a tensile zone in the slab centre and a ‘compression ring’ consisting of the upper
parts of the edge beams and part of the concrete slab directly above the edge beams.
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The compression ring was most evident in S2-FR-IB, but it was not so clearly observed in S3FR. This is possibly because the tensile stresses in the central zone of the slab in S3-FR were
mainly equilibrated by the compressive stresses in the upper parts of the steel edge beams,
with some contribution from the compressive stresses in the concrete slab. It should be noted
that S3-FR was designed without any interior beam. Therefore tensile stress at the slab centre
region in S3-FR is quite uniform and continuous, which is not observed in S2-FR-IB. In S2FR-IB, part of concrete slab above the unprotected interior beams is still in compressive
because of the effect of T-flange beam.
Therefore, on the basis of numerical simulations of S2-FR-IB (Fig. 6), the fracture of
reinforcement above the edge beams would occur first, before the fracture of the
reinforcement at the mid-span of the slabs; this failure mode concurs with the experimental
observations.

Fig. 8 Strain distribution at top surface – S2-FRIB at failure – 84.0min

Fig. 9 Strain distribution at top surface – S3FR at failure – 45.0min

In S3-FR, failure is predicted to be due to fracture of reinforcement at the slab mid-span.
However, in the actual test, the failure mode was due to the failure of compression ring. On
the other hand, as shown in Figs. 8 and 9, the maximum strain at the top surface of the
concrete slab at its corners is 0.0356 and 0.0249 for S2-FR-IB and S3-FR, respectively. These
values are higher than the failure compressive strain according to EN 1994-1-2, which are
0.0223 for S2-FR-IB and 0.0213 for S3-FR at the same temperature of the concrete slab. It
means that at the slab corners, the stress in concrete top surface is almost zero, or failure
would occur in these regions. Unfortunately, there is no obvious indication of which failure
mode, i.e. reinforcement fracture at the slab mid-span or concrete crushing at the slab corner,
would occur first. This is a shortcoming of the numerical model.
Although the comparisons show good correlation between test and numerical results for both
specimens, there are still several limitations of the numerical model. Firstly, final failure
modes of the beam-slab substructures could not be exactly identified from the stress or strain
contours. Secondly, partial failures such as concrete crushing and fractures of rebars can not
be taken into account. Also, heat loss caused by the appearance of concrete cracks could not
be predicted.
4

CONCLUSION

This paper presents numerical studies on the effect of interior beams on membrane behaviour
of composite slab-beam systems in fire. The proposed numerical model was validated with
the test results of two specimens, and the results show good correlation between the test and
the numerical results.
It is found that the presence of interior beams significantly affects the magnitude as well as
the distribution of stresses in the slab elements. The maximum tensile stress is not necessarily
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located at the slab centre, but may be located in the concrete slab above the edge beams. This
may cause different failure modes for the floor assemblies compared with those of isolated
slab panels.
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Abstract
The OpenSees framework has been extended to deal with steel-concrete composite structures
under fire conditions. The single section and rigid link methods can be used to model
composite beams and slabs in OpenSees. The former models the composite beam by defining
a single beam section including steel beam and concrete slab and the latter is to define them
separately interconnected by rigid link element. The equivalence of these two methods is
verified by mechanical tests and fire tests on simply supported composite beams. Good
agreements achieved between OpenSees predictions and experimental measurements shows
the robustness of the developed OpenSees.
Keywords: composite structures; OpenSees; thermomechanical analysis.
INTRODUCTION
The fire performance of composite steel and concrete beams can be assessed by conducting
standard fire tests (Wainman and Kirby 1988; Newman and Lawson 1991; Zhao and Kruppa 1995).
Although the experimental investigation of composite beams in fire gives fundamental
understanding of the fire behavior of composite beams, it is impossible to cover all
application domains and robust numerical analysis should be used to make up the
experimental limitation. A two-dimensional analytical model was proposed by Oven (1996) to
consider the partial interaction in composite beams. Huang et al. (1999) developed a separate shear
connector element permitting modelling of full, partial and zero interaction between the steel beam
and concrete slab. Sanad et al. (2000) modeled the Cardington restrained beam test using a

grillage of beam elements to investigate the influence of restrained thermal expansion and
thermal bowing on the forces and moments developed in the composite structures in fire.
Fakury et al (2005) presented two-dimensional finite element analysis of semi-continuous
composite beam with different temperature distribution regimes. Benedetti and Mangoni
(2007) extended the method of the Fourier series expansion to the fire analysis of composite
beams concerning deformable shear connectors. Ranzi and Bradford (2007) presented an
analytical model for structural analysis of composite beams in fire accounting for both
longitudinal and transverse interaction by means of the principle of virtual work. Hozjan et al.
(2011) presented a strain-based finite element to account for slip between steel beam and slab.
Fang et al. (2011) proposed two robustness assessment approaches for steel-framed composite
construction under localised fire using a grillage model of beam elements.
These numerical analyses of composite structures at elevated temperature were carried out
based on specialist programs such as VULCAN, ADAPTIC, SAFIR, and commercial
packages such as ABAQUS, ANSYS and DIANA. Although specialist programs are costeffective to purchase and easy to use they lack generality and versatility. The commercial
packages require substantial recurring investment for purchase and maintenance that often
make them unaffordable for researchers and deter new entrants to the field.
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OpenSees (McKenna 1997) is an open source object-oriented software framework developed
at UC Berekeley and supported by PEER and Nees. OpenSees has so far been focussed on
providing an advanced finite-element computational tool for analysing the non-linear
response of structural frames subjected to seismic excitations. This paper presents an
augmentation of OpenSees to enable two-dimensional thermomechanical analysis of
composite beams. This involves creating a new thermal load class, modifying existing
material classes to include temperature dependent properties and modifying methods in
element and section classes in OpenSees. A composite beam can be modelled in two
alternative ways in OpenSees. One is to define a fibred single beam section combining the
steel beam and concrete slab. The other model is to define them separately using beam
elements interconnected by rigid link element. Four mechanical tests and two fire tests on the
composite beams are chosen to verify the performance of the developed OpenSees and the
equivalence of the two modeling methods.
1

OPENSEES MODEL

New subclasses were implemented and new methods were developed that derive behavior
from existing components in OpenSees. These involved creating a new thermal load pattern
class, and modifying existing material classes to include temperature dependent properties.
Fig.1 shows the class hierarchy of new classes added in OpenSees using the graphical Unified
Modeling Language notation (Booch et al. 1998).

Fig. 1 Class diagram for thermomechanical analysis in OpenSees
A composite beam can be modeled in two alternative ways in OpenSees. One is to use a single section
including steel I beam and concrete slab representing the composite beam. The other is to define steel
beam and slab separately with rigid link connected between them to model the full shear connection
condition. The command “rigidLink” was used to construct a single multi-point constraint between
steel beam and slab to model the shear connection relation. Two rigid-link types “bar” and “beam” are
offered in OpenSees. The “bar” type only constrains the translational degree-of-freedom and “beam”
type constrains both translational and rotational degrees of freedom. In this paper, the “beam” type is
used to model the full shear connection between the steel beam and concrete slab. The schematic of
these two OpenSees models are shown in Fig. 2.
Slab
Link
Steel beam

(a)

(b)

Fig. 2 Schematic of OpenSees models for composite beams: (a) single section model; (b) rigid
link model.
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2

VALIDATION

In this section, the performance of developed structural analysis of composite beams exposed
to fire in OpenSees was verified by comparing with experimental results. These comparisons
started from four tests on composite beams under mechanical load only followed by two tests
on composite beams exposed to standard fire.
2.1 Composite beams at ambient temperature
Four simply-supported composite beams under mechanical load at ambient temperature were
analysed using OpenSees. These tests included one tested beam (B4) from Amadio et al.
(2004) and the other three beams (A3, A5, U4) reported by Chapman and Balakrishnan
(1964). The beam U4 was subjected to uniformly distributed load and the others subjected to
concentrated load. The test set up and beam dimensions are shown in Fig. 3. The existing 2D
beam element DispBeamColumn2d was used to model the composite beams in OpenSees.
The existing material classes Steel01 and Concrete02 in OpenSees were used to model the
steel and concrete material respectively. Fig. 4 shows the comparisons of mid-span deflection
from measured and predicted results of OpenSees as well as Oven (1996) and Huang et al.
(1999). Good agreement achieved between the single section and rigid link models in
OpenSees shows their equivalence to model two-dimensional composite beams under
mechanical load. The OpenSees predictions agree well with experiment measurements.
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Fig. 3 Schematic of tested beams: (a) composite beam B4; (b) composite beam A3, A5 and
U4. (all dimensions in mm)
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Fig. 4 Comparison of measured and predicted mid-span deflection of tested beams: (a) beam
B4; (b) beam A3; (c) beam A5; (d) beam U4.
2.2 Composite beams at elevated temperature
Two ISO834 standard fire tests (Test 15 and 16) on simply supported composite beams were
conducted by Wainman and Kirby (1988). The structural configuration is shown in Fig. 5.
The material class Steel01Thermal and Concrete02Thermal in OpenSees were used to mode
the steel and concrete material in the composite beam. Their temperature dependent properties
are shown in Fig. 6. The modified beam element DispBeamColumn2dThermal was used to
model the composite beams in OpenSees. Fig. 7 shows the temperature distribution in
different components of the two tested composite beams. No concrete slab temperature
profiles were reported and therefore the temperature distributions through the thickness of the
slabs were referred to Eurocode 4 (2005). Fig. 8 shows the comparisons of mid-span
deflection from measured and predicted results of OpenSees and Huang et al. (1999). The
OpenSees predictions show reasonable agreement with test results. The equivalence between
single section and rigid link models in OpenSees is verified again for composite beams under
fire conditions.
Test 15: P=32.47kN; Test 16: P=62.36kN
P

P
566.25

1132.5

P
1132.5

P
566.25

1132.5

4530

Reinforced slab

Shear connectors

130

642

12.6

Steel beam

46M

257

4M
7.6

146

Fig. 5 Schematic of tested composite beam (Test 15 and Test 16) (all dimensions in mm)
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Fig. 6 Material properties at elevated temperature in OpenSees: (a) yield strength and
elasticity modulus of steel; (b) compressive stress-strain relation of concrete
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Fig. 8 Comparison of measured and predicted mid-span deflection of tested beams: (a) beam
Test 15; (b) beam Test 16.
3

CONCLUSIONS

The OpenSees framework has been extended to perform thermomechanical analysis of
composite structures. The performance of the developed capacity in OpenSees is verified by
predicting mid-span deflection of tested composite beam under mechanical and thermal load
respectively. Good agreement is achieved between OpenSees predictions and experimental
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measurements. The single section and rigid link method is proved equivalent to model the
composite beam in OpenSees. The further work will focus on modeling three-dimensional
steel-framed composite structures using OpenSees (e.g. Cardington tests).
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Abstract
The composite steel and concrete floor slabs reinforced with steel fibres were tested at
ambient and at elevated temperature at Czech Technical University in Prague. The slabs and
secondary beams were fire unprotected during the tests at elevated temperatures. The edge
beams only were protected. The concrete slabs were reinforced by steel fibres only without
added steel bars. The tests demonstrated the suitable properties of the steel fibre reinforced
concrete in fire, which enable creating the membrane action. The material properties of the
fibre-concrete allowed forming a beam, the plate and tensile membrane mechanisms, which
increase the fire resistance of the floor slabs. For the fire resistance of the floor slabs was
utilised the tensile strength and ductility of the steel fibre reinforced concrete. The material
properties tests at ambient and at elevated temperature, summarised in this contribution,
approved the required ductility and tensile strength of the steel fibre concrete reinforced by
70 kg per cubic meter.
Keywords: steel reinforced fibre concrete, fire design, materials properties, composite steel
and concrete floor
INTRODUCTION
The design of concrete, composite steel and concrete and composite timber and concrete slabs
for fire resistance is usually based on prescriptive ratings that specify the minimum slab
thicknesses and the required concrete cover of the reinforcement. These ratings are generally
based on standard fire resistance tests of particular elements using furnaces or simple design
models of behaviour of slab as separated element. However, such approach does not represent

Fig. 1 Slab after fire test in PAVUS with marked cracks
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a real structure as a whole as it does not account for overall floor behaviour, see (Bailey &
Moore, 2000). Fire resistance ratings of properly designed full floor systems is higher than
those of single elements because the compressive restraint in the edging of the slab allows in
the central part of the slab for membrane action to develop increasing the time to failure of the
elements compared to the standard tests. For design of floor slabs et elevated temperature
based Eurocode rules, see (EN 1994-1-4, 2005), may be applied advanced procedures by
FEM analyses and simple procedures, see (Vassart & Zhao, 2011). The ductility of steel fibre
reinforced concrete (SFRC) broadens the range of application of the reinforced concrete and
composite steel-concrete structures. These materials are characterized by high resistance to
cracking, corrosion, abrasion, impacts, fatigue and good resistance in exposition to the high
temperatures, see (Lie & Kodur, 1996). Steel fibre reinforcement helps to maintain the
residual strength and fracture toughness after being heated, see (Rustin & Kodur, 2011).
In the last years, composite SFRC floor slabs at ambient and at elevated temperature have
been tested at the Czech Technical University in Prague. Concrete slabs were reinforced by
steel fibres only without added steel bars. The main aim of the tests was to demonstrate the
sufficient properties of the SFRC slab in fire. For the fire resistance of the floor slabs, it is
important for the material to have sufficient ductility and adequate tensile and shear strength.
These material properties of the SFRC allow for the slab to create a different load bearing
mechanism, which increases its fire resistance.
1

FURNANCE TESTS

Six slabs were tested with sizes of 4.5 x 3 m. The slabs of the thickness 40 mm were concrete
to trapezoidal sheets TR40/160/0.75. The concrete was reinforced by 70 kg per cubic meter.
Added steel fibres had the sizes of 0.75 x 50 mm and its strength was 1100 N/mm2. Four slabs
were tested at the ambient temperature and two at elevated temperature. The tests at ambient
temperature were performed in Prague in UTAM and the tests at the elevated temperature in
Veselí nad Lužnicí in PAVUS, see Fig. 1 and 2. The first floor slab tested at elevated
temperature reached the collapse in 195 min of the test. Deflection of the slab was over
300 mm, see Fig. 3. Integrity of the slab was maintained during 75 min and criterion of
isolation was transgressed after 65 min. The second floor slab tested at elevated temperature
approved the resistance of R120.

Fig. 2 Sizes of the specimen and location of the deflectometers by the test

387

Time [min]
0

15

30

45

60

75

90 105 120 135 150 165 180 195

0

Deflection [mm]

50
100
150
200
250
300
350

Fig. 3 Vertical deflection in the centre of the slab
2

MATERIAL TESTS

2.1 Material properties at ambient temperature
For the prediction model developed under the project were created tests of the materials
properties. Concrete mixtures were two. In concreting plants, for each mixture there was
made 9 cubes and 9 scantlings. Concreting plants were in the towns JindĜichĤv Hradec and
Písnice. Sizes of the cubes were 150 x 150 x 150 mm and scantlings 150 x 150 x 700 mm.
The cubes were tested in simple compression and scantlings by for point bending test to
describe the tensile properties of concrete according (EN12390-5, 2009), see Fig. 4. The
scantlings were tested at 20 °C, at 500 °C and 600 °C
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Fig. 4 Scantling H-1-20 after the test at
ambient temperature

Fig. 5 Force – deflection relation from four
point bending test at 20°C.

The six cubes from concreting plant Písnice reached an average compression strength of
80.9 N/mm2 and three cubes in lateral tension showed by the tests an average tensile strength
of 7.4 N/mm2. This concrete was used on the tests of the slabs at ambient temperature. The six
cubes from concreting plant JindĜichĤv Hradec reached the average compression strength
68.3 N/mm2 and three cubes in lateral tension showed by the tests an average tensile strength
7.1 N/mm2. This concrete was used on the test of the slab at elevated temperature.
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There were tested 2 x 3 scantlings at 21 °C. The scantlings were tested by four-point bend, see
Fig.3. There is shown a specimen after creation of the macro-crack. The fibre concrete
achieved average tensile strength of 6.42 N/mm2 and its average ductility was 1.1 ‰
(concrete plant JindĜichĤv Hradec). Second concrete mixture achieved average tensile
strength of 7.22 N/mm2 and average ductility was 0.92 ‰. This ductility was measured at the
initiation macro-cracks. After creating the macro-cracks, stretch was increasing and load
bearing capacity was decreasing. The force - deflection relation from four point bending test
at 20 °C is shown in Fig. 5.
2.2 Material properties at ambient temperature
Materials property tests were performed on the specimens, which were heated up by five
electrical heaters. The specimens were heated to the temperature of 500 °C and 600 °C. The
specimens were thermally protected and were heated up four hours so that the temperature in
the scantling is uniformly distributed. The temperature was control by four thermocouples.
The deflections were measured by two mechanical deflectometers, which were due to the
temperature installed a little while before the loading of a specimen. The loading scheme was
the same as by the test at ambient temperature. Fig. 6 shows the specimen during the heating.
The heating was performed directly in the press. Tab. 1 shows the average values of tensile
strengths at ambient and elevated temperature and reduction coefficients at selected relative
deformation.

Fig. 6 The specimen during the heating
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Fig. 7 Force – deflection relation from four
point bending test at 500°C
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Fig. 8 Force – deflection relation from four
point bending test at 600°C.

20

Tab. 1 Average values of tensile strengths at ambient and elevated temperatures
Temperature Max tensile
of
strength
specimen (N/mm2)
20 °C
500 °C
600 °C

5.8
3.5
1.5

Tensile
strength
İ=6‰
(N/mm2)
3.2
3.3
1.4

Tensile
strength
İ=10‰
(N/mm2)
2.2
3.0
1.4

Tensile
strength
İ=14‰
(N/mm2)
2.2
1.3

kmax

k6‰

k10‰

k14‰

1.00
0.59
0.26

0.55
0.58
0.25

0.38
0.53
0.25

0.34
0.24

There were tested 2 x 3 scantlings at 500 °C and 600 °C. The scantlings were tested also by
four-point bend. The ductility was calculated at the initiation macro-cracks. The fibre concrete
achieved at temperature 500 °C average tensile strength of 3.52 N/mm2 and its average
ductility was 8.77 ‰. At 600 °C it had 1.53 N/mm2 and ductility was 6.99 ‰. Fig. 6 and 7
show force – deflection relation at four point bending tests.
3

CONCLUSIONS

Homogeneity of the results of material tests of fibre concrete was good. The steel fibre
reinforced concrete demonstrated appropriate ductile behaviour. Based on experiments the
reduction coefficient of decrease strength of SFRC was prepared, see (BednáĜ et al, 2011 and
2012). The ductility of SFRC by 500 °C was higher than by 20 °C but also than by 600 °C,
see Fig. 9.
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Fig.9 Relative stress-Strain diagram of the fibre concrete at 20°C, 500°C and 600°C
The evaluation of the material properties of SFRC and the tests with floor slabs allows the
preparation of FEM model and analytical prediction model. The models are taking into
account the contribution to the behaviour of the steel beam and SFRC slab in bending and the
development of membrane behaviour at large deformation at elevated temperature.
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Abstract
In the paper a novel three-phase finite-element numerical model for the fire analysis of sideplated reinforced concrete (RC) beams is presented. In addition, advantages of beam side
reinforcing as a measure of structural retrofitting are explored for a selected case and an
important contribution of the side plates to the ultimate fire resistance of the RC beam is
observed.
Keywords: side–plated beam, fire, longitudinal slip, transversal slip, moisture transfer, heat
transfer, high temperatures.
INTRODUCTION
Over the course of the past few decades the technique of plating of flexural beams has
become acknowledged as one of the peak engineering solutions of structural retrofitting.
During this time a vast number of different plating solutions has been introduced in the
market (i.e. the tension-face plating technique, the side-plating technique, the U wraps, etc.),
yet it seems, that for every day engineering purposes only the tension face plating technique
has been widely accepted. Undoubtedly, this is also a reflection of the current status of the
scientific publications. While a vast number of favourable scientific findings have been
presented in the field of the research of the tension face plated beams, the reports on the
investigations of the alternatively plated beams are extremely rare and our understanding
of their behaviour under different types of loading (especially such as in fire) is still poor.
When considering RC beams at high temperatures a complex numerical analysis cannot be
avoided. To fully understand the complexity of the problem, the microscopic structure of
concrete and changes, that it undergoes at high temperatures, need to be looked in detail.
Concrete consists of not only the hardened cement paste but also of pores partially filled with
water (liquid, adsorbed or chemically bound) and with the gaseous mixture of dry air and
water vapour. Due to the presence of gas and water the heat capacity of the material is
increased and, in addition, heat is not only conducted but also convected through the material
and accompanied with chemical decomposition and phase changes (water evaporation and
vapour condensation). On top of the temperature gradients, also the pressure and the
concentration gradients are established inside the concrete body and free water and gas fluxes
are evoked. Depending on the permeability of the thermally and mechanically damaged
material, these are headed partially outwards, towards the heated surface, and partially
inwards, towards the cooler layers of concrete where vapour condenses. Inside the concrete
body, in the area where the permeability of the material is substantially diminished (e.g. due
to high saturation levels), the gas and water flow is hindered and its speed is reduced. This (so
called) plugged zone eventually causes a rapid rise of pore pressures in front of the zone,
accelerated crack propagation in this area and, in most severe cases, explosive spalling
(separation) of the damaged material.
Within the last decade, several different models have been suggested in scientific literature for
analyses of concrete structures at high temperatures. Depending on whether ‘mechanical’
(stress induced) damage effects are accounted for in the heat and mass transfer inside the
concrete element or not, two fundamental groups of such models can be distinguished. The
first group represents the models (e.g., Davie et al., 2006), where the mechanical effects are
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neglected in total. In line with this assumption, these models are only applicable for concrete
structures with zero mechanical loading and where thermal dilatations of the concrete element
are not (significantly) restrained, so that no (significant) stress is induced in the element
during fire. For a general case of a mechanically loaded concrete structure in fire, however,
only the alternative fully coupled thermo-hygro-mechanical models are commonly applicable
(e.g. Gawin et al., 2003). Unfortunately, in these sophisticated models, extremely complex
systems of governing equations and their respective constitutive relationships are usually
observed and the accompanying numerical procedures are often found as unmanageably time
consuming. As a result, the applicability of these models for different types of concrete and
composite concrete structures is still limited and only specific problems with a small number
of DOFs are mostly analysed in this way. In lieu of complex hydro-thermo-mechanical
models, therefore, an empirically validated proposal for capturing the 'mechanical' effects in a
pure hygro-thermal model indirectly has been recently presented by Dwaikat and Kodur
(2010).
In the present paper a new three-phase numerical model for thermo-mechanically loaded
side–plated RC beams is presented. In the first phase of the model, the time-dependent change
of temperatures in the fire compartment surrounding the structure is defined, e.g. by engaging
a CFD model of fire–driven fluid flows or by selecting an adequate fire curve prescribed in
standards and regulations. For the sake of simplicity, the standard ISO 834 fire curve is
engaged in this paper. The following hygro-thermal phase of the model is based on the model
of Davie et al. (2006). Within the latter the proposal of Dwaikat and Kodur (2010) is
additionally implemented capturing the effects of mechanical damage of concrete on its timedependent permeability. Such combined model accounts for: (i) the porous and multiphase
nature of concrete, (ii) phase and chemical transformations, and (iii) mutual interactions and
couplings between the thermal, hygral and (indirectly) mechanical degradation of concrete.
For the final, mechanical, part of the analysis, a new mathematical model and a strain-based
FE formulation is proposed by the authors. In this part of the model the following phenomena
are considered: (iv) partial longitudinal and transversal interlayer interaction, (v) stressinduced viscous creep of steel, and (vi) stress-induced creep and transient deformations of
concrete. In zones where due to the changes in temperatures cyclic loading and reloading of
the material is triggered, (vii) elastic reloading and (viii) kinematic hardening of the material
are assumed. Since the separate phases of the proposed model have already been extensively
validated against experiments elsewhere (see, e.g. Kolšek, 2013), this part of the presentation
of the model is in the paper omitted. The paper concludes with a case study exploring the
effects of the side strengthening of a selected RC beam on its fire resistance.
1

THERMO-HYGRO-MECHANICAL ANALYSIS OF A SIDE-PLATED RC BEAM

In this paper, firstly, for the description of the time development of temperatures of the fire
compartment surrounding the side-plated beam, the standard ISO 834 fire curve is selected.
Secondly, the coupled heat and mass transfer in the beam is observed and, thirdly, the
mechanical response of the structure during fire is pursued. For the second and the third phase
of the model two mathematically independent submodels are suggested. Within each, the total
duration time of the fire is divided into time intervals [t j-1, t j], and for each of the intervals
the basic unknowns of the problem are iteratively determined.
1.1 The heat and mass transfer submodel
In the second phase of the proposed model the time and space distributions of temperatures
and pore pressures in the side-plated RC beam are determined. For the non-porous side plates
Fourier law of heat conduction is employed. For the heterogeneous RC beam the model of
Davie et al. (2006) is selected comprising three governing equations of mass conservation of
free water, water vapour and dry air:
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In Eqs. (1)–(2), Ji is the mass flux of phase i, i is the mass concentration of phase i, EFW the rate
of evaporation of free water (including desorption), and t is time. Index i denotes phases of
concrete: FW is free water, V is water vapour and A is dry air. In Eq. (2) C is heat capacity of
concrete, k is its thermal conductivity, Cv relates to the energy transferred by fluid flow, E is
the specific heat of evaporation, D specific heat of dehydration and T is temperature.
The mass fluxes Ji are further expressed in terms of pressure and concentration gradients
assuming that the Darcy’s and Fick’s laws are applicable. These and all of the other respective
constitutive equations are in the model adopted as proposed by Davie et al. (2006), thus, they are
not presented in this paper. Nevertheless, an exception regarding the time dependent concrete
permeability evaluations is suggested. In contrast to case studies of Davie et al. (2006) dealing
with problems, where zero ‘mechanical’ effects in the pressure-driven flow evaluations were
assumed, such an assumption is no longer valid when a general case of a fire exposed side-plated
RC beam is analysed. Instead, the ‘mechanical’ effects need to be explicitly considered.
Indirectly, as recently proposed by Dwaikat and Kodur (2010), this can be performed by
accounting for the gradients in the initial permeability of concrete, k0:
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In Eq. (3) ktop refers to initial permeability in the top surface of the concrete section, D to the
depth of the concrete cross-section, y is the distance from top of the cross-section, and x is the
depth of neutral axis at service load and ambient temperature. Further, at each time station t >
0, the permeability of concrete, k, is evaluated in dependency on temperature, T, and the averaged
pressure of liquids and gas inside the solid concrete matrix (i.e. pore pressure), Ppore (Dwaikat
and Kodur, 2010, Gawin et al., 2002):
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The solution of the presented hygro-thermal submodel is finally obtained numerically with the
Galerkin’s type of the finite element method as proposed in Davie et al. (2006).
1.3 The stress-strain evolution submodel
Once the temperature and pore pressure variation in time and space has been obtained, the
stress-strain state evolution in the beam during fire can be pursued. In the mechanical
submodel both of the layers of the steel–concrete side-plated beam (i.e. the layer ‘a’
representing the RC beam and the layer ‘b’ representing the side plates) are modelled
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separately, each by the geometrically exact theory of a planar beam but neglecting the effects
of shear deformations. The related governing equations of the layer 'i ' (i = a,b) are:
9 kinematic:
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( - ) ' in Eqs. (5) denotes the derivative with respect to material coordinate x. ui, wi and i
represent, respectively, the X-displacement, the Z-displacement and the rotation of the
reference axis of the layer ‘ i’ and i and i are its extensional and bending strains (the
curvature). RXi and RZi are the components of the cross-sectional stress-resultants with respect
to the fixed basis (EX, EY, EZ) and N i, Q i, and M i are the cross-sectional axial force, the shear
force and the bending moment. Note, that RXi and RZi relate to N i and Q i as follows: N i 
RXi cosi – RZi sini and Q i  RXi sini + RZi cosi ؞Moreover, Pxi, Pzi, Myi denote
components of the traction vectors P i and M i representing static equivalents of surface and
volume forces after being reduced to the layer’s reference axis, and Np i and Mp i are the
contributions of pore pressures in the total stress of the layer ‘ i’ (the well-known Terzaghi's
principle). These are equal to zero when the non-porous steel side plates are considered (i.e.
for i = b). Furthermore, si and Dis are, respectively, stress and mechanical strain of a generic
particle of the layer ‘i’, and the relationship si(Dis,T) is the material constitutive relationship
of concrete/steel at elevated temperatures accounting also for elastic reloading and kinematic
hardening of cyclically loaded and reloaded material. Based on the temperature of the time
interval j, already determined within the hygro-thermal subanalysis, and the given stress and
strain state in the time interval j-1, the mechanical strain of a generic particle, Di,js, is
determined using the incremental equation:
D i , j  D i , j 1  @D i , j .

(7)

In Eq. (7) Di,j is the increment of the total strain of the layer ‘i’ in the time interval j.
Considering the principle of additivity of strains we assume that the strain increment, ^Di,j, is
the sum of the strain increments due to temperature, ^Dith, stress, ^Dis, creep, ^Dicr, and (for
concrete only) transient strains, ^Ditr (with ^Datr ` 0 and ^Dbtr = 0):

@D i , j  @Dthi , j  @D-i , j  @Dcri , j  @Dtri , j .

(8)

By decomposing the traction (load) vectors of both layers with respect to their external (index
‘e’) and the contact (index ‘c’) contributions:

P i  Pe i T Pc i and M i  Me i T Mc i ,

(6)

the equations of the side plates and the equations of the beam are finally coupled. The contact
contributions, Pci and Mci (where Pca = - Pcb and Mca = - Mcb), depend on the longitudinal (^U)
and transversal (^W) slips between the layers, i.e. Pci = f (^U, ^W) and Mci = g (^U, ^W),
where f and g are functions determined by experiments for the actual type of the contact
connection.
Based on the modified principle of virtual work, the final system of equations of the
mechanical submodel, briefly presented above, is finally solved by a novel strain-based FE
method. For a detailed description of the proposed mechanical submodel, its governing as
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well as its auxiliary equations and the numerical solving procedure a reader is referred to
Kolšek et al. (2013).
2

THE CASE STUDY

We consider a simply supported RC beam externally strengthened with two symmetrically
bolted side plates exposed to mechanical and thermal loads simulating ISO 834 fire
conditions. The geometrical, loading, and reinforcement data of the problem along with its
hygro-thermal boundary conditions are presented in Fig. 2. The initial relative humidity of air
inside the concrete pores is chosen as 60% and the surrounding air relative humidity is 40%.
Furthermore, initial porosity of concrete is set to por,0=0.12 and the initial permeability in the
top surface of the concrete section is ktop=3.10-15m2. The side plate and the beam are
connected by 2 parallel rows of 8 (case ‘c1’) or 5 (case ‘c2’) bolts at each end and each side
of the beam. For each of the connectors the constitutive law of contact as suggested by Huang
et al. (1999) is used, where for the maximal bearing capacity of a shear connector at room
temperature Pmax=40kN is chosen. The material data at ambient temperature used in the
analyses are: compressive strength of concrete fc,20 = 3.43kN/cm2, elastic modulus of concrete
Ec,20 = 3250kN/cm2, yield strength of steel fys,20 = 33.5kN/cm2, elastic modulus of steel Eys,20 =
21200kN/cm2, yield strength of reinforcing steel fya,20 = 53.7kN/cm2, and elastic modulus of
reinforcing steel Eya,20 = 18700kN/cm2. In the analysis, the fire response of the both beams
(cases ‘c1’ and ‘c2’) will be compared against the response of the unstrengthened beam (case
‘c3’) and further against each other.

Fig. 1: Geometrical data, loading data, reinforcement data and the hygro-thermal boundary
conditions.
The distributions of temperature and pore pressures over the concrete part of the cross section
of the side-plated beam and over the cross section of the unstrengthened beam at 22 and 45
min are shown in Fig. 3a. The effect of the vapour-tight side plate preventing the vapour from
escaping the side-plated beam is here seen clearly. In comparison to the unstrengthened beam,
increased pore pressures are observed along the steel–concrete contact in the side-plated beam
resulting in a slight reduction of temperatures of concrete (observe the hottest regions of the
cross-section). Nevertheless, the rate of pore pressures evolved in concrete is small in both
cases, therefore, their contribution to the total stress of the RC beam can be neglected from
the proceeding mechanical subanalysis. Moreover, as confirmed by the criterion of concrete
spalling, suggested by Dwaikat and Kodur (2010), in the presented cases spalling of concrete
is only superficial and can be also neglected. As in the present analysis characteristics of
normal strength concrete have been assumed, such conclusions are rather expected.
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Fig. 4 shows the increase of the midspan deflection with time for the two observed cases ‘c1’
and ‘c2’. The bearing capacity of the strengthened beams (tcr { 45 min) is here obviously
greater than that of the unstrengthened beam (tcr = 23 min) and almost a 100% increase in the
fire resistance of the RC beam after its strengthening is observed. By comparing the results
for the side–plated beams ‘c1’ and ‘c2’, however, higher number of bolts would appear
unreasonable at first glance, especially since for both cases load-deflection curves as well as
the predicted fire resistances (tcr) are almost identical. Nevertheless, as observed in the
numerical analysis, by increasing the number of bolts (case ‘c1’), the pronounced creep
deformations in the reinforcement bars of the RC beam would be discovered prior to the
collapse and a material instability of the concrete part of the composite cross-section would be
eventually reported. Because, in this way, the structure would not fail due to a contact failure
(as it would in the alternative case of the ‘c2’ beam) the bearing capacity of the beam would
be fully exploited. In contrast to the case shown in this paper, this could be of a special
importance, if the RC beam was sufficiently strong.

Fig. 2: (a) Temperature and pore pressure distributions in the mid-span cross-section of the
analysed beams. (b) The time-deflection curves.
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Abstract
The fire performance of steel connections is crucial to provide integrity and stability to floor
systems. In full-scale fire tests, the steel frame systems experience large deflections and
rotations, which in turn subject the connections to large axial forces and moments. The shear
connections, which have limited rotational allowance due to a small gap distance between the
beam and the supporting member, exhibit a semi-rigid behavior during fire. Further, the effect
of the concrete slab is observed to be beneficial to the deflection behavior of the floor system
in several experiments. In this study, the fire performance of a beam with a concrete slab is
investigated with varying degrees of rotational rigidity and the tension capacity of the
concrete slab with steel rebars. The thermo-mechanical analysis capability of Opensees is
utilized.
Keywords: steel beam, composite beam, connection, restraints, Cardington, fire, Opensees
INTRODUCTION
A recent capability in analyzing the thermo-mechanical problems is added to Opensees by the
research team in University of Edinburgh in U.K, which is an open-source software
framework to simulate the performance of structures subjected to earthquakes (Mazzoni et al.,
2007). This paper contributes to the development of this newly added thermo-mechanical
analysis capability by integrating the rotational end restraints to the composite beam elements.
A part of the 2D unprotected steel frame subassembly is modeled and analyzed using
Opensees. The frame consists of a two-floor and two-bay compartment consisting of two
composite beams restrained by four columns. One bay is subjected to nonuniform temperature
whereas the other bay is kept at ambient temperature to consider the catenary action of the
concrete slab from the cold region. The springs with nonlinear moment-rotation curves are
defined at the beam end restraints. These spring models take account the rotational allowance
of shear connections as well as the decreased stiffness due to beam local buckling. Further,
the rebar locations and sizes are varied to observed the effect on the global beam behavior.
1

CARDINGTON BUILDING TEST

In 2003, a large full-scale test on an 8-story steel framed building at Cardington facility (Wald
et al., 2006). The goal was to understand the behaviour of beam-to-column and beam-to-beam
connections and to quantify the effect of concrete slab on the restrained beams. Fig. 1
illustrates the floor layout of the test. Previously, the subassembly with the single plate
connection in the shaded compartment is modeled with three-dimensional solid elements in
Abaqus (Selamet and Garlock, 2010). Although the detailed model was very useful to see the
local buckling in the connection and the connection failure during the cooling phase, the finite
element model required large amount of time to build and run. In this paper, the same
secondary beam is represented with a much simpler model to study the effects of connection’s
rotational capacity and the tensile capacity of the concrete slab during the cooling phase.
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(a)

(b)

Fig. 1 Details of Cardington building test: (a) single plate connection and (b) the heated
building compartment (the modeled beam with thick lines)
In Cardington test, the secondary beam 305x165x40UB is steel with 300 MPa yield strength,
the concrete slab is composed of 35 MPa of lightweight concrete (no tensile strength) with
A142 anti-crack mesh, which has 320 m2/m area of steel and 460 MPa of yield strength. The
beam is loaded with 21.45 kN/m uniformly distributed load assuming its corresponding
tributary area. The structural temperatures are read directly from the thermo-couple readings
of Cardington test.
2

THE FINITE ELEMENT MODEL IN OPENSEES

2.1 Description
A recent capability in analyzing the thermo-mechanical problems is added to Opensees by the
research team in University of Edinburgh in U.K (Usmani, 2012; Jiang, 2013). In this paper,
the realistic scenario of Cardington test is simulated using the structural fire capability of
Opensees. For this particular problem, only the secondary (restrained) beam in the heated
compartment is investigated. The steel and concrete material properties are adopted from
Eurocode 3 (CEN, 2005) by using the Steel01Thermal and Concrete02Thermal commands.
The composite beam is modeled as one section with 8 fibers of concrete slab and 8 fibers of
steel beam. The steel mesh is represented as one layer of 8 steel rebars with area of 40 m2 as
illustrated. The effective composite section width is taken from the Steel Construction Manual
(AISC, 2005) as 2.25 m, which is one quarter of the total beam length. Only half of the rib
area, which runs perpendicular to the beam direction, is added to the concrete slab as shown
in Fig. 2.
From the previous research by the authors (Garlock and Selamet, 2010), it was concluded that
the cool neighboring compartment (see Fig. 1) provided almost rigid axial constraint to the
heated beam. Therefore, the heated beam is axially fully restrained. The Zerolength Element
command is used to simulate the semi-rigid connection behavior of the single plate shear
connection. The single plate connection, as other types of shear connections, has a gap
distance that allows limited free rotation (pinned) as seen in Fig. 3. After the gap is closed, the
connection behaves as fixed (with high rotational stiffness). Using UniaxialMaterial
ElasticPPGap command, the realistic behavior of the connection is achieved. The forcedeformation character of the Zerolength Element is shown in Fig 4. After the gravity load is
applied to the beam, the ‘Fire Pattern’ command is used to apply the structural temperatures
at 7 different fiber locations across the composite beam section as shown in Fig. 2. The
temperatures are obtained from Cardington test as shown in Fig. 5. The Corotational
command is used to invoke geometrically nonlinear analysis. A full Newton analysis is done
using algorithm Newton and test NormUnbalance commands.
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Fig. 2 Composite beam section in Cardington
test

Fig. 3 Composite beam section model in
Opensees

Fig. 4 Semi-rigid connection stiffness of the
single-plate connection

Fig. 5 Fire loading applied to the beam

2.2 Validation
The model in Opensees is compared with the vertical beam midspan deflection obtained from
Cardington test. Since the full-scale single plate connection is represented by a 1D rotational
spring at the beam end, the spring needs to be calibrated according to the vertical deflection
result in the experiment. In addition, an allowable free rotation 65x10 -3 rad is taken as
estimated by Eq. (1) (Jaspart, 2003) and illustrated in Fig. 3. Fig. 6 shows that the model with
a large rotational stiffness of 10*EI (of the steel beam) and the experiment are in close
agreement. The heated beam deflects as the stiffness of the steel material decreases. The semirigid connection behavior avoids a possible runaway behavior. As the region gets into the
cooling phase, the beam contracts and regains some of the deflection but it is significantly
limited due to plastic deformations in the beam and in the rebars.
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3

PARAMETRIC STUDY

3.1 Effect of concrete slab
A parametric study is conducted to investigate the effect of the concrete slab and the rebar to
the vertical deflection behavior of the composite beam section. As seen in Fig. 6, the bare
steel beam experiences runaway behavior and fails during the heating phase of the fire.
Further, the composite beam without rebars deflects significantly larger due to the limited
tensile capacity of the composite beam. The previously validated composite beam with rebars
is in close agreement with the experiment.

Fig. 6 Vertical deflection of the beam midspan of various parametric studies
3.2 Effect of rebars
Fig. 7a) shows the stress-history in the beam web and in the rebar at the beam end (supports).
Independent of the rebar size, it is observed that the rebar’s tensile capacity (460MPa) is
reached almost immediately after the steel beam yields due to large compression and
degrading material properties at elevated temperatures at 300MPa. The stress-strain history of
the rebar (not shown) points out that the rebar enters to the unloading (decreasing) stress state
at around 2.5% strain during the cooling phase of the fire due to the significant strength regain
of the steel beam. Therefore, the stress in the rebar decreases due to large strains after 80
minutes of fire and the regain of the strength is not observed. The increased rebar area
increase the tensile stress in the rebar and in the beam web since the beam has deflected much
less during the heating with larger rebar (tensile) contribution as clearly seen in Fig. 7b).
Fig. 8a) illustrates the effect of the rebar location on the fire performance of the composite
beam. If the rebar is placed further from the beam (closer to the concrete top surface), the
rebar carries nearly the same tensile stress as the beam web. As observed in Fig. 8b), the
further away the rebar from the beam, it experiences smaller strains. This behavior is expected
since the temperatures in the concrete slab are much lower than the temperatures in the steel
beam. However, since the yield stress of the rebar is already reached at earlier stages, the
strain deformation does not seem to affect the tensile stress development in the beam web
during the heating and the cooling phase of the fire.
3.3 Effect of end restraints
The rotational allowance θcontact is varied from 0 rad to 90x10-3 rad (see Fig. 4) with the gap
parameter in UniaxialMaterial ElasticPPGap command in Opensees. The effect, though
insignificant, is seen in early stages of fire in Fig. 9. The rotational spring does not seem to
affect the global vertical deflection of the beam midspan mainly because the beam elements
near the end supports yield and form a plastic hinge.
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(a)

(b)

Fig. 7 Stress-strain history of the beam web and the rebar at the beam end with different
rebar sizes

(a)

(b)

Fig. 8 Stress-strain history of the beam web and the rebar at beam end with different rebar
locations

Fig. 9 The vertical beam midspan deflection for various rotational (gap) allowance
with the Zerolength Element

403

4

SUMMARY AND ACKNOWLEDGMENT

This paper investigates the behavior of an axially restrained composite beam in Cardington
test. A newly developed thermal capability of Opensees is utilized to model and run the
analysis. The secondary beam is loaded with large gravity and thermal loading to test its
ultimate capacity especially during the cooling phase of the fire. Due to the 1D nature of the
beam elements, the full effect of the composite behavior is not observed. It is concluded that
Opensees is especially an advantageous tool to create more realistic boundary conditions by
using multi-purpose spring elements. However, some convergence problems are reported with
using Steel02Thermal elements and with Concrete02Thermal elements with nonzero tensile
capacity. Further, most of the analyses did not converge using algorithm ModifiedNewton
command.
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Abstract
The scope of this paper is to examine the performance of a steel framed structure under fire
conditions after earthquake events. Taking into account this combined scenario, it is clear that
the fire behavior of steel structures depends on the intensity of the ground motion and the
study should be based on the performance based design philosophy. For this purpose a threedimensional beam finite element model is developed using the non-linear analysis code MSC
Marc. The combined scenario involves two different stages: during the first stage, the
structure is subjected to the ground motion record while in the second stage the fire occurs.
Several time-acceleration records are examined, each scaled to multiple levels of the Peak
Ground Acceleration (PGA). The objective is to relate, the level of damage of the structural
members occurring due to earthquake, to the fire-resistance of the structure.
Keywords: fire-after-earthquake, steel structures
INTRODUCTION
The design of structures according to the current codes is performed individually for the
seismic and the thermal actions. Despite the significant progress of the worldwide scientific
research on the earthquake response and on the fire-performance, the research concerning the
combined scenario is rather limited. It is expected that the damage induced by earthquake can
be present to both structural and non-structural members. The seismic damage to nonstructural members can be related to different fire-after-earthquake (FAE) scenarios that
should be considered at the fire design of the structure. Moreover, it is expected that the fire
performance of structures will be different, depending on the level of damage caused to the
structural members by the seismic loads.
Recently, some studies have been conducted, for the evaluation of the performance of
structures under combined scenarios of FAE. For example, the post-earthquake fire resistance
of steel moment resisting frames is evaluated in Zaharia et al (2009). Moreover, two different
moment resisting steel frames are considered in Della Corte et al (2003) for the evaluation of
the FAE resistance.
1

DESCRIPTION OF THE PROBLEM

The aim of the current study is to evaluate and quantify the behaviour of the four-storey steel
frame, which is illustrated in Fig. 1, for the combined scenario of fire after earthquake. Taking
into account the fact that the behaviour of the structure for the combined scenario is strongly
dependent on both structural and non-structural damage induced due to the seismic action, it
is evident that the problem should be approached through the performance based philosophy.
For this purpose, the multi-level design approach of FEMA which considers four different
seismic performance levels (Operational, Immediate Occupancy, Life safety and Collapse
Prevention), is adopted. Following the principles of the performance based seismic design, the
intensity of the earthquake is scaled up in order to represent more severe seismic actions. For
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this reason seven different accelerograms are selected, according to the criteria that are
defined in Section 1.2. The earthquake records are scaled to multiple levels of the Peak
Ground Acceleration (PGA). Each FAE scenario consists of two different stages. The first
stage is defined from the time-acceleration record while in the second stage the fire is
described using the ISO fire curve. It is noted that in the current study, the damage induced to
the non-structural members due to earthquake (e.g. breakage of windows, broken sprinkler
system etc.) is not taken into account.
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Fig. 1 The considered steel frame
The study here is focused on new buildings where the regulations of the current codes are
applied. The first task is to design the steel frame for the ultimate limit state (ULS)
combination of actions for the gravity loading. Regarding the design for the seismic actions,
the principles of EN 1998-1-1 (2004) are followed and the lateral force method of analysis is
used. Specifically, Type 1 elastic response spectrum is considered with ag = 0.36 g and soil
type D (S=1.35). The behaviour factor q was taken equal to 4.
The modelling of the seismic and the fire hazard follows. The seismic action is modelled
through different time-history acceleration records.To this end, seven time-history
acceleration records are selected from the European strong motion Database. These records
are scaled to match the design spectrum using Rexel v3.5 (Ambraseys et al, 2002) following
the guidelines of par. 3.2.3.1.2 of EN 1998-1-1 (2004).The considered records are
summarized in the headings of Tab. 1. The fire action is represented through the ISO fire
curve and it is supposed that the fire breaks out in the first level of the frame structure as it is
illustrated in Fig. 1. In order to simplify the problem, it is assumed that the temperature inside
the fire compartment is uniform. The temperature-time curves are calculated according to the
guidelines of EN 1993-1-2 (2003), depending on the cross-section characteristics of the
structural members. Finally, the FAE scenarios are defined. Regarding the seismic action, the
time-history acceleration records, which were already modified as explained earlier, are
further scaled to three levels of the Peak Ground Acceleration (PGA) using the scale factors 1,
1.5 and 2. It is noted that the reference fire scenario corresponds to the case where the
structure is not damaged due to earthquake.
2

NUMERICAL SIMULATION

The numerical analysis is carried out using the nonlinear finite element code MSC-Marc
(2011). The model for the simulation of the behaviour of the steel frame is developed using
element 98 of the library of MSC Marc (2011). This is a straight beam in space which
includes transverse shear effects. The cross-section of the finite element used for the
numerical modelling, is a user-defined solid numerically integrated one. Four different
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branches are defined for the sections of the structural members: the upper flange, the web
(which is divided into two parts for more accurate results) and the lower flange branch.
Depending on the order of the numerical integration that is selected for every branch of the
cross-section, the stress strain law is integrated through solid sections using a Newton-Cotes
rule. The output results are exported to different layers, corresponding to the position of the
integration points. The results are exported to different layers corresponding to positions of
integration points.
The yield stress of the structural steel is equal to 275 MPa at room temperature. All the
material properties are supposed to be temperature dependent according to EN 1993-1-2
(2003). It is underlined that the strain hardening of the steel for temperature range 20 C – 400
 is neglected in order to simplify the problem.
The problem is solved through dynamic transient analysis with direct integration of the
equations of motion and the Newmark-Beta operator is used.
The numerical analysis is divided into two different parts. In the first analysis the steel frame
is subjected to the seismic action while in the second one the analysis restarts and the
deformed structure is exposed to the standard fire ISO curve for 60 minutes.
3

RESULTS OF THE NUMERICAL ANALYSIS

The results of the time history analysis for the earthquake loading indicate that the steel frame
fulfils the demands of the capacity design rules and the plastic hinges are formed at the beam
ends and to the columns bases, as it is expected. The study is focused on the structural
members which are exposed to the fire in the next stage of the analysis (beam A, column B
and column C), as it is illustrated in Fig. 1. At the starting point of the fire analysis plastic
hinges have already been formed at the ends of beam A. The fire-after earthquake analysis
indicates that the failure occurs when one more plastic hinge is formed at the mid-span of the
beam. It is evident that this is a local type failure. In this study it is considered that the global
failure of the steel frame will follow immediately after the local failure.
In order to study more systematically the behaviour of the steel frame under the combined
scenario of fire after earthquake, the results of the analyses are classified according to the
amplitude of the maximum equivalent plastic strain that is developed to the plastic hinge
locations, at the end of the seismic analyses. This classification characterizes the level of
damage induced in the structural members. Tab. 1 summarizes maximum equivalent plastic
strain at both ends of Beam A for the various FAE scenarios. It is noted that Beam A appears
the higher degrees of damage, compared with all the structural members of the steel frame.
It is observed that the results corresponding to the scale factors (S.F.) 1 and 1.5, are
reasonable. On the contrary, when the scale factor 2 is implemented in the analysis, the values
of the equivalent plastic strain become very high. The results that produce values of
equivalent plastic strain higher than 0.2 are not considered acceptable and the corresponding
FAE scenarios are not further studied.
Tab. 1 Level of damage for the FAE scenarios (end of the earthquake)
Fire-after-earthquake scenarios
FAE 290xa

FAE 293ya

FAE 612xa

FAE 1726xa

FAE 1726ya

FAE 5850xa

FAE 6142ya

x=0 x=8m x=0 x=8m x=0 x=8m x=0 x=8m x=0 x=8m x=0
x=8m x=0 x=8m
1.0 0.020 0.036 0.044 0.036 0.032 0.028 0.046 0.046 0.034 0.022 0.016 0.022 0.080 0.090
1.5 0.100 0.138 0.124 0.134 0.200 0.200 0.158 0.162 0.086 0.104 0.070 0.058 0.220 0.222

S.F.

2.0 0.308 0.346 0.262 0.294 0.528 0.564 0.278 0.266 0.154 0.192 0.158 0.152 0.406 0.442

The distributions of the equivalent plastic strain along the height of the cross-section of Beam
A, for both the beam ends, are presented in Fig. 2. These distributions correspond to the
starting point of the fire analysis. It is observed the plastic hinges are “fully” developed at
both beam ends at the end of the earthquake event, and this holds for all the FAE scenarios.
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Fig. 2 Equivalent plastic strain distribution at x=0 and x=8m for Beam A (S.F. 1.5)
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The evaluation of the outcomes of the analyses, taking into account the equivalent plastic
strain is a qualitative approach, for thoroughly understanding the behaviour of the structure
during the combined scenario, but is not an objective criterion for the determination of the fire
resistance of the steel frame. In this study the criterion that is proposed in order to assess the
fire-resistance of the structure, is based on the rotational capacity of the structural members at
elevated temperatures.
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Fig. 3 Rotation limits
Advanced three-dimensional numerical models are developed for the determination of the
rotational capacity of the steel beams under fire conditions (Pantousa D. et al, 2011). The
three-dimensional models are based on shell finite elements and take into account the existing
initial imperfections of the steel members. Parametric analyses are conducted with respect to
the amplitude of the initial imperfections, in order to obtain moment – rotation curves for steel
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IPE beams at elevated temperatures. The limit values for the rotation of the beam at the plastic
hinges positions (beam ends) are represented in Fig. 3, for models that do not take into
account initial imperfections (perfect models) and for models which include different levels of
initial imperfections. In order to take into account the seismic damage, the limit values for
rotation ș, are also obtained for beams which are pre-damaged due to cyclic loading. Each
curve corresponds to different level of damage which is classified according to the level of the
equivalent plastic strain that develops. The perfect models are examined only for the case
where the beams are not damaged due to cyclic loading. Comparing the evolution of the
rotation of beam A as the temperature increases with the limit values of Fig. 3, the fireresistance of the steel frame is obtained.
In order to explain the procedure that was followed, the example of Fig. 4a) is presented. Two
different curves are depicted. The first curve corresponds to the plastic hinge rotation (beam
end at x=8 m) during the fire exposure in the case of FAE scenario 6142 ya, using S.F.=1,
while the second curve represents the maximum acceptable rotation of the beam plastic hinge
as a function of the temperature, for amplitude of initial imperfection equal to 0.5 mm. It is
evident that this last curve corresponds to a specific level of damage induced to the end of the
beam due to earthquake. In the specific case of Fig. 4a), as it is observed in Tab. 1, the level of
damage for the beam end at the location x=8m, is equal to 0.09, thus the corresponding curve
is selected in order to assess the fire-resistance time. The intersection of the two curves of
Fig.4a indicates the temperature and the corresponding limiting rotation.
Taking into account the above, it is clear that the fire-resistance time of the steel frame
depends on the level of initial imperfections. Tab. 2 summarizes the fire-resistance of the
structure for the FAE scenarios, considering different amplitudes of initial imperfections.
Concerning the reference scenario, the fire-resistance is obtained for different cases (Fig. 4b).
First, the limit rotation curve that corresponds to the “perfect model” is used and the fire
resistance is calculated equal to 1526 sec. Then, the limit rotation curves which are obtained
through the analyses of the models that take into account initial imperfections, are used. Thus,
the fire-resistance time is calculated equal to 1362 sec, 1526 sec and 1277 sec for amplitude
of initial imperfections 0.5 mm, 2 mm and 5 mm respectively.
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Fig. 4 Calculation of the fire resistance
Finally, the reduction of the fire resistance time of the steel frame for the combined scenarios
is obtained for two different cases (Tab. 2). In the first case (Case 1) the reduction is obtained
taking into account the fire-resistance times of the reference scenario that correspond to
different amplitudes of initial imperfection. In the second one (Case 2) the reduction is
calculated with respect to the fire-resistance of the reference scenario that does not include the
initial imperfections.
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Tab.2 Fire resistance time (sec) and the corresponding reduction for the FAE scenarios
Fire-resistance in time domain (sec)
Amplitude of initial imperfections
0.5mm
2mm
5mm
FAEscenario
scale1
scale 1.5
scale1
scale 1.5
scale1 scale 1.5
290xa
1325
1299
1274
1235
1234
1194
293ya
1331
1313
1281
1257
1244
1216
612xa
1333
1296
1285
1241
1248
1191
1726xa
1324
1293
1273
1230
1232
1186
1726ya
1328
1306
1278
1245
1238
1206
5850xa
1342
1320
1294
1267
1259
1227
6142ya
1321
1281
1269
1222
1232
1171
mean time
1329
1301
1279
1242
1241
1199
Reduction of the fire resistance time for the FAE scenarios
Case 1
2.41%
4.47%
2.28%
5.09%
2.82%
6.13%
Case 2
12.90%
14.74%
16.18% 18.58% 18.68% 21.45%

4

CONCLUSIONS

In this paper the behaviour of a steel frame under the combined scenario of FAE is studied.
The level of damage, induced due to earthquake is classified according to the values of the
equivalent plastic strain in the plastic hinge locations. The fire-resistance of the frame, in time
domain, is calculated using as criterion the rotational capacity of the structural members under
fire conditions, which is obtained through appropriate 3D finite element models. The
reduction of the fire resistance with respect to the undamaged steel frame increases as the
level of damage induced by the seismic action becomes greater. The reduction of the fireresistance strongly depends on the level of the initial imperfection that is taken into account.
5
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Abstract
Furnace test was performed on one full-size floor specimen at the Fire testing laboratory
PAVUS. Floor specimen was 4.5 m long and 3 m wide, consisting of 60 mm fibre concrete
topping on plywood formwork, connected to GL floor joists. It was subjected the standard fire
for over 150 min. The membrane effect of the floor was progressively activated. The project
is part of the experimental research that deals with the effect of membrane action of
composite steel fibre reinforced floor slabs exposed to fire and continuous on previous
research on steel fibre reinforced concrete slabs. The main objective of the project is the
preparation of the analytical prediction model for the fire resistance of the steel-concrete and
timber-concrete slab with steel fibre concrete.
Keywords: timber, fibre reinforced concrete, fire test, furnace
INTRODUCTION
The use of timber-concrete structures has considerably increased especially in case of
reconstructions and constructions of prefabricated residential houses. For this reason it is
necessary to gain a deeper knowledge of the behaviour of timber-concrete structures in fire, to
remove all unknown and to ensure safe use for the intended purpose.
In the concrete slab of the timber-concrete composite floor is necessary reinforcement for
restrain caused by shrinkage of concrete and to obtain a sufficient resistance against tensile
forces around the shear connectors. Consider the amount and the position of the reinforcement
in the slab the thickness of the slab results in a minimum of about 60 mm which leads to an
unnecessary high dead load of the composite floor, see Holschmacher, 2002. For this reasons
several research studies during the last decades have been conducted, with focus on new
timber-concrete composite floor. One of the new kinds of such floor is that the usual
reinforced concrete is replaced by steel fibre reinforced concrete (SFRC). This innovative
concrete with specific hardened concrete properties and fresh was developed to reduce the
slab thickness and to help the construction procedure. With the use of fibres the experiment
shows that the behaviour is more ductile and redistribution of stresses is better.
One of the most important requirements of floor structure is its fire resistance. The fire
resistance of timber-fibre concrete composite elements is mainly influenced by the timber, the
connectors and mixture of fibre concrete. The temperature inside the timber member depends
particularly on the cross-sectional dimensions, on the density and moisture content of wood
and on the fire load and temperature development during the fire. The temperature
development in the place of the shear connection can be governed by the cross-sectional
dimensions, particularly by the width, and by the sort of fire scenario. It is possible to use
nominal, parametric or natural fire scenario. Fire resistance of SFRC can be increased by
adding of plastic fibres (polypropylene, polyester) because the plastic fibres evaporate in
temperature of 100 °C and rise continuous water pore to escape from concrete in case of fire.
The results indicate that the influence of steel fibres on the mechanical properties is relatively
greater than the influence on the thermal properties and is expected to be beneficial to the fire
resistance of structural elements constructed of fibre-concrete. Experimental and theoretical
studies shows that the compressive strength at elevated temperatures of fibre-reinforced
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concrete is higher than that of plain concrete. The presence of steel fibres increases the
ultimate strain and improves the ductility of fibre-reinforced concrete elements, see Kodur,
1996.
The experimental work of testing a composite timber-fibre concrete floor in fire is described
in this report. For the experiments were made material properties tests at ambient and elevated
temperature. There were detected tensile strength and ductility of fibre reinforced concrete.
Thermal and mechanical properties of fibre reinforced concrete at elevated temperature and
numerical modelling of timber-fibre concrete composite floor in fire will be the subject of
further author´s works and papers. The results obtained in the numerical simulations will be
compared with results obtained from furnace tests, which were performed on one full-size
floor specimens in the Fire testing laboratory PAVUS in October 2012. On the evaluating of
results and comparing results and simulations author currently works.
1

TEST AT ELEVTED TEMPERATURE

The full scale floor specimen was designed to span 3,5 m by 4 m according to the furnace
interior dimensions. The composite timber-concrete floor was composed of timber frame, two
secondary beams and a 60 mm thick floor slab connected to glue laminated floor joists.
Concrete slabs with a strength class 45/55 were reinforced by steel fibre only without added
steel bars. The fibre content was 70 kg/m3 with type of fibres HE 75/50 Arcelor.
As connectors were used TCC screws inclined 45 degrees to the beam axis in two rows,
distance of screws in one row is 0,1 m. The timber frame was fire protected and the secondary
beams in the centre of the floor slab were left unprotected. The design fire used in the tests
was the standard fire. The mechanical load during fire was created by concrete blocks
uniformly distributed over the floor. The arrangement of the test specimen is shown in Fig. 1.

Fig. 1 Fire test set-up
The behaviour of the composite slabs in the furnace was recorded by 27 thermocouples and
13 deflectometers. 13 thermocouples were concreted in the composite slab at 3 separate points
across the slab, 4 were located on timber beams and 10 recorded the gas temperature in the
furnace and were located just below the floor. Seven deflectometers measured the vertical
deflections and six measured the horizontal deflections.
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2

EXPERIMENTAL RESULTS

During the heating phase of this test, the standard fire curve was followed which lasted for
150 mins. After that, burners were turned off and the furnace was cooled down naturally. The
unprotected timber beams located at the middle of the floor were heated up to 250 °C. The
maximum recorded temperature occurred after 45 mins at the centre span of beam. Then the
secondary beams failed, see Fig. 2. Integrity of this slab was maintained during the first 100
mins, when the first crack opened. The full collapse of the test was reached at 154 mins due to
damage of the fire protection of edge beams, see Fig. 2.

Fig. 2 Floor during the fire test from bottom

Fig. 3 Collapse of the composite slab

The temperature in the concrete slab continues to rise after the maximum atmosphere
temperature, which occurred at 150 mins. The maximum temperature reached 845 °C in the
middle of the slab 20 mm from the bottom surface of the slab. The temperature rise at the
unexposed face of the composite slab after 150 mins of fire was slightly above 350 °C. The
limit of 140 °C that defines the insulation criterion was exceeded at 52 mins.
At low temperatures, less than 400 °C, the beam deflection is predominantly due to thermal
bowing. At higher temperatures, mechanical deflection will dominate and the deflection
increases at a faster rate. At 150 minutes of fire, the total deflection of the floor reached
220 mm. Their flexural load bearing capacity with this level of heating would no longer allow
them to bear the applied load alone. In consequence, the slab and membrane effect of the floor
was progressively activated, to maintain the global resistance of the floor.
The supported concrete slab was not horizontally restrained around its perimeter and the
supporting protected perimeter beams maintained their load carrying capacity. They were
subjected to small vertical displacements and allowed membrane action to develop with the
in-plane forces in the central region of the slab going into tension and in-plane equilibrium
compressive forces forming in the slab around its perimeter.
Based on the experimental results, behaviour of timber-concrete floor in fire may be divided
into three stages, as shown in Fig. 4. In the initial stage of fire, when the temperature is not
very high, the slab carried applied load in a bending mechanism with small deflections (Stage
1). In addition to the thermally induced downward deflection, the unprotected beam was
losing strength and stiffness due to the increasing temperatures from fire. With increasing
temperature, between 30-45 mins, the strengths of timber and concrete of the slab were
reduced, and the slab behaviour formed in the slab (Stage 2). The temperatures reached in the
timber beam by the end of Stage 2 are in excess of 250 °C. When the temperature of the slab
increased further (after 46 mins), the bending capacity of the slab was not enough, and the
deflection of the slab had to be further developed, which created additional load-bearing
capacity under membrane mechanism to maintain the resistance of the slab (Stage 3). How the
deflection of the slab was larger, the tensile membrane action is higher. Finally, most of the
vertical load on the slab was carried by membrane action.
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Fig. 4 Stages of timber-concrete composite floor during fire test
3

SUMMARY AND ACKNOWLEDGMENT

The timber-concrete slab performed well supporting the applied load for the duration of the
test and pointed out the strength in the system due to membrane action. Due to membrane
action, the existence of secondary timber beams to support the slab is not necessary in the fire
condition and these beams can be left unprotected.
Based on current knowledge and the performed tests the analytical model is prepared for the
fire resistance of the timber- concrete slab with steel fibre concrete.
This outcome has been achieved with financial support of the Grant Agency of Czech
Republic No. P105/10/21591.
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Abstract
In this paper the advanced calculation method to determine the response of timber beams
during fire is presented. In the first phase of the advanced calculation method the development
of temperature across the cross-section of the beam and the char dept are determined. The
second phase consists of the mechanical analysis of timber beam. Char dept for one
dimensional charring is compared to the empirical values from the literature. In addition, fire
resistance calculated with advanced calculation model is compared with the fire resistance
calculated with reduced cross-sectional method proposed by Eurocode (EN 1995-1-2 (2005)).
Keywords: heat transfer, advanced calculation method, reduced cross-sectional method, fire
resistance, timber beam
INTRODUCTION
Fire safety of timber structures is strongly dependent on fire safety of timber elements that
compose it. Timber beams represent one of such elements. From the view of fire safety timber
structures are relatively safe in comparison to other types of structures. This is mainly due to
relatively low thermal conductivity of timber and char. However, the temperature increase is
deteriorating the load bearing capacity of timber elements. The temperature increase results in
a reduction of mechanical properties of timber in addition, timber is subjected to thermal
degradation or so-called pyrolysis. Pyrolysis is a complex phenomenon which starts at
temperatures about 200-300°C and represents the combined effect of various chemical
processes with the process of heat and moisture transfer. The results of pyrolysis are the
formation of char, various gases, acids and resins. As a results the material properties of
timber change. Char layer has both a positive and negative impact. It has a relatively low
thermal conductivity which contributes to a slower warming in the core of the cross section of
the timber element. On the other hand, the char layer has almost negligible strength
characteristics and thus does not contribute to the load bearing capacity of the timber
elements.
Fire safety of a timber beam can be proved in several ways. Standard Eurocode (EN 1995-1-2
(2005)) proposes simplified rules for analysis of structural members and components and
advanced calculation methods. Simplified rules are primarily intended for the approximate
evaluation of fire resistance of timber elements, e.g. beams or columns. The reduced crosssectional method represents one of such simplified procedures. Fire resistance is calculated
based on the effective cross-section, which is determined by reducing the initial cross-section
by the effective charring dept where the design charring rate depends on standard fire curve
ISO 834 (1999). The advanced calculation method allows us to analyse the behaviour of the
structure and its part during the fire. The analysis is divided in tree separated phases. In the
first phase the development of temperatures with time in the fire room is determined. The
standard fire curve ISO 834 (1999) is considered. In the second phase the temperature state of
timber beam is analysed, taking into account the charring of timber. Here the coupled problem
of heat and moisture transfer is not modelled but the moisture content is indirectly considered
with higher specific heat in the temperature range between 100 and 120°C (EN 1995-1-2
(2005)). Based on the temperature state of timber beam the mechanical analysis is determined
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in the third phase. Additive principle is adopted where the increment of the total geometric
strain is divided on the increment of the mechanical and thermal strain.
The aim of this paper is to provide comparisons between both procedures which are proposed
by Eurocode.
1

THERMAL ANALYSIS

1.1 Heat transfer
To determine time dependent temperature in cross section of timber element all three ways of
heat transfer are considered: convection, radiation and conduction. Heat conduction over crosssection is described with Fourier partial differential equation:
⎛
∂T ⎞ ∂
∂T
+Q − ρ ⋅c⋅
= 0.
⎜ kij ⋅
⎟
⎜
⎟
∂xj ⎠ ∂xi
∂t
⎝

(1)

Heat transfer through outer surface of the beam due to convection and radiation is considered
with appropriate boundary conditions. These are:

Sq : q s = −kij ⋅

∂T
ni ,
∂x j

S : T (t = 0) = T0 .

ST : T s = T ,

(2)

In equations (1) and (2) S denotes cross section of beam, Sq is a part of cross-section where
specific surface heat flux qs is prescribed, ST represents a part of cross-section where
temperature TS is prescribed, t is time, kij constitutes the symmetric thermal conductivity
tensor, ∂T/∂xj is the partial derivate of temperature over coordinate xj, ni is a component of the
unit vector perpendicular to the cross-section, Q is the internal heat source, ρ the density of
material, c specific heat and T0 is the initial temperature at any point of the cross section.
Specific surface heat flux consists of the share represented by the exchange of heat between
the body and the surrounding area by convection (qc), the share of the radiation (qr) and from
other sources (q0).
q s = qc + q r + q0 .

(3)

Heat flux due to convection qc depends on the temperature of gases in the vicinity of the fire
exposed element Ts, the surface temperature of the element T and coefficient of heat transfer
by convection αc. Heat flux due to radiation qr depends on the emissivity of the surface of the
element εm, Stefan-Boltzman constant σ and the difference between the effective radiative fire
temperature Tr and the surface temperature of the element T.
qc = α c ⋅ (Ts − T ) ,

(

)

q r = ε m ⋅ σ ⋅ Tr4 − T 4 .

(4)

System of equations (1)-(4) is solved numerically by the finite element method in the Matlab
environment.
1.2 Material properties of timber and the char layer at elevated temperatures
Temperature dependence of the specific heat of timber, density ratio for softwood and thermal
conductivity for timber in accordance with standard EN 1995-1-2 (2005) are shown in Fig. 1.
With the increase of the specific heat of timber in temperature range between 100 and 120°C
the indirect impact of evaporation of water on the development of the temperature in timber is
modelled. Thermal conductivity suggested by the EN 1995-1-2 (2005) takes into
consideration increased heat transfer due to shrinkage crack at temperatures above 500°C.
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Fig. 1 Temperature-specific heat relationship for timber and char, temperature dependent
density ratio for softwood (for initial moisture content of 12%) and temperature
dependent thermal conductivity for timber and the char layer (EN 1995-1-2 (2005))
2

MECHANICAL ANALYSIS

The presented finite element formulation is based on Reissner’s kinematically exact model of
beam where large membrane and flexural deformations are allowed (Reissner, 1972). The
effect of the shear strain is neglected. The geometric extensional strain is a function of
extensional strain of centroidal axis ε and its pseudocurvature κ. The Bernoulli hypothesis is
considered and the geometric extensional strain over the beam cross section can be written:
D ( x, z ) = ε ( x ) + zκ ( x ) .

(5)

Basic equations for beam are presented by kinematic, equilibrium and constitutive equations:
1 + u '− (1 + ε ) cos ϕ = 0,
w '− (1 + ε ) sin ϕ = 0,

ϕ '− κ = 0,

( N cos ϕ + Q sin ϕ ) '+ px = 0,
( − N cos ϕ + Q sin ϕ ) '+ pz = 0,
M '− (1 + ε ) Q + m y = 0,

N c = σ ( Dm , T ) dA,

∫

A

M c = zσ ( Dm , T ) dA.

∫

(6)

A

The prime ( ) ' denotes the derivative with the respect to x, u and w are displacements of the
centroidal axis in the x and z direction, φ is the rotation about y-axis. N, Q, M are equilibrium
generalised internal forces, px, pz and my denotes conservative distributed loads of the element.
Constitutive internal forces Nc and Mc depend on a chosen material model which is defined by
the relationship between the longitudinal normal stress σ(Dm,T) and mechanical extensional
stress Dm, of a longitudinal fibre at elevated temperature. The geometric extensional strain is
determined using incremental equation:
D j = D j −1 + ΔD j ,

(7)

where Dj and Dj-1 denotes the total geometric strains in the time intervals j and j-1, ΔDj is the
increment of the total geometric strain in the time interval j an it is assumed to be the sum of
mechanical extensional strain increment ΔDjm and thermal strain increment ΔDjT.
ΔD j = ΔDmj + ΔDTj .

(8)

The final system of equations for finite element method is written based on modified principle
of virtual work where quantities ε and κ are interpolated over finite element by Lagrangian
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polynomials. A more detailed description of the finite element formulation is presented in
Bratina et al (2003).
2.1 Mechanical properties of timber at elevated temperatures
Mechanical properties for strength and modulus of elasticity parallel to the grain of softwood
are considered in accordance with EN 1995-1-2 (2005). Reduction factors are different for
timber fibre in tension or compression. It is considered that the char layer doesn’t have any
strength. The char occurs at a temperature around 300°C therefore the reduction factors above
this temperature are equal to zero.

Fig. 2 Reduction factor for strength and modulus of elasticity parallel to the grain of
softwood (EN 1995-1-2 (2005))
The normal stress σ and mechanical extensional strain D of a longitudinal fiber are connected
thru linear relationship in tension and bi-linear relationship in compression (Fig. 3).

Fig. 3 Stress-strain relationship for timber at ambient and elevated temperature
In Fig. 3, Di,j, Ei,j and fi,j (i = c, t; j = T, T0) are the limit elastic strains, the Young’s modulus
and the limit elastic stresses for timber in compression (c) and tension (t) at ambient (T0) and
elevated temperatures (T). Ei,j and fi,j are determined according to Fig. 2 and Di,j is determined
from their relationship. The limit plastic stress fc,p, is defined by Pischl (1980). Symbols Ec,p
and Dc,p denotes plastic hardening modulus and limit plastic strain for timber in compression.
3

CASE STUDIES

3.1 One dimensional charring of timber beams
In this example comparison is made between present model of charring and different models
of one-dimensional charring (EN 1995-1-2, 2005; Schnabl, 2007). In the present model we
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consider that the charring occurs at a temperature of 300°C. Specific heat, conductivity and
density are taken into account in accordance with EN 1995-1-2(2005) and are shown on Fig.
1. Standard ISO fire curve, coefficient of heat transfer by convection αc = 25 W/m2 K and the
emissivity of the surface εm = 0.8 are considered in thermal analysis. The initial moisture
content w is 0.12 and the initial density is ρ = 380 kg/m3. The cross section considered for the
analysis is b/h = 5/30 cm.

Fig. 4 Comparison of different one-dimensional charring models
The start of charring in the present model occurs at the approximate time of 3 min which is
the same as by model proposed by Schnabl. In the model proposed by Eurocode, the charring
begins simultaneously with the start of fire, which does not represent the actual state. Char
depth increases almost linearly with time and it fits well with the values proposed by Schnabl
in the beginning and at the end of the simulation, while bigger discrepancy can be observed
for time between 20 and 70 minutes. In the present model the char depth at the time of 80
minutes is 5.34 cm, 5.56 cm for model presented by Schnabl and 6.1 cm in case of Eurocodes.
3.2 Fire resistance of timber beam
Subject of our analysis is simply supported timber beam with span of 3 m. It is loaded with
uniform load of 5 kN/m. The cross section of the beam is b/h = 10/20 cm. The strength class
of timber is C30. The characteristic bending strength fm,k and Young’s modulus for selected
timber at ambient temperature are 3 kN/cm2 and 1200 kN/cm2.

Fig. 5 Data for simply-supported timber beam
3.2.1 Simplified rules - Reduced cross-sectional method
Method is well described in EN 1995-1-2(2005), therefore we present only the parameters
needed for the calculation of the fire resistance of timber beam. The design notional charring
rate under standard fire exposure, βn is 0.7 mm/min, depth of layer with assumed zero strength
and stiffness, d0 is 7 mm, coefficient k0 is 1, the modification factor for fire kmod,fi is 1 and the
design strength in fire fd,fi is 3 kN/cm2. Failure time of timber beam determined by reduced
cross-sectional method is 33.5 min.
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3.2.2 Advanced calculation method
For the thermal analysis, the specific heat, density and thermal conductivity are taken based
on the Fig. 1, where the initial density is ρ = 380 kg/m3. Standard ISO 834 curve, the
emissivity of the surface of the element εm = 0.8 and the coefficient of heat transfer by
convection αc = 25 W/m2 K are taken into account. In mechanical analysis, the parameters for
stress-strain relationship for timber are as follows: Et,T0 = Ec,T0 = 1200 kN/cm2, ft,T0 = fc,T0 = 3
kN/cm2, Dt,T0 = Dc,T0 = 0.0025, Dc,p = 0.0065, Ec,p = 250 kN/cm2 and fc,p = 4 kN/cm2. Thermal
strain is considered linear with a coefficient of linear thermal expansion αT = 5∙10-6 m/m°C.

Fig. 6 Finite element mesh, temperature distribution in the cross-section and the timedisplacement curve of the analyzed timber beam
The initial mid-span displacement is 0.66 cm. To the time of 20 minutes the mid-span
displacement increases slower, after that time the increase is faster. The failure time of the
timber beam occurs at 29.4 minutes where the mid-span displacement is 3.74 cm. Failure
occurs when the longitudinal fibres are fully exploited and cannot provide any more to the
bearing capacity of the cross-section of the beam. Compared to the reduced cross-sectional
method the failure time is smaller but remains in the same rank. The difference in failure time
for both methods is 4.1 minutes which is 12.2 %. From the view of fire-safety design the
advanced calculation method for this case gives more conservative result.
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Abstract
Sufficient knowledge of the behaviour of wood under fire is necessary for the most effective,
the most economical, but still safe design of timber structures. The subsequent numerical
modelling leads to new computational methods with higher accuracy. This paper is focused
on protected and unprotected wooden members, on the contribution of wooden constructions
to fire resistance using calcium-silicate boards. On the basis of the fire test results, the
comparison of the fire test results with a numerical model in ANSYS was carried out.
Keywords: wood, fire resistance, contribution to fire resistance, protected member,
unprotected member
INTRODUCTION
For elements which are protected by the fire shell, the beginning of charring is moved till the
time tch. The charring of a timber element can occur before the deformation of the fire
protection but with a lower speed than specified in Eurocode 5 (EN 1995-1-2). Using the
testing method (EN 13381-7), a fire test was performed to determine the contribution to fire
resistance. In Figure 1, there is a protected member and the location of thermocouples. The
location of thermocouples in an unprotected member is the same.
The test standard specifies a test method for determining the contribution of fire protection
systems to the fire resistance of structural timber members. Based on this standard, the ability
of the fire protection system to delay the temperature rise throughout the timber member, to
maintain coherence and a link to the timber member and to provide data of the thermal
characteristics of the fire protection system is determined, during its exposition to the load
according to the standard temperature/time curve. This test procedure is also applicable to
timber structural members incorporating insulating materials between the timber members.

Fig. 1 Protected member and the location of thermocouples
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1

FIRE TEST

The assessment and the numerical model based on the fire test of a calcium-silicate board
were carried out. The results of the fire test were provided by the Promat, s.r.o. company.
In the test furnace, there were specimens with a calcium-silicate board and specimens without
a lining. The total dimensions of the board (a specimen without the lining) were
2 000 x 1 200 x 100 mm and the total dimensions of the beam (a specimen with the lining)
were 100 x 100 x 4 500 mm. The test specimen consisted of ten chipboard layers bonded by
glue. The thickness of the fire protected board was 20 mm.
2

NUMERICAL ANALYSIS

The timber beam was modelled covered by a calcium-silicate board on three sides and these
sides were exposed to the fire. The unprotected timber board was modelled with its exposure
to the fire from one side. This 3D model was performed using the ANSYS Workbench
programme, solved in thermal analysis (Transient thermal) using a fire of 60 minutes.
Material properties for wood at elevated temperatures were taken from the Eurocode
(EN 1995-1-2) and for the calcium-silicate board they were supplied by the manufacturer
based on testing. The result of this numerical calculation should provide the time when the
temperature of the timber member reaches 300 °C, this is the temperature where timber
begins to char. Eurocode 5 provides a very limited range of the time tch (time of the start of
charring of timber) and tf (failure time of the cladding), based on the determination of these
values to arrive at a more accurate calculation of fire resistance.
The timber beam has dimensions identical to the test specimen (100 x 100 mm) and it was
covered on three sides with a calcium silicate board, with a thickness 20 mm. The unprotected
board was modelled a little smaller than in the real fire test specimen (1 000 x 1 000 mm).
Heat transfer by the construction is calculated using the heat-dependent coefficients according
to EN 1991-1 -2. Thermal actions are given by the net heat flux hnet [W / m2] to the surface of
the member. On the fire exposed surfaces, the net heat flux hnet should be determined by
considering heat transfer by convection and radiation.
In Figures 2 and 3, there is a comparison between unprotected boards after 30 minutes and 60
minutes with exposure to the fire. The comparison between protected beams after 30 minutes
and 60 minutes with exposure to the fire is shows in Figures 4 and 5. The depth of char has
black colour in the Figures (temperature is higher than 300 °C).

Fig. 2 Unprotected boards after 30 minutes

Fig. 3 Unprotected boards after 60
minutes
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Fig. 4 Protected beam after 30 minutes
3

Fig. 5 Protected beam after 60 minutes

RESULTS

The results were available from two fire tests of unprotected members (test 1 - thermocouples
were disconnected after reaching the temperature of 300 ° C and test 2 - thermocouples
measured the temperature until the end of the test). The modelling was performed for 60
minutes. There is shown a very good agreement in comparing the results of the fire tests with
numerical analysis in the following graph (Fig. 6).

Fig. 6 Temperature in unprotected members obtained from fire tests and from numerical
modelling
The protected beam was modelled with a calcium-silicate board 20 mm in thickness used by
fire conditions for 60 minutes. In these results, there is also a very good agreement in
comparing the results of fire tests with numerical analysis. The fire test result of the protected
member was only available from one fire test. There is a problem with well defined
mechanical characteristics of the calcium-silicate board, because its behaviour under fire is
not predictable very well in comparison with wood.
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Fig. 6 Temperature in the protected member obtained from fire tests and from numerical
modelling
4

SUMMARY AND ACKNOWLEDGMENT

The behaviour of wood under fire is a very predictable phenomenon. Using simplified computational
methods can determine the separating and load-bearing function of structures. For a load-bearing bar
element it is the parameter R (resistance and stability), for a vertical or horizontal element the design
criteria are R, E, I (resistance, integrity, insulation) limits. In many cases, according to Eurocode 5
(part 1-2), it is very difficult or nearly impossible to determine the starting time of charring of the
timber element of the fire protection and the failure time of the cladding. In this area, there are still
some deficiencies and it is necessary to perform fire tests in order to increase the level of knowledge
and to be able to further develop more precise computational methods.
On the basis of numerical analysis, the following was determined:
- with higher density there is a lower growth in temperature;
- with higher heat conductivity there is a higher growth in temperature;
- with higher specific heat there is a lower growth in temperature.
This research is carried out with support from research project - SGS ýVUT, ”PĜíspČvek k požární
odolnosti dĜevČných konstrukcí pomocí boardového materiálu“.
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Abstract
The paper describes essential characteristics of a structural system for a wood structure, based
on light composite wood stud, designed at Technical University in Zvolen.
The system was reviewed by means of calculation method to prove fire resistance, respecting
various relevant current standards of Slovak Republic and in accordance to eurocodes series.
The methodology considered wider aspects of evaluation (properties, methods, carbonisation,
minimal dimensions, cross sections, thermal field).
Later, simple wall design alternatives were created by modification of inner part of the
assembly, in order to examine the influence of the modifications to the total fire resistance of
the wall.
Keywords: estimation of fire resistance, calculation method, timber buildings construction,
composite wood stud
INTRODUCTION
Development in the building industry and construction brings new designs of external walls,
with particular focus on systems using renewable materials – in this case wood. Such walls
are subject to proper testing by means of experimental testing and/or by computational
methods.
New timber structural system was developed, with light composite wood stud and minimised
number of layers within the wall (utility models PUV 219-2011 and PUV 220-2011), at the
Department of Woodstructures, Technical University in Zvolen.
The assembly was verified by strength and heat laboratory testing, together with
computational methods regarding water vapour transition, environmental impact, production
technology, cost analysis and basic structural details of a house.
I order to provide complex view, there was a need for fire resistance evaluation. Fire
properties were evaluated by various calculation methods according to relevant Slovak
standards, with later option to compare these to experiments.
1

STRUCTURAL SYSTEM

The reviewed system is based on composite stud (Fig. 1), on which there is a board material
fixed from interior, to guarantee shear rigidity within the wall. Another board material is fixed
to the studs from exterior and therefore closes the cavity filled with insulation (Fig. 2). This
board material meets required diifuse water vapour properties.
It is possible to add layers to this basic assembly to modify interior and exterior appearance
(Fig. 3). The base assembly itself remains unchanged, as it fulfils insulation, vapour diffuse
and load bearing properties.
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Fig. 1 Composite wood stud

Fig. 2 Basic assembly of the wall

Main advantages of the system:
•
•
•
•
•

Material efficiency
Utilisation of short-sized timber
Limiting the layers of the wall
Simple wall thickness increase by changing only length of the cross-piece within the
composite stud
Design avoiding thermal bridges

Fig. 3 Optional assembly of the wall

Fig. 4 Experimental shear testing

This structural system was subjected to multiple examinations, in order to find out and refine
assumed static and thermal properties (Fig. 4). These were verified by calculations, and later
widened to vapour diffuse properties, manufacturing technology, cost analysis, environmental
impact analysis.
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2

FIRE RESISTANCE DETERMINATION

2.1 Fire resistance determination methods – calculation and evaluation of critical
phases of fire resistance
Fire resistance of a building structure is determined (§ 8 promulgation MV SR no. 94/2004
statute):
•
•
•

on the basis of initial type testing (act no. 90/1998 statute about building products as
amended)
by calculation according to technical standards (in cases where it is possible to express
all the relevant factors by calculation , for example under the so-called „Eurocodes for
the design of constructions to the effects of fire “)
by test and calculation (in those cases where the examination is not possible to express
and show all the relevant factors affecting the fire resistance test of a building
construction)

The decisive factors:
All the important building-physical properties, thermal and mechanical parameters depending
on the temperature, at which the known dimensions and for the construction element
(structure) allow simplifying the determination of fire resistance.
Reviewed building construction is designed to:
•
•
•
•

effects of mechanical loading at normal ambient temperature according to Eurocodes,
the various factors in the tables for each building element,
the temperature curve,
to determine the fire resistance of a structural element.

2.2 Selection of the wall assemblies for the evaluation
There were total 5 assemblies selected (Fig. 5 to 9).

Fig. 5 Assembly 1A, 1B, 1C

Fig. 6 Assembly 2A, 2B, 2C
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Fig. 7 Assembly 3A, 3B, 3C

Fig. 8 Assembly 4A, 4B, 4C

For each assembly, there were three options
considered:
A. with insulation Isover DOMO (12 kg/m3
REImax =15min)
B. with insulation Isover UNIROL PROFI
(23.5 kg/m3, REImax=40min)
C. with cellulose insulation CLIMATIZER
PLUS (50 kg/m3, REImax=60min)
Fifth assembly represented typical structure
of a timberframe house wall, and was shown
to compare to the above structural system
(Fig. 5 to 8).
For all of the assemblies, load to a single stud
is set to 1.2kN - that means to one part of the
composite stud with cross-section 50x40mm.
The height of the wall is assumed to be 2750
mm.

Fig. 9 Assembly 5A, 5B, 5C

2.3 Material properties
Density of the mineral fibre insulation between load bearing studs has to be as follows,
according to fire resistance R requirements (EN 1995 – 1 – 2 ):
•
•
•
•
•

response type reaction to fire tests A1 for assemblies required R 60 -min. density 50 kg/m3
response type reaction to fire tests A1 for assemblies required R 60 -min. density 85 kg/m3
response type reaction to fire tests A1 for assemblies required R 45 -min. density 30 kg/m3
response type reaction to fire tests A1 for assemblies required R 30 -min. density 20 kg/m3
response type reaction to fire tests A1 for assemblies required R 15 -min. density 12 kg/m3

Density of a fibre material forming fire protection external envelope (e.g. thermal facade
Hofatex) has to be min. 210 kg/m3 for 50 mm thickness and fire resistance W 60 (i ĺ o).
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2.3 Modification of the assemblies to improve fire resistance
To improve the assemblies, following simple modifications were performed:
•
•

in assembly 1C, thickness of the drylining board Fermacell was increased to 15mm
(assembly 1C1) and to 18mm (assembly 1C2)
in assembly 2C, thickness of the OSB board was increased to 15mm (assembly 2C1)

3

RESULTS

3.1 Fire resistance of the proposed walls
There were several values calculated and evaluated (fire resistance at 100% cross-section
utilisation, fire resistance at max. load of a stud to 3kN, depth of carbonisation, keeping
minimal dimensions of boards and studs, corruption time of board material), for each
assembly. For simplicity, there are only fire resistance values shown, at 100% cross-section
utilisation, in order to show and compare the most negative state. This was evaluated as load
bearing timberframe external wall - exposure from interior (by STN EN 1991 – 1 – 2).
REI calculated values and classification
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Fig. 10 Calculated values of the fire resistance and the classification according to EN 13501-2
Fig. 10 shows importance of interior layers during internal fire. Thus, fire resistance is
basically the same for different structures (composite studs, typical timber stud) while having
equal interior layers with fire properties – in this case closed space (usually for wiring, piping,
etc) filled with insulation.
Using solely OSB board with plaster from interior proved to be absolutely inappropriate, as
2A, 2B and 2C assembly classification was 0min.
3.2 Effect of the assemblies modification to the fire resistance
It is possible to say, that even simple modification (increasing thickness of the shear-bearing
board) can bring an assembly to a higher class of fire resistance (Fig. 11).
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REI calculated values and classification
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Fig.11 Calculated values of the fire resistance and the classification according to EN 13501-2
SUMMARY
The purpose of the assembly variation and modification was to evaluate fire protection
properties, for alternatives of the atypical wood-based external wall. This information is
essential at the very early stage of a design process, as appropriate selection of particular
materials has to be performed, according to total fire resistance requirements.
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Abstract
Fire retardants are effective in reducing different reaction to fire parameters of wood such as
the ignitability, the heat release, the burning rate and the flame spread. This paper discusses
the different mechanisms of fire retardant products as pressure impregnated wood, nonintumescence surface coatings and intumescence coatings on Norway spruce (Picea
abies).The tests were performed by using the cone calorimeter test. The comparison of the
investigated products will describe the mechanisms of action to reduce combustion by using
the heat release rate of 25 kW/m² and 50 kW/m² and the standard IS0 834 test curve. As result
information on the ignition time, the heat release rate, the mass loss and the temperature
profile over the material thickness will be presented in this paper.
Keywords: fire retardant treatment, intumescent coatings, Norway spruce, heat release rate,
cone calorimeter test, oxygen consumption
INTRODUCTION
For centuries, wood has been used in construction both structurally and as a decorative
material. Due to its natural combustibility, timber burns if exposed to severe fire conditions.
However, wood products can be used safely by improving their fire performance which
includes chemical, biochemical and physical modification. At present, the level of knowledge
of wood products with improved fire performance is not high enough for their extensive
utilization. The main problems are not clear defined technical requirements in building
standards and minor existing investigation regarding the long term behaviour under different
environmental conditions. Even though some wood products with improved fire performance
show excellent fire properties and reach in the European classification system class B,
examples of products with hardly any benefit compared to ordinary wood also exist, which
typically fall into class D (Hakkarainen et al. 2005). Another problem is the selection of an
unsuitable product for a certain application. But the fire retardant treatment, if correctly
specified, provides added value to the wood based substrates and extends the market potential
of the world's most natural building material.
The purpose of this project is to assist the wood construction with selection criteria for FRT
and fire retardant coating products for wood by systematically assembling data on the
flammability and other fire related properties of these materials. The ultimate use of such a
data base assembly is input for a method for accurately predicting the real fire performance
and flammability characteristics of products from bench-scale tests. The cone calorimeter test
as used in this investigation is widely used to evaluate the flammability characteristics of
materials.
1

MATERIALS

The materials used in this study are listed in Tab. 1. Untreated and treated test specimens
made of defect free Norway spruce was cut into 100 mm by 100 mm squares and generally at
30 mm thickness. With exception the samples of FRT-wood (C2-Series) were only in 20 mm
thickness available by the supplied product. For each test series three replications were
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performed. Each test series were cut out of the same three boards s. Fig. 1. The underlying
wood was selected in that way to have twin samples and the influence on the natural wood
properties is minimized. The samples were prepared for testing perpendicular to the grain
orientation. The series of impregnated wood is not fully comparable with the other series as
the material was supplied by the providing company. The grain orientation and the material
itself (density) do not correspond to the other test samples. Commercial fire retardant products
were chosen instead of model formulations so that the effects of single chemicals and other
additives are included in the fire performance results. All selected fire retardant products have
a classification certificate according the EN 13501 of class B. The compounded formulations
were provided by different manufacturers. The coatings were applied by spraying the required
amount of 350 g/m² resp. 300 g/m² on the surface. For the FR impregnation a concentration of
20,9 % and an amount of 91,2 kg/m³ was brought into the wood.
Tab. 1 Fire retardant treated Norway spruce - test series
Test
series

Test
Replications

Fire retardant product

colour

A1
A2
B1
B2
C1
C2
D
(REF)

3
3
3
3
3
3

intumescent coating
intumescent coating
intumescent coating
intumescent coating
fire retardant solution
fire retardant treatment

transparent
transparent
white
white
transparent
transparent

350
350
350
350
300
91,2 kg/m³

30
30
30
30
30
20

Natural Wood - reference

-

0

30

3

applied quantity
Sample
[g/m²]
thickness [mm]

Fig. 1 Schematic representation of the sample
preparation procedure
After the coating resp. the impregnation the samples were conditioned at laboratory
conditions at 65 % RH and 20 °C for at least for weeks prior to testing to meet equilibrium
moisture content (EMC). Before testing the moisture content was determined according to
ISO 3130:1975 and the density was determined according to ISO 3131:1975. For the
determination of the temperature profile within the sample thermocouples (Type-K) were
placed on different depth measured from the exposed surface. The thermocouples were at the
depth of -1 mm, -5 mm and – 9 mm. For the cone test the specimen were placed in an
aluminium foil with a lip 5 mm above the top surface of the sample.
2

METHODS

The data reported here were obtained using the adapted Conical Heater from FTT (Fire
Testing Technology) with respect of the requirements on the Cone Calorimeter Test as
described in accordance to the guidance in ISO 5660-1 on choosing a heat flux for cone
calorimeter experimentation. The Cone Calorimeter and its function have been previously
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described by Babrauskas (1982) and Babrauskas and Parker (1987). Briefly, it is a benchscale test for determining the rate of heat release based on the principle of oxygen
consumption. The energy release rate is computed from the measurements of mass flow rate
and oxygen depletion in the gas flow through the exhaust stack. The cone calorimeter brings
quantitative analysis to materials flammability research by investigating parameters such as
heat release rate (HRR), time to ignition (tig), total heat release (THR) and mass loss rate
(MLR). The HRR measurements can be further interpreted by looking at average HRR, peak
HRR and time to peak HRR. Cone calorimeter test results can be used as prediction for the
results in the SBI test according to EN 13501-1 (Kristoffersen et al, 2003).
In this study the tests were performed in the horizontal orientation, with the conical radiant
electric heater located above the specimen and the retainer frame over the test specimen. The
electric spark igniter has not been used in these investigations. The time measured for ignition
is the time until the auto-ignition is observed. Heat flux levels of 25 kW/m2 and 50 kW/m2
and the standard IS0 834 test curve are used to test the wood products. The real standard IS0
834 test curve was not possible to regulate with the available equipment and therefore a
simplified regulation by using target temperatures was used. The IS0 834 test curve was
stepwise actuated as shown in Fig.2 for generating the time-temperature curve. For all tests
the duration was 600 s.

Fig.2 Regulation steps for the standard IS0 834 test curve
A “Specimen shield” is used to prevent radiation exposure to the specimen before the start of
the test (t = 0). In the closed position, it completely covers the opening in the heater base
plate. The specimen shield is manually opened via a mechanical lever. The start of the test, t =
0 is defined by the moment the specimen shield is opened exposing the specimen to the
radiant heat flux. The time to ignition is measured from the start of the test. A load cell was
used to continuously measure changes in sample mass, while products of decomposition, (i.e.,
CO, CO2 and total unburned hydrocarbons) were monitored by appropriate gas analysers. The
accuracy of the oxygen measurement is ± 420 ppm. The measurements were logged every
second. Heat release calculations were based on the oxygen consumption principle, which
states that for complete combustion of a wide range of fuels, 13.1 (± 5 %) kJ of energy is
produced for every 1 g of oxygen consumed by the fire (Hugget, 1980). The heat release was
calculated according to the ISO 5660 standard as
X 0O2  X O2
@P
  (@h c / r0 )(1,10)C
q(t)
?
Te 1,105  1,5X O2




(1)



and the value of the rate of heat release per unit area is


q >>  q / A s 
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(2)

Nomenclature:
q
heat rate (kW)

Te temperature for orifice meter (K)

t

X0O2 oxygen content input

time (s)

-1
@h c net heat of combustion (kJkg )

X O2 oxygen content in the exhaust gas

r0

stoichiometric oxygen/fuel mass ratio

q >> heat release rate per unit area (kW/m²)

C

orifice meter calibration constant

As specimen exposed area (m²)

@P orifice meter pressure differential (Pa)
@h c
is the expression that rates the heat of combustion release per unit mass of oxygen which
r0
Hugget (1980) has shown to be sensibly constant with 13.1x 10³ kJ kg-1. The oxygen content
X0O2 is calculated with 0.2095 (± 0.0001). The HRR curves values were calculated from the

data recorded on the computer. The results are reported in kW/m² of the exposed surface area.
The areas beneath the HRR curves were integrated to give cumulative heat release as total
heat release THR in MJ/m² for the test duration of 600 s.
3

RESULTS AND DISCUSSION

The cone calorimeter test results are shown in Tab. 2 as averages values of the three
replication tests. Please note that most of the tests performed did not auto-ignite during the
600 s testing.
Tab. 2 Results of the cone calorimeter tests

The results of the mass loss rate in Fig. 3 show that at the heat flux of 25 kW/m² and for the
standard ISO 834 curve the rates are very similar. However the mass loss rate at 50 kw/m²
show higher differences between the tested products. The intumescence coatings in between
show quite similar results and the non-intumescence coating and the FR impregnation are in
the range of the untreated reference sample regarding the mass loss rate. Note: The mass loss
rate at t0 = 0 is not fully correctly given in the diagrams Fig. 3 due to the calculation method
used.
The results of the heat release rate in Fig. 4 show that at the heat flux of 25 kW/m² and for the
standard ISO 834 curve the rates are very similar. At the heat flux of 50 kW/m² the product
C1 show some similarities to the reference but at lower level and the other products have
considerable lower heat release rates. By consider the suggestion from Kristoffersen et al
(2003) for the prediction of the classification of FRT wood products after running the cone
calorimeter test at heat exposure levels of 50 kW/m² for the most of the tested products the
class B can be predicted which should be expected as all products have a positive testing
436

certificate as class B according to EN 13501-1. But for the product C1 the results of two
samples show HRR > 80 kW/m². This testing results lead to the question whether the product
does not fulfil the class B, or the suggested limiting values according to Kristoffersen et al
(2003) are not always valid and have to be determined by further tests.
The results of the temperature measurements at the heat flux of 50 kW/m² in Fig. 5 show that
at the depth of -1 mm the intumescent coatings show a very clear insulation effect. The
temperature at -5 mm and at -9 mm depth rise some questions as the untreated reference series
show similar temperatures as the intumescence coated products but the non-intumescence
coated and the impregnated product show quite higher temperatures at this depth.

Fig. 3 Mass loss rate curves (mean value of 3 Fig. 4 Rate of heat release curves (mean value
replications) during the cone test with the
of 3 replications) during the cone test
irradiance of 25 kW/m², 50 kW/m² and
with the irradiance of 25 kW/m², 50
the standard ISO 834 curve for the test
kW/m² and the standard ISO curve for
duration of 600 s for the different fire
the test duration of 600 s for the
retardant products and the untreated
different fire retardant products and
reference series
the untreated reference series
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Fig. 5 Temperature profiles (mean value of 3 replications) in the sample at the depth of -1
mm, -5 mm and -9 mm during the cone test with the irradiance of 50 kW/m²
4

SUMMARY AND ACKNOWLEDGMENT

In this paper we have shown the HRR data on various fire retardant treatments on Norway
spruce tested in the cone calorimeter. Intumescence coatings on wood reduce significant the
HRR and the temperature in the substrate. Almost no difference between transparent and
coloured intumescence coatings in the behaviour under heat load could be determined. The
non-intumescence coating and the FR impregnation show quite similar results within the cone
calorimeter test as the untreated reference sample. Hence the question arises if those products
are useful where fire resistance is required for the protection of structural elements. Further
the investigations show that the data generated with the cone calorimeter can be used to
estimate the fire reaction behaviour according to Euro classes but are limited applicable on
intumescent coatings. The Standard ISO 834 curve for 600 s show that the results could be
useful for generating information on the behaviour of fire retardant treated wood for
simulation purposes as this curve describes a natural fire.
The authors gratefully acknowledge the support from the manufacturer those supplied the test
materials. They also thank Franz Haas for writing a software program for running and data
collection out of the cone calorimeter experiments. This work was partially supported by the
“Innovative Wood Protection” project, which is funded by the Tyrolean Government and the
European Regional Development Fund (ERDF).
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Abstract
This paper describes the ultimate loads and failure modes of composite steel-concrete
specimens when carbon nanotube is implemented. This paper also compares the load versus
slip relationship of push tests under ambient temperature, at-fire exposure and post-fire
exposure. Results from the experimental study demonstrated that the reduction of ultimate
load and stiffness as temperatures increased. The at-fire exposure specimens showed a
decrease in ductility as temperatures increased. Whilst, the post-fire exposure specimens
showed an increase in ductility as temperatures increased. Even though carbon nanotube did
not show increment in ultimate load, however the carbon nanotube reduced concrete spalling
and cracking when compared to normal concrete under elevated temperatures.
Keywords: composite steel-concrete, push tests, shear connectors and elevated temperatures
INTRODUCTION
Composite steel-concrete beams consist of a concrete slab connected to a steel beam via
headed stud shear connectors located at the interface of the components. Composite steelconcrete beams are considered effective due to the high concrete compressive strength
complementing the high tensile strength of the steel component (Uy & Liew 2003). The
headed stud shear connectors are used to prevent the vertical separation of the components,
and also to transfer the normal and shear loads between the components (Lam & El-Lobody
2005).
The integrity of fire-exposed structures is of high importance to understand. When exposed to
elevated temperatures, the concrete and steel mechanical properties decrease with increasing
temperature (Mirza and Uy 2009). As the headed stud shear connectors are indirectly exposed
to the elevated temperatures, axial tensions are experienced from the imposed vertical uplift
forces (Wang 2005). Research regarding the integrity of post-fire exposed structures is
limited.
Carbon nanotubes are considered a smart material with research suggesting effective
properties to be gained. When added to concrete mixture, the carbon nanotubes are expected
to increase the compressive strength of the concrete component, and overcome concrete
durability issues (Potapov et al. 2011). However, the experimental research regarding carbon
nanotube concrete at elevated temperatures on composite steel-concrete structures has not
been explored. This paper is to look at the effect of carbon nanotube on headed stud shear
connectors for composite steel-concrete beam under elevated temperatures.
1

EXPERIMENTAL STUDIES

The push test method was conducted according to Eurocode 4 (British Standards Institution
EC4 2005). The push test method involved applying a shear load directly to the headed stud
shear connectors. The push test specimens were formed by a reinforced concrete slab standing
vertically with two structural steel beams connected via the flanges by welded headed stud
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shear connectors. Two types of push tests were conducted, including normal concrete material
and carbon nanotube concrete material.
For this experimental study, 400mm long 150UB14.0 Grade 300MPa structural steel beams
were used. The reinforced concrete slabs had dimensions of 400mm wide, 400mm long and
200mm deep. The concrete used was 25MPa concrete. The nanotube concrete mixture had an
addition of 1% carbon nanotube to concrete material. Three N12 reinforcing bars were spaced
at 170mm centre to centre in the concrete slab. 19mm diameters with 100mm long headed
stud shear connectors were used. The push test specimen setup for the normal concrete and
carbon nanotube concrete materials are shown in Fig. 1.

Fig. 1 Push test specimens

Fig. 2 Push test specimens under different
conditions

Eurocode 4 (British Standards Institution EC4 2005) requires push test specimens using
concrete to be of 600mm wide, 600mm long and 150mm deep dimensions. However due to
the size limitation of the furnace, modifications to the push test specimens have been made.
Hence the concrete component is 400mm wide, 400mm long and 200mm deep.
A total of 28 push test specimens were tested: 14 normal concrete and 14 carbon nanotube
concrete materials. The three temperature conditions to be considered include Point A –
ambient temperature, Point B – at-fire and Point C – post-fire exposure. The specimens were
tested under ambient temperature, 200°C, post 200°C, 400°C, post 400°C, 600°C and post
600°C. Fig. 2 shows the push test experiment details and temperature conditions.
2

RESULTS AND DISCUSSIONS

2.1 Comparison of Push Tests Results for Normal Concrete at Fire
Generally, the specimens at ambient temperatures, 200°C and 400°C failed due to headed stud
shear failure. The failure was signified by a large bang as the stud sheared off the steel flange,
separating the concrete slab and steel beam components. For specimens at 600°C, the failure
mode was caused by the combination of headed stud failure, concrete cracking and spalling
failure. At the same time, it was also observed that the structural steel beam buckled due to
the elevated temperatures.
Fig. 3 illustrates the comparison of push tests for the normal concrete at-fire exposure.
Comparing the stiffness of the normal concrete at ambient temperature to 200°C, 400°C and
600°C, a reduction of 4%, 6% and 38% were observed, respectively. Overall, the ambient
push test had the greatest stiffness. According to Mirza and Uy (2009) this is to be expected,
as the increase in temperature steadily reduces the stiffness of the steel components. This is
also due to the bond failure between concrete and steel surface when subjected to elevated
temperatures.
The normal concrete ambient temperature push test achieved an ultimate load of 253kN. The
200°C, 400°C and 600°C normal concrete push test achieved an ultimate load of 223kN,
156kN and 89kN, respectively. This large reduction illustrates the increased danger of failure
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of composite steel-concrete beams when subjected to elevated temperatures. Overall the
normal concrete ambient temperature specimen achieved the greatest ultimate load. This is
due to the increased temperatures decreasing the mechanical properties of the composite steelconcrete specimens; specifically the compressive strength of the concrete component and the
rigidity of the steel beam.

Fig. 3 Load versus slip relationships for
normal concrete at-fire exposure

Fig. 4 Load versus slip relationships for
normal concrete for post fire exposure

The normal concrete 200°C push test achieved the greatest ductility followed by the ambient
temperature, 400°C and 600°C. Overall the ductility of the at-fire exposure specimens
decreased as the temperature increased. This trend illustrates how the tensile strength of the
headed stud shear connectors decreases as the temperature increases. The decreasing ductility
of the specimens means the integrity of the structure reduces, as shorter failure periods occur.
2.2 Comparison of Push Tests Results for Normal Concrete at Post Fire
Similar failure modes were observed for normal concrete at post fire. The specimens at ambient
temperatures, post-200°C and post-400°C failed due to headed stud shear failure. The failure was
signified by a large bang as the stud sheared off the steel flange, separating the concrete slab and
steel beam components. For specimens at post-600°C, the failure mode was caused by the
combination of headed stud failure, concrete cracking and spalling failure. However buckling
of the steel beam did not occur for the post-600C specimen. This is because the specimen was not
loaded whilst exposed to the elevated temperatures.
Fig. 4 demonstrates the comparison of push tests for the normal concrete at post fire exposure.
The stiffness reduction of 11%, 39% and 45% between the normal concrete ambient
temperature and post-200°C, post-400°C and post-600°C was observed. When compared to
the normal concrete ambient temperature to at-fire push tests, similar trends of stiffness were
observed. However, the normal concrete ambient temperature to at- fire push tests achieved a
greater stiffness overall when compared to the ambient temperature to post-fire push tests.
This suggests that the stiffness of the specimens continues to decrease and is not regained,
once exposed to elevated temperatures.
An ultimate load of 253kN was achieved by the normal concrete ambient. The post-200°C,
post-400°C and post-600°C normal concrete achieved an ultimate load of 237kN, 227kN and
183kN, respectively. This demonstrates an ultimate load reduction of 6%, 10% and 28%
compared to the ambient temperature. In comparison to the normal concrete ambient
temperature to at-fire push tests, the ambient temperature to post-fire push tests reduced in
ultimate load at a significantly lower rate. This suggests that the ultimate load of the
composite steel-concrete beams after exposure to elevated temperatures is greater than
exposure during elevated temperatures. According to Fike and Kodur (2011), this is to be
expected as the decreasing temperatures allow for the ultimate strength of the concrete and
steel components to be regained.
The greatest ductility was achieved by the post-600°C push test. The ambient temperature and
post-400°C push tests achieved similar ductility whilst the post-200°C push test achieved the
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silicate hydro-crystals decomposing, allowing for the chemically bound water to be released and
evaporated.
Fig. 6 demonstrates the comparison of push tests for the carbon nanotube concrete at post fire
exposure. A 22%, 30% and 63% stiffness reduction was observed between the nanotube
concrete ambient temperature and post-200°C, post-400°C and post-600°C, respectively.
When compared to the normal concrete under ambient temperature and post-fire, the carbon
nanotube ambient temperature and post-fire push tests achieved similar trends of stiffness.
However, the normal concrete post-fire push tests achieved a greater stiffness. Greater
stiffness was also achieved by the nanotube ambient temperature to at-fire exposure push tests
when compared to the nanotube ambient temperature to post-fire push tests.
An ultimate load of 244kN was achieved by the nanotube concrete ambient temperature
specimens. The post-200°C, post-400°C and post-600°C nanotube concrete demonstrated an
ultimate load of 233kN, 197kN and 183kN, respectively. This illustrates an ultimate load
reduction of 5%, 19% and 25% when comparing the ambient temperature push test to the
post-200°C, post-400°C and post-600°C, respectively. Compare to the nanotube concrete
ambient temperature to at-fire push tests, the ambient temperature to post-fire push tests
reduced in ultimate load at a significantly lower rate. This is similar to the ultimate load trend
between the normal concrete at-fire and post-fire push tests.
The greatest ductility was achieved by the post-600°C push test followed by the ambient
temperature, the post-200°C and the post-400°C. This trend is opposite to the nanotube concrete
ambient temperature to at-fire push tests, as the at-fire 600C push test achieved the lowest
ductility. Similarly, both the normal concrete and nanotube post-600C push tests achieved the
highest ductility when compared to the lower temperatures.

3

SUMMARY

The experimental studies showed that the failure modes for push tests were generally headed
stud shear failure. Even though adding carbon nanotube into the concrete did not increase the
compressive strength of the concrete, however, when the specimens were exposed to elevated
temperatures, the reduction in concrete cracking and spalling were observed.
When comparing the normal concrete to the carbon nanotube concrete, it was observed that
similar ultimate capacities were achieved. Similar rates in the reduction of the ultimate
capacities were also achieved. Even though the carbon nanotube concrete had similar ultimate
capacity as the normal concrete, the carbon nanotube concrete showed that there was a great
reduction in spalling and cracking when exposed to elevated temperatures.
Furthermore, it can be concluded that the carbon nanotube material did not have any effect
until temperatures reached 400°C or above. This is observed by the change in colour from the
carbon nanotube concrete ambient temperature specimen to the 600°C specimen. This
suggests that at greater elevated temperatures, the carbon nanotube concrete material would
be a more effective choice, particularly with the reduced concrete spalling and cracking
achieved.
In comparison of the at-fire exposure results to the post-fire exposure results, it was observed
that greater ultimate loads and ductility were achieved by the post-fire exposed specimens,
with similar stiffness achieved. This suggests that the strength of the components regains
during the cooling process of the post-fire testing.
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Abstract
The current status of the research program “Optimized use of intumescent coating systems on
steel members” (AiF 17200) is presented.The aim of the project is to quantify the influence of
space-enclosing elements on the thermal behaviour of supporting steel members. Those
elements cause partially restrained expansion of the fire protection system. Experimental
investigations on beams and columns directly connected to space-enclosing elements are
presented. Additionally, numerical simulations are performed for temperature field
calculations of steel elements with intumescent coating. As a new development, the numerical
model takes into account the expansion process of intumescent painting. The setup of the
numerical model is introduced.
Keywords: intumescent coating, numerical simulation, fire tests
INTRODUCTION
The fire resistance of steel members protected by intumescent coating (IC) depends strongly
on the expansion behavior of the fire protection system. In practical application, structural
steel elements are often connected to space-enclosing elements like trapezoidal sheeting, liner
traysand sandwich elements. Consequently, parts of the cross-sections are covered by
adjacent space-enclosing elements (compare Fig. 1 and 2). In these regions the intumescent
coating system is restrained in its expansion and is not able to develop an effective fire
protection for the steel elements. As a consequence, the cross-section will be heated up not
only in response to the behavior of the intumescent char but alsodepending on the isolation
and the additional heat transfer provided by adjacent elements.This may lead to a non-uniform
temperature distribution in the cross-section.
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Fig. 1 Loaded Beam with IC and
trapezoidal plate after test

Fig. 2 Columnswith IC and
connected façade after test
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Usually, a uniform temperature distribution is assumed in structural fire design of steel
elements. This simplification enables comparably simple calculation methods for the heating
of steel sections in case of fire. SuiTab. formulae are given in [DIN EN 1993-1-2] for
instance. However, for steel elements protected by IC and locatedadjacent to space-enclosing
elements it is not clear, if this assumption is valid due to a possible non-uniform temperature
distribution caused by the aforementioned effects.
The main research approach aims to investigate, if the covered parts of the steel elements (e.g.
the flanges) need to be protected by ICor may be left unprotected. Therefore, full scale fire
tests of steel beams and columns with adjacent trapezoidal plates have been performed. The
test setup and first results are presented in this paper. Additionally, these investigations are
supported by numerical analyses. In these analyses the temperature field of steel elements
with IC is calculated taking into account the expansion process of IC. Furthermore, shrinkage
procedures due to combustion of the organic parts of IC are considered as well. The numerical
model and the material parameter for IC used in the thermal calculations are presented in this
paper.
1

TEST ARRANGEMENTS

In the experimental program two different setups were carried out:loaded beam tests and
unloaded column tests. All tests were carried out over a period of 30 minutes ISO-Standard
fire. The thickness of the intumescent coat on all test specimens has also been designed for 30
minutes fire resistance in regard to German regulations.
1.1 Loaded beam tests
The furnace used at the Fire Test Laboratory of the Technische Universität München is 3m
wide 4m long and 3m high. For the tests on the loaded beams it was enlarged up to 5m length.
In order to investigate the behaviour of beams in industrial halls 10 specimens HEA 200 and
10 specimens HEM 200 with a span of 4.5 m and two different types of trapezoidal sheeting
were tested.
In order to achieve a constant bending moment over the length of more than 1m the beams
were loaded with single loads in the third points of the span.
The load level chosen led to a bending moment in the beam sup to 60 % of the plastic bending
capacity. The total load (applied with hydraulic cylinders) for HEA 200 beam sreached 80
kN, for HEM 200 beams220 kN.
Care was taken to realize a hinged support and an assembly typically used for industrial halls.

Test specimens

Reference Beam
Fig. 3View from outside; the blue and grey
columns and beams are the load admission

Fig. 4View into the furnace short before firetest
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120 thermocouples per test were used to obtain temperature gradients in the steel members
and in the trapezoidal sheets. The trapezoidal sheets (thickness 0,88 mm) were fixed on the
beams with Hilti powder actuated fasteners. The isolation material on the top of the sheets
was 120 mm mineral wool (non-flammable, melting point higher than 1000°C) which is
typical for industrial halls in Germany.
Tab. 1Number of test specimens (beams), in combination with the trapezoidal sheets.
BEAM
HEA 200
HEM 200

FischerTRAPEZ 35/207 FischerTRAPEZ 135/310 Without sheets (Reference)
4
4
2
4
4
2

“FischerTRAPEZ 35/207”

“FischerTRAPEZ 135/310”

1.2 Unloaded column tests
The column tests were also performed at the fire test site of TUM. A tower (columns with
connected façade) was constructed which was slightly higher than the furnace (see Fig. 6-8)in
order to simulate a typical situation at fires of industrial buildings where columns and the
inner part of the façade sheets are exposed to the fire, but not the outer part of the façade. The
measurement equipment was installed in the cool inner partof the tower.

Fig. 6 Façade elements, which come through the
furnace ceiling.In orderto prevent an overheating
in the tower a ventilator,blowing air into the
lower areaof the tower, guaranteed a continuous
slow air draft from the tower floor to the ambient
air

Fig. 5 Column setup before the test

In total eight columns (four columns HEA 200 and four columns HEM 200) connected with
two different types of industrial cladding were tested. For the first test a liner tray façade,
filled with 120 mm mineral wool (non-flammable, melting point higher than 1000°C) and for
the second test a standard sandwich panel consisting of two steel sheets (0,75 mm) and
between 120 mm polyurethane foam was used.
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Temperatures of the steel columns and the temperature of the directly flamed steel sheets
were measured. The evaluation of the test results is on-going und will be published later.
Tab. 2 - Number of test specimens (columns), in combination with the façade sheets.
COLUMN
HEA 200
HEM 200

FischerKASSETTE
120/600
4
4

FischerTHERM LL 120 Without sheets (Reference)
NEU
4
2
4
2

FischerKASSETTE 120/600

FischerTHERM LL 120 NEU

Pre-Evaluation of a beam
After 6 to 7 minthe intumescent coating starts to foam up.
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Fig. 7Example of a time-temperature course (test specimen 44)

Furthermore, an additional steel beam with intumescent coating has been tested under ISO
fire conditions to investigate the thermal behaviour without any influences due to spaceenclosing elements. Moreover, the numerical investigations will be validated against this test.
In this test, an IPE 200 profile (S235) with a length of 1000 mm has been coated with a
solvent based intumescent coating system and exposed to fire from all sides. The coating
thickness amounted about 700 Am. The steel temperatures have been measured during the
tests at different cross-section points. The evaluation of the steel temperatures in web and
flange are depicted in Fig. 3.
2

NUMERICAL SIMULATIONS OF INTUMESCENT COATINGS

The performed fire tests indicate the importance of the expansion process of intumescent
coating concerning the fire protection of steel elements. Regarding regions in which parts of
the flanges are covered by space-enclosing elements, the intumescent coating is restrained in
its expansion and is not able to develop effective fire protection behavior. Consequently, there
are areas with fully developed char and areas in which the expansion of IC is restrained. As a
result, it is absolutely necessary to take into account the expansion process in order to
consider a restrained expansion process. In this context, a numerical model is introduced in
which the expansion process is simulated explicitly.
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In the numerical model which bases on the finite-element method (FEM), the expansion
process of intumescent coating has been taking into account for thermal analysis. Influences
of a restrained expansion process are not considered in the model yet. An implementation of
these effects is in process. However, the numerical model represents a basis to take these
special effects into account later. Besides the expansion process of intumescent coating,
shrinkage as described in [Zhang et al, 2012] is considered as well.
The numerical simulations are performed using the finite-element software [ABAQUS] in a
fully coupled 2D thermal-stress analysis. The expansion process has been implemented by
defining a thermal expansion coefficient 8 according to the expansion behavior observed in
the tests. The porosity can be calculated using the following expression:
  1

1
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Based on this equation, the thermal conductivity can be calculated using an equation
developed by [Spitzner, 2001] .
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For the determination of the thermal heat capacity of intumescent coating the mixture-rule is
used:
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The diameter of the pores is assumed as 0.5 mm according to [Staggs, 2010] and the thermal
conductivity of IC for room temperature conditions is assumed to 7IC = 0.5 W/(m·K). The
specific heat of intumescent coating for room-temperature conditions is assumed as
cp = 1600 J/(kg·K) and the density as  = 1300 kg/m³. The expansion factor and the porosity
versus temperature as well as the thermal conductivity and the heat capacity versus
temperature are shown in Fig. 1.

IC temperature (°C)
IC temperature (°C)
(b)
(a)
Fig. 8 – Evaluation of a) porosity and expansion and b) heat capacity and thermal conductivity
versus intumescent coating temperature
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steel-temperature (°C)

In the thermal analysis the material behavior of steel, as well as the thermal boundary
conditions for convection and radiation are set according to [DIN EN 1993-1-2].
Based on the aforementioned specifications, the expansion model will be applied to an Isection (IPE200) fire protected by intumescent coating without any influences from spaceenclosing elements. In this context, the model will be validated against the experimental
investigations described before.
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Fig. 9 – Comparison of simulated and measured steel temperatures of a IPE200 profile
Simulated and measured temperatures are compared in two cross-section points as indicated
in Fig. 3. In particular the simulated temperatures in the flanges show very good agreement to
the temperatures measured in the test. The temperatures in the web are slightly
underestimated by the numerical simulation with a maximum deviation of about 25 C to the
test. This small deviation is accepTab..
Summing up, the prognosticated temperatures are in good agreement with the measured ones
and can be predicted by the model in good agreement.
3

CONCLUSIONS

In this paper, experimental investigations of steel elements with intumescent coating where
parts of the cross-sections are covered by adjacent space-enclosing are presented. In
additional numerical investigations, temperature field calculations of I-profiles with
intumescent coating are performed taking into account the expansion process of intumescent
coating. Furthermore, shrinkage procedures of the intumescent char are considered as well.
Comparing the calculated steel temperatures to the measured temperatures form fire tests
show good accordance. Consequently, the fire protection behavior of intumescent coating as
well as the expansion process can be predicted. Based on the introduced model effects as a
restrained expansion of intumescent coating due to space-enclosing elements will be
implemented in further investigations.
4

OUTLOOK

The remaining work of the research project is focused on the evaluation and interpretation of
the extensive test data. After these phase it will be possible to make correct declarations about
the heating behaviour from steel members, connected with space-enclosing elements both
experimentally and numerically.
5
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Abstract
The application of intumescent coatings for fire protection of steel constructions is increasing.
Thanks to the relative thin thickness of the coatings, the typical visual appearance of the
structures can be preserved. In Germany, the applicability of the systems is regulated by the
national as well as European technical approvals. According to the approvals, the application
on steel members in tension is only allowed with limitations. Especially, the application on
solid steel rods in tension is currently not covered. The paper will explain the actual state of
the art of the application of reactive fire protection systems applied to steel structures.
Physical and technical background information will be provided. After that, the latest
scientific results of an on-going research project funded by the German National Institute of
Building Technology (DIBt) and conducted by the Federal Institute for Materials Research
and Testing (BAM) will be described.
Keywords: steel structure, solid rod, tension, fire protection, reactive fire protection systems,
structural analysis, finite element method (FEM), experimental testing
INTRODUCTION
Unprotected steel structures exposed to fire can lose their load-carrying capacity at an early
stage due to the relatively rapid heating rate. For steel structures that need to fulfill
requirements concerning fire resistance, appropriate protection systems can be used in order
to prevent a premature loss of the load-carrying capacity. In case of visible steel
constructions, coatings with reactive fire protection systems are often used for architectural
reasons. Thanks to the low thickness of the coatings, the visual appearance of the steel
structure can be preserved. In case of fire, the increase of temperature causes a chemical
reaction of the fire protection system that leads to expansion and the forming of a heatinsulating layer on the surface of the steel structure. This layer reduces the heating rate of the
steel and thus delays the reduction in the load-carrying capacity.
Currently, the regulations in the European as well as in the German standards for the
application and testing of reactive fire protection systems applied to solid steel members in
tension are not adequately regulated. Therefore, a research project with the objective to
explore the possibilities for the use of reactive fire protection systems applied to solid steel
tension members is carried out at the Federal Institute for Materials Research and Testing
(BAM) in Berlin. First results of this research are presented in this paper.
1

REACTIVE FIRE PROTECTION SYTEMS

According to the approval guidelines of the German Institute of Building Technology (DIBt,
1998), reactive fire protection systems can be applied as a coating on steel members to
increase the fire resistance. Generally, a system consists of a primer and corrosion protection,
a reactive component and a top coating. The reactive component may be an intumescent, an
ablation, a sublimation or a combination of these products. The coating materials can be
applied in one layer or several layers by spraying, brushing, dipping or in a similar vein.
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1.1 General regulations
Since reactive fire protection systems are not regulated building and construction types, their
application in Germany is based on technical approvals (abZ), European technical approvals
(ETA) or approvals on a case-by-case basis (ZiE) (Stopp et al, 2011). In the scope of these
approvals released by the DIBt, the use of reactive fire protection systems is defined. The
application of reactive fire protection systems are currently limited to open and closed
sections. In addition, the application is restricted to steel grades S235 and S355 and a
particular range of the section factor Am/V (according to ETA) or rather U/A (according to
abZ). Further limitations arise from the maximum possible fire resistance of the individual
reactive fire protection system and the static load type for the steel member, i.e. bending,
compression or tension. Based on the mentioned criteria, the minimum dry film thickness of
the reactive fire protection system that was assessed on the basis of fire tests can be
determined. For applications of reactive fire protection systems different from the regulations
given in the approvals, a case-by-case permission is required.
1.2 Application on tension members
In accordance with the approvals published by the DIBt until December 2010, which are in
some cases still valid, the use of reactive fire protection systems on steel members in tension
was not in the scope of the approvals and a verification by adequate tests was required.
Starting from January 2011, the restrictions for all new approvals were changed in such a way
that reactive fire protection systems can be applied also to tension members with open and
closed profiles. However, the maximum load utilization factor (fi) for the steel member is
limited to 0.5 (Hothan, 2011). Tension members with solid cross-section are still excluded
from the scope of the approvals (Stopp & Proschek, 2011). Currently a European standard for
the implementation of fire tests on tension members with solid cross sections is an on-going
works (CEN prEN 13381-10(V1), 2012).
1.3 Requirements
According to the approval guidelines of the DIBt, reactive fire protection systems have to
fulfill different requirements (DIBt, 1997). These include, among other requirements, a
durable effectivity against fire exposure, sufficient adhesion to the steel member and a perfect
corrosion protection. Therefore, reactive fire protection systems have to fulfill certain thermal
and mechanical requirements. For example, the thermal conductivity must be small enough to
slow down the heating rate of the steel in order to keep the strength of the steel as long as
possible. The determination of the mechanical and thermal properties of the reactive fire
protection system is difficult due to the foaming behaviour. In particular, the adhesion to the
steel surface is difficult to describe. Therefore, the adhesion of the reactive fire protection
system to the steel (stickability) is considered sufficient when the coating remains on the
surface of the steel for the entire length of the fire tests (DIN 4102-2, 1977). Another
difficulty results from partially large differences in the behaviour and properties between the
different products of the reactive fire protection systems, which makes it difficult to give
general statements. Instead of determining the thermal properties of the reactive fire
protection system, often the heating rate of the steel is used, which can be determined much
easier by measurements (DIN EN 1993-1-2, 2010). The heating rate of the steel basically
depends on the gas temperature in the furnace, the section factor of the steel section as well as
the thermal properties and thickness of the reactive fire protection system. To determine the
material properties of the steel, the heating rate is also important because it affects the creep
behavior of the steel.
In contrast to the use of reactive fire protection systems on beams and compression members,
other special aspects have to be taken into account for tension members. For instance, it must
be verified whether the heating rates that occur for tension members meet the requirements
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developped numericcal models are capablle to describe the stru
uctural behhaviour of the
t steel
memberr subjected to tension and
a fire exp osure.
3

SU
UMMARY

The application of
o reactive fire protecction system
ms to tension membeers in Germ
many is
currentlly only reguulated by European
E
annd national technical approvals
a
fo
for open and closed
profiles. As an addditional restrriction, the maximum load
l
utilisattion factor iin the case of fire is
limited to fi < 0.55. This corrresponds too a load utillisation in the
t normal design situ
uation of
0.78. The regulations given in the currrent approval are baseed on numeerical analy
ysis of a
compariison between the defo
ormation off bending members
m
an
nd tension members (Hothan,
(
2011). F
For higher load utilisaation factorss and for prrofiles with
h solid cros s-sections, a use of
reactivee fire protecction system
ms can onlyy be allowed
d in an app
proval on a case-by-case basis,
which rrequires in general
g
additional expeerimental in
nvestigation
n. In particuular, the adh
hesion of
the intuumescent cooating on the surface off the steel member
m
(stiickability) hhas to be prroved. A
researchh project funded
f
by the DIBt and carrieed out by the BAM
M aims to develop
recomm
mendations and guideliines for thee use and teesting of reeactive fire protection systems
applied to solid steel memberss subjected tto tension. The
T investig
gation conssists of fire tests
t
and
numericcal simulattions based
d on the ffinite elemeent method
d (Hothan & Häßler, 2012).
Numerical models have been already creeated and th
he first results have beeen explaineed in this
paper. T
The modelss are able to
t describe the globall load-deforrmation behhaviour at elevated
temperaatures as weell as local effects,
e
suchh as the failure by necking. The aappropriate material
propertiies used as input for th
he numericaal analysis will be determined byy small scale tensile
tests in laboratory. In particular, the effecct of differeent heating and load raates will be studied.
Real scale fire testts on unloaaded and looaded tensio
on members with reacctive fire prrotection
system w
will be perfformed to validate the nnumerical models.
m
Based on the reesult of the research
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project, an extension of the scope of the technical approvals might be possible. The
practicability, relevance and expected benefits from the project encourage the possibility of a
technical and substantial cooperation of BAM with third parties, especially producers of
reactive fire protection systems.
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Abstract
A test program to investigate the material properties of a relatively new cold-formed lean
duplex stainless steel under elevated temperatures is presented. A total of 44 tensile coupon
tests were carried out by steady state method for temperatures ranged from 24 to 900 ºC.
Material properties including Young’s modulus, yield strength, ultimate strength and ultimate
strain were obtained. The test results and available data were compared with the design values
in the European Code as well as a unified equation by Chen & Young for stainless steel. The
lean duplex stainless steel is not covered in these existing design rules. It is shown that the
material properties of lean duplex stainless steel under elevated temperatures cannot be well
predicted by the existing design rules.
Keywords: elevated temperatures, fire resistance, lean duplex, material properties, stainless
steel, steady state tests
INTRODUCTION
Fire is destructive for stainless steel structures, due to its significantly reduced strength and
stiffness under elevated temperatures. Accurate design rules are required to predict the
material properties under elevated temperatures, which is important in structural design. Coldformed lean duplex stainless steel (EN 1.4162), a recently developed high strength stainless
steel with a relatively low price, has a great potential to be used in construction. However,
little research has been carried out on the material properties of lean duplex stainless steel
under elevated temperatures, and this material is not covered in the existing design
specifications for stainless steel structures. Therefore, it is necessary to investigate the
material properties of cold-formed lean duplex stainless steel.
A test program to investigate the material properties of cold-formed lean duplex stainless steel
(EN 1.4162) at elevated temperatures using steady state method is carried out. The test
specimens were heated to a specified temperature then imposed tensile stress to the specimens
until failure. Tensile coupon tests were conducted for cold-formed lean duplex stainless steel
specimens extracted from three different sections, which are under different level of residual
stresses due to the cold-forming process. The nominal temperatures used in the test program
were ranged from 24 – 900 ºC. The test results were compared with the design values by EC3
(2005) and Chen & Young (2006). It should be noted that these two design rules do not cover
the lean duplex stainless steel. Therefore, the duplex stainless steel (EN 1.4462) was used for
comparison. Reliability analysis was also conducted to assess the design rules for lean duplex
stainless steel. It is shown that the EC3 generally provides unconservative prediction, which
may lead to an unsafe design of structures, while the unified equation provides generally
conservative prediction to lean duplex stainless steel material properties under elevated
temperatures.
1

STEADY STATE TESTS

Coupon tests were conducted under elevated temperatures to determine the material properties
of the coupon specimens. The specimens were extracted from cold-formed lean duplex
stainless steel rectangular hollow sections (RHS) and square hollow section (SHS) with
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nominal dimension (D×B×t) 50×30×2.5, 50×50×1.5, and 150×50×2.5, where D, B, t are the
depth, width, and thickness in millimetre of the cross-section, respectively. The coupons were
taken from the centre of the face at 90º angle from the weld for all specimens. The dimensions
of coupon specimens conformed to the Australian Standard AS 2291 (1979) and the American
Standard ASTM E 21 (1992) for the tensile testing of metals at elevated temperatures using a
6 mm wide coupon and a gauge length of 25 mm. The location of coupon and weld in crosssection as well as dimensions of the coupon specimens are shown in Fig. 1.
The test set-up is shown in Fig. 2. An MTS testing machine was used to conduct the coupon
tests. The MTS high temperature furnace with a maximum temperature of 1400 ºC was used
to specify the required temperatures during testing, with an accuracy of 1 ºC. There are six
heating elements located at the upper, middle and lower part of each side of the furnace. Three
internal thermal couples were located inside the furnace to measure the air temperature, and
one external thermal couple was attached on the specimen surface to measure the temperature
of the specimen. The calibrated extensometer of 25 mm gauge length with the range limitation
of ± 2.5 mm was mounted onto the specimens to measure the longitudinal strain during the
tests. For specimens with large deformation under high temperatures, the strain may exceed
the range limit of the extensometer. The extensometer was reset manually when it approached
approximately 80% of the range limit during testing to avoid any damage to the apparatus.
In the steady state tests, a specimen is heated up to a specified temperature and then loaded
until it fails. The temperature is maintained when the tensile load is applied during testing.
Coupons extracted from each hollow section are loaded under 10 different nominal
temperatures from 24 to 900 ºC with an interval of 100 ºC. Firstly, the lower end of the
specimen is free to expand during the heating process until it reaches the specified
temperature. When the temperature on the specimen, which is measured by the external
thermal couple, is stabilized at the specified temperature for 10 minutes, the lower end of the
specimen is then gripped. Secondly, tensile load is applied to the specimen by displacement
control with a constant loading rate of 0.5 mm/min until it fails. The strain rate of the tests
measured by the extensometer conformed to the Australian Standard AS 2291 (1979) and
American Standard ASTM E 21 (1992). A total of 44 coupon specimens were tested using
steady state method.
Weld
536

Coupon

34

243

R8

6

22

243

(a)
(b)
Fig.1: (a) Location of coupon and weld in hollow section (b) Dimensions of coupon
specimens
2

TEST RESULTS

The material properties measured at room temperature including Young’s modulus (Eo), 0.2%
yield strength (fy), which is also known as the 0.2% proof stress, ultimate tensile strength (fu),
elongation at ultimate strength (u) and fracture (f) of a gauge length of 25 mm, and the
Ramberg-Osgood parameter (n) using the Ramberg-Osgood expression n =
ln(0.01/0.2)/ln(f0.01/fy) are summarized in Tab. 1. The 0.2% yield strength and 0.01% stress
(f0.01) are the intersection points on the stress-strain curve, which are the proportional lines
off-set by 0.2% and 0.01% strains, respectively. It is well known that the material properties
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reduce as the temperature increases. The reduction factors of Young’s modulus (ET/Eo), 0.2%
yield strength (fy,T/fy), ultimate strength (fu,T/fu) and ultimate strain (u,T/u) determined from
the ratio of material properties under elevated temperatures to those at room temperature are
shown in Fig. 3. Some specimens were failed outside the measuring range of the
extensometer, and therefore the ultimate strains for these specimens are not reported. The
actual specimen temperature was obtained by the average value of the specimen temperatures
measured by the external thermal couple at the beginning, middle and the end of each test.
The actual specimen temperatures are close to the nominal temperatures with the maximum
difference of 6.6%. The reduction factors of Young’s modulus (ET/Eo), 0.2% yield strength
(fy,T/fy), ultimate strength (fu,T/fu) and ultimate strain (u,T/u) are plotted against the actual
specimen temperatures in Figs 3(a), (b), (c), (d), respectively.

Specimen

Heating
element
Specimen

Internal
thermal
couples
Extensometer

Extensometer
External
thermal
couple

Furnace
Furnace
Grip

(b) Test set-up during testing

(a) One of the two sides of the furnace and a coupon
specimen

Fig. 2: Typical test set-up of a coupon specimen
Tab. 1 Material properties obtained from coupon tests at room temperature

3

Specimen

T (ºC)

Eo (GPa)

fy (MPa)

fu (MPa)

u (%)

f (%)

n

50×30×2.5T24
50×50×1.5T24
150×50×2.5T24

24.6
24.2
25.0

203
199
199

722.1
682.4
693.0

829.7
828.1
830.4

16.4
21.5
21.7

27.2
30.6
33.0

5.9
6.4
6.9

COMPARISON OF TEST RESULTS WITH DESIGN PREDICTIONS

A total of 11 data of the reduction factors of 0.2% yield strength (0.2% proof stress) and
ultimate strength for lean duplex stainless steel sheets under transient state tests were reported
by Gardner et. al. (2010). Test results of lean duplex stainless steel material properties under
elevated temperatures obtained from this study and the available data are compared with
design values by European Code (2005) and unified equations (Chen & Young, 2006). For the
European Code, the reduction factors of Young’s modulus, 0.2% yield strength and ultimate
strength under elevated temperatures for various stainless steel grades are provided in Tab.
C.1 of the Code. However, the lean duplex stainless steel of Grade 1.4162 is not covered by
the Code. Therefore, the reduction factors of duplex stainless steel (EN 1.4462) are used to
compare with the test results to assess its suitability for lean duplex stainless steel (EN
1.4162). The reduction factors in European Code are provided for discrete temperatures only,
thus linear interpolation was required to obtain the reduction factors corresponding to the
actual temperatures on the test specimens. Chen & Young (2006) proposed four unified
equations to predict the reduction factors of Young’s modulus, 0.2% yield strength, ultimate
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strength and ultimate strain for stainless steel under elevated temperatures. Two sets of
coefficients are calibrated for stainless steel types EN 1.4462 (Duplex) and EN 1.4301 (AISI
304). The unified equations with coefficients for stainless steel type EN 1.4462 (Duplex) are
used to compare with the test results in this study and the available data, in order to assess its
suitability for lean duplex stainless steel.
The reliability of the design rules to predict the lean duplex stainless steel material properties
under elevated temperatures was evaluated using reliability analysis, which is detailed in the
Commentary of the ASCE (2002). However, target reliability index ( 0) and the resistance
factor (0) for stainless steel material property are not suggested by the design specification.
Therefore, the target reliability index of 2.50 for stainless steel material property is adopted in
this study. The resistance factors of the two design rules corresponding to this target reliability
index 2.50 are calculated by Eq. 6.2-2 of the ASCE Specification (2002). The load
combinations of 1.35DL+1.5LL and 1.2DL+1.6LL, as specified in the EC3 (2005) and ASCE
(2002) respectively, were used in calculating the resistance factors (0) for EC3 and the
unified equations (Chen & Young, 2006), where DL = dead load and LL = live load. For the
purpose of direct comparison, a load combination of 1.2DL + 1.6LL as specified in the ASCE
was used to calculate the resistance factors (1), as shown in Tab. 2.
The reduction factors of Young’s modulus of the test specimens under elevated temperatures
are compared with those predicted by EC3 (2005) and unified equation for Young’s modulus
(Chen & Young, 2006) for duplex stainless steel of Grade EN 1.4462. The comparison of the
reduction factors are shown in Tab. 2 and Fig. 3(a), where kE,Test, kE,EC3, and kE,Chen&Young are
the reduction factors of Young’s modulus obtained from the test results, prediction values by
EC3 and prediction values by the unified equation, respectively. It is observed that the
predictions by EC3 are unconservative for the test specimens, which may lead to an unsafe
design. However, the unified equation provides quite conservative and scattered predictions to
the Young’s modulus of lean duplex stainless steel under elevated temperatures. It is found
that these two design rules cannot provide accurate predictions of Young’s modulus for lean
duplex stainless steel under elevated temperatures, and thus further research on this topic is
required.
The reduction factors of yield strength of the test specimens and the available data under
elevated temperatures are also compared with the design values by the two design rules, as
shown in Tab. 2 and Fig. 3(b), where ky,Test, ky,EC3, and ky,Chen&Young are the reduction factors of
0.2% yield strength obtained from the test results, prediction values by EC3 and prediction
values by the unified equation for yield strength (Chen & Young, 2006), respectively. Once
again, the EC3 is unconservative in predicting the reduction factors of 0.2% yield strength of
lean duplex stainless steel under elevated temperatures. On the other hand, the predictions by
the unified equation for yield strength provide a conservative prediction. The mean value of
ky,Test/ky,Chen&Young equals to 1.02, with the COV of 0.203. The target reliability of 2.50 can be
achieved by adopting the resistance factor of 0.75. It is shown that the unified equation is
generally capable to predict the reduction factor of yield strengths of lean duplex stainless
steel under elevated temperatures, by adopting the resistance factor of 0.75.
Comparison between the reduction factors of ultimate strength of the test specimens and the
available data with the design values are shown in Tab. 2 and Fig. 3(c), where ku,Test, ku,EC3,
and ku,Chen&Young are the reduction factors of ultimate strength obtained from the test results,
prediction values by EC3 (2005) and prediction values by the unified equation for ultimate
strength (Chen & Young, 2006). It is shown that the predictions by both design rules are
generally unconservative. Therefore, it is recommended that further research should be carried
out for lean duplex stainless steel ultimate strength under elevated temperatures.
Chen & Young (2006) proposed an equation to predict the reduction factor of ultimate strain
(u,T/u) for duplex stainless steel EN 1.4462. Such predictions are compared with the test
results, as shown Fig. 3(d). The design rule provides a generally conservative prediction to the
reduction factor of the ultimate strain of the lean duplex stainless steel under elevated
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temperatures. Therefore, the design equation for duplex stainless steel (EN 1.4462) is also
recommended for lean duplex stainless steel (EN 1.4162) in predicting the ultimate strain
under elevated temperatures.
1.2
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Fig. 3: Comparison of material properties obtained from design rules and test results
Tab. 2 Material properties obtained from coupon tests at room temperature
k E ,Test

k E ,Test

k y ,Test

k y ,Test

k u ,Test

k u ,Test

k E , EC 3

k E ,Chen &Young

k y , EC 3

k y ,Chen&Young

k u , EC 3

k u ,Chen&Young

44
1.60
0.318
0.95
2.50

55
0.85
0.193
0.61

55
1.02
0.203
0.75

55
0.90
0.200
0.68

55
0.87
0.186
0.70

Reliability index ( V)

44
0.84
0.209
0.59
2.50

2.50

2.50

2.50

2.50

Resistance factor (J

0.61

0.95

0.64

0.75

0.71

0.70

Reliability index ( J)

2.50

2.50

2.50

2.50

2.50

2.50

# of data
Mean (Pm)
COV (Vp)
Resistance factor (V

4

CONCLUSIONS

An experimental investigation of material properties of lean duplex stainless steel at elevated
temperatures has been presented. The test specimens are extracted from three square and
rectangular hollow sections of type EN 1.4162. Coupon tests using steady state method at
different temperatures ranging from 24 to 900 ºC were conducted. Material properties
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including Young’s modulus, yield strength, ultimate strength and ultimate strain under
elevated temperatures were obtained. The test results obtained in this study together with
available data were compared with design values by current design rules. It is shown that the
ultimate strain of lean duplex stainless steel under elevated temperatures can be well predicted
using the unified equation proposed by Chen & Young (2006), in which the lean duplex
stainless steel material was not covered by the proposed equation. It is also shown that the
EC3 provides generally unconservative predictions to the Young’s modulus, yield strength
and ultimate strength. The unified equations provide quite conservative predictions for
Young’s modulus, conservative predictions for yield strength, but unconservative predictions
for ultimate strength. It is apparently shown that the current design rules are generally
inappropriate to be used for lean duplex stainless steel under elevated temperatures. It is
suggested that further research is required for lean duplex stainless steel under elevated
temperatures for both steady and transient state tests.
5
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Abstract
This paper presents an experimental research on the performance of high-strength selfcompacting concrete (SCC) with different mineral additives after exposure to high
temperature of up to 600°C. For this purpose, four SCC mixtures were studied: one reference
and three mixtures where the Portland cement was replaced with mineral additive (fly ash,
metakaolin and limestone) in certain proportions. After natural cooling in the furnace,
compressive strength and static modulus of elasticity were determined and compared to
results obtained from other studies and those provided in EN 1992-1-2 and EN 1994-1-2 for
normal-vibrated concrete. Additionally, in order to characterize the damage of the specimens
caused by high temperatures, AE parameters during compression test of heated and unheated
specimens were also obtained.
Keywords: self-compacting concrete, high temperature, metakaolin, fly ash, limestone
INTRODUCTION
Self-compacting concrete (SCC) is a special type of high performance concretes that fill the
formwork with its own weight without need for vibration. There is trend for its increased use
in the structural applications, because of the many benefits of SSC compared to conventional
concrete. Although SCC consists of the same components as normal and high - strength types
of concrete, higher amounts of powder materials are necessary to obtain satisfactory stability
of the mixture. For that purpose usually pozzolanic or filler materials such as fly ash,
granulated ground blast furnace slag, metakaolin, limestone powder etc. are used. Thus,
compared to traditional normal vibrated concrete, increased paste volume and specific placing
condition can modify SCC properties on ambient and high temperature.
Although concrete is considered as an excellent thermal-resistant material among various
construction materials, high temperature cause physical and chemical changes that result in
deterioration of concrete mechanical and thermal properties (Bazant and Kaplan, 1996). Up to
now, results of the influence of high temperature on the properties of SCC are rather limited,
but show behaviour similar to that of normal-vibrated concrete with increased risk of spalling
(Persson, 2004; Bamonte & Gambarova, 2012).
In order to help better characterisation of the performance of SCC mixtures after exposure to
high temperature, this preliminary study is focused on testing of mixtures with similar
compressive strength where part of Portland cement is replaced with different mineral
additive.
1

EXPERIMENTAL PROGRAM

Experimental program includes determination of following residual concrete properties of
SCC obtained by uniaxial loading
•
•

compressive strength,
static modulus of elasticity,
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•

AE parameters during compression tests,

before exposure to high temperatures and immediately after cooling down to the ambient
temperature. In addition, weight loss and ultrasonic pulse velocity tests were also obtained
before and after high temperature exposure.
1.1 Concrete mixtures composition
Details of studied concrete mixtures are given in Tab. 1. All mixtures were designed in
accordance to CBI method developed in Sweden (Billberg 2002). CEM I 42.5 R and dolomite
powder were used for all mixtures. In addition, the mineral additives, namely fly ash (FA),
metakaolin (MK) and limestone (LF) were used as a partial replacement of cement by weight
as indicated in Tab. 1. The fine and coarse aggregate used was dolomite aggregate with a
nominal maximum size of 16 mm. Constant powder quantity (670 kg/m³) and constant waterpowder ratio (w/p=0,27) were selected for all mixtures, in which the powder content, p, is
defined as the sum of the cement, mineral additive and dolomite filler content. All concrete
mixtures were designed to give slump flow of 700±50 mm which was achieved by using the
superplasticizer based on polycarboxylic ether polymers and viscosity modifying agent at
amounts as indicated in Table 1. Other fresh properties required for SCC mixtures were also
examined in order to guarantee a good flowability, workability and segregation resistance of
studied mixtures according to HRN EN 206-9. The actual compressive strength and static
modulus of elasticity at ambient temperature, indicated in Table 1, is the average of three tests
on identical cylinders (Ø/L = 75/225 mm where the variability of each mix was limited to ± 2
MPa or 2 GPa respectively.
Tab. 1 Concrete mixture proportioning for 1 m3
Mix ID
Cement, kg
Metakaolin (5% c.w), kg
Fly ash, (30% c.w), kg
Limestone, (10 % c.w.), kg
Dolomite filler, kg
Water, l
w/c
Fine aggregate, kg
Coarse aggregate, kg
SP, l
VMA, l

M1 - ref
M2 (MK5)
450
427,5
22,5
220
220
180
180
0,40
0,42
862
862
696
696
5,6
4,5
0,7
0,7
Hardened concrete properties
Compressive strength, MPa
83,5
85
Static modulus of elasticity, GPa
48
47

M3 (FA30)
315
135
220
180
0,57
862
696
3,6
0,7

M4 (LF10)
405
45
220
180
0,44
862
696
4
1,0

82
44

69,5
46

Prepared specimens for high temperature exposure were also cylinders with dimensions of Ø
= 75 mm and L = 225 mm (i.e. with slenderness equal to 3). All specimens were demoulded
one day after casting and were kept at a temperature of 20±3°C and relative humidity of 95%
in a curing room for another 27 days. Then the specimens were moved to the ordinary
environmental conditions (T=15-25°C; R.H. = 50-70%) until testing. Testing programme was
initiated at an age of more than 180 days.
1.2 Testing
Temperature exposure and procedure of testing followed recommendations of the RILEM
Technical Committee TC-129. The specimens were subjected to three different temperature
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cycles up to 200°C, 400°C and 600°C in an electrical furnace (Tmax = 1000°C). The
temperature 600°C was chosen as maximum because above this temperature decarbonation
occurs and mechanical properties of concrete usually rapidly decrease. The first part of the
temperature cycle consisted of heating rate ΔT/Δt of 2°C/min (inside the furnace) up to target
temperature in order to avoid dangerous self-stresses. After that, the temperature was kept
constant until steady-state thermal conditions throughout the specimens were ensured, while
the last part of the cycle consisted of a slow cooling down to ambient temperature in closed
furnace in order to avoid thermal shock. Specimens were tested immediately after cooling
down to ambient temperature. For each temperature cycle, eight cylindrical specimens were
used where one specimen was equipped with NiCr thermocouples monitoring temperature
evolution, surface and centre temperature, according to mentioned RILEM recommendations.
No spalling of the specimens was observed which can be attributed to slow heating rate as
also as low moisture content of the specimens. Compressive strength and modulus of
elasticity were tested using hydraulic Toni Technik testing machine with 3000 kN capacity
and speed of applied load of 0,5 MPa/s. Elastic modulus is measured between 0,5 MPa and
1/3 of ultimate compressive strength. Ultrasonic pulse velocity measurement were
determinated using commercial device of Proceq company (Tico), while weight losses were
determined by weighing specimens with precision balance. Acoustic emission system
consisted of resonant R6 sensor from Physical Acoustics Corporation (PAC), 8 channel μdisp unit and a PAC 1220 preamplifier. Studied initial and residual concrete properties were
expressed as the mean value of three measurements per each temperature.
2

RESULTS AND DISCUSSION

2.1 Compressive strength

1,2

1,2

1,0

1,0

0,8

0,8

fcT/fc20

fcT/fc20

Fig. 1a) and b) show the results of relative residual compressive strength vs. temperature of
the studied concrete along with models proposed by EN 1992-1-2, EC2, for high-strength
normal-vibrated concretes, EN 1994-1-2, EC 4, for carbonate normal-vibrated concrete
aggregate concretes and results obtained by two other study based on testing SCC concretes
with limestone filler (Persson 2004; Bamonte and Gambarova 2012).
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Fig. 1 Plots of the residual compressive strength vs. temperature: a) this study and models in
EC2 and EC4 and b) this study and results in Persson, 2004 and Bamonte 2012
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From the figures, it is visible that there are two important stages in residual strengthtemperature relationship: 1) 0-200°C with negligible strength loss up to 2% for mixtures with
metakaolin, M2, and fly ash, M3, on one side, and reference mixture, M1, and mixture with
limestone, M4, on the other side with strength loss of 20 and 18% respectively and 2) 200 –
600°C with permanent strength loss. In the later, mixtures M2 and M3 show sharp loss up to
temperature of 400°C, at point which all mixtures have similar relative residual compressive
strength (from 70% for M1 to 77 % for M3). Positive influence of fly ash in the whole
temperature range and metakaolin up to 200°C on the residual strength is in line with results
obtained for normal-vibrated concrete with the same mineral additives in (Poon et al, 2003;
Xu et al, 2001). Relating proposed models in EC2 and EC4, results obtained within mixtures
M1 and M4 are in good agreement with that proposed with EC 4 for carbonate aggregate in
the whole temperature range, while results of M1 and M4 follow it at higher temperature,
400-600°C. Results of all mixtures are in good agreement with the models proposed in EC2
for class 1 and 2 in the temperature range 400 – 600°C. Relating comparison to other studies
presented at Fig. 1b) the agreement is satisfactory in the temperature range 0 – 200°C, while
at higher temperatures, results of other studies are lower which can be attributed to aggregate
type (crushed gneiss and gravel in Persson` s study and river gravel in Bamonte´s study).
2.2 Modulus of elasticity
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Fig. 2a) and b) show the results of relative residual modulus of elasticity vs. temperature.
Results obtained in this study show that all mixtures have very similar trend of loss no matter
which mineral additive were used in the mixture.
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Fig. 2 Plot of the relative secant modulus of elasticity vs. temperature: a) this study and
models in EC2 and EC 4 and b) this study and results in Persson, 2004 and Bamonte 2012
Large discrepancy exists between the experimental results and the values obtained from the
initial point of stress-strain curves in EC-s (Fig. 2a), because the stress-strain curves from EC
implicitly account for additional strains occurring during first heating of concrete, i.e.transient
thermal creep, which is beyond the scope of this study. There is good agreement between
results obtained in this study and results obtained in other studies presented in Fig. 2b.
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2.3 Ultrasonic pulse velocity and mass loss
The weight loses of the SCC mixtures with increasing temperatures are given in Fig. 3 which
show that evolution of the weight losses versus temperature is very close for all studied
concrete mixtures.
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Fig. 3 Plot of mass loss vs. temperature

Fig. 4 Plot of UPV vs. temperature

At around 120°C only a small amount of water escaped from the specimens, but at the 200°C
the mass loss is up to 4,5 % (for mixture M3). Fig. 4 presents the results of the relative
residual pulse velocities as a measure of the extent of deterioration of the concrete
microstructure. As for modulus of elasticity, it can be concluded that the studied types of
concrete have very similar decrease in UPV no matter which mineral additive is used in the
particular mixture.
2.4 AE measurement
On Figs. 5a) – d) the relative signal strength of AE is plotted against relative stress applied
during compression tests of the specimens heated to different high temperatures. AE
parameter signal strength represents area under rectified waveform or more generally it
represents energy released during crack propagation. Results presented are average values
obtained on three specimens with AE sensor positioned on side of cylindrical specimens
during compression test.
From presented figures, it can be seen that, apart for temperature 400°C, all studied mixtures
have almost the same relationship relative signal strength-relative stress. After exposure to
temperature of 400°C, this relation is different for different mixtures where the highest values
of relative signal strength were obtained for mixture with fly ash, M3, which, in the same
time, have the highest value of the residual strength (77%), Fig.1. For other studied mixtures,
also can be stated that relationship relative signal strength-relative stress follow the values of
the residual strength after exposure to 400°C. These preliminary observations need further
detailed research in the next step of the study, but certainly represent good tool for identifying
exposure temperature in dependence of the proposed relationship.

471

1,2

1,2

20°C

M1 - ref
M2 - MK5
M3 - FA30
M4 - LF10

1,0

M1- ref
M2 - MK5
M3 - FA30
M4 - LF10

0,8

Relative signal strength

Relative signal strength

1,0

200°C

0,6

0,4

0,2

0,8

0,6

0,4

0,2

0,0

0,0

0,0

0,2

0,4

0,6

0,8

1,0

1,2

0,0

0,2

Relative stress

1,2

M1- ref
M2 - MK5
M3 - FA30
M4 - LF10

1,0

1,2

1,0

1,2

600°C
M1 - ref
M2 - MK5
M3 - FA30
M4 - LF10

1,0

Relative signal strength

Relative signal strength

0,8

0,8

(b)

400°C

1,0

0,6

Relative stress

(a)
1,2

0,4

0,6

0,4

0,2

0,8

0,6

0,4

0,2

0,0

0,0
0,0

0,2

0,4

0,6

0,8

1,0

1,2

0,0

Relative stress

0,2

0,4

0,6

0,8

Relative stress

(c)

(d)

Fig. 5 Plot of relative signal strength vs. relative stress obtained during compression tests
of the specimens: a) at ambient temperature, b) after heated to 200°C;
c) after heated to 400°C; d) after heated to 600°C
3

CONCLUSIONS

The following conclusions may be stated on the basis of the results obtained in this study:
•

•

•
•

Mineral additives have great influence on the residual compressive strength between
ambient temperature and 400°C; at temperatures above 400°C, the decrease of the
residual compressive strength is similar for all studied mixtures and is in good agreement
with the model proposed of EC 4 for normal-vibrated calcareous aggregate concretes.
Higher temperatures have more influence on the residual modulus of elasticity compared
to the compressive strength; related to different mineral additives, results show that they
have not significant effect on modulus, because all studied mixture show almost the same
trend of decrease in dependence of the applied temperature.
As for residual modulus of elasticity, there is very similar trend in decrease of residual
UPV for all studied mixtures which indicates that mineral additive has no particular effect
on the residual UPV.
In order to withdraw general conclusions about the influence of the different mineral
additives in concrete mixtures on mechanical properties of self-compacting concrete after
exposure to high temperatures (compressive strength and modulus of elasticity, in
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•

particular) there is need for further research with mixtures containing different percentage
of each mineral additive. This research is currently underway.
Preliminary results of AE parameters (signal strength in particular) obtained during
compression test of specimens after heating to high temperatures show good tool for
identifying exposure temperature of the concrete needed for assessment of concrete
structures after fire.
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Abstract
Prestressing strands lose strength and become more susceptible to creep deformation when
they are heated during a fire. The consequent loss in prestressing force could under certain
conditions result in structural collapse, potentially outwith the heated region of the structure.
This paper describes a test programme characterising the changes in microstructure of steel
prestressing tendons exposed to elevated temperatures. The residual strength tests, hardness
testing, and elevated temperature mechanical test were performed to demonstrate how
recovery and recrystallisation of the initially work-hardened steel produce changes in its
mechanical properties at elevated temperatures. The research results of this paper are
beneficial not only in the fire design of post-tensioned structures using modern prestressing
steel, but also in the assessment of the tendons’ residual strength after being affected by fire.
Keywords: Prestressing steel, microstructure, hardness, residual strength, creep.
1

INTRODUCTION

The prestressing tendons used in pre-tensioned and post-tensioned concrete construction can
be greatly affected by elevated temperature, potentially resulting in catastrophic collapse of a
structure. Even if collapse does not occur, heating can reduce both the strength of the tendon
at elevated temperature, and the residual strength after it has cooled down, and the tendon can
undergo creep deformation. The extent of damage is often not visually quantifiable and
another means of assessment must therefore be sought.
This paper reports a study of the changes in physical and mechanical properties of a modern
prestressing steel at high temperatures. It examines how the microstructure, hardness and
residual tensile strength of the steel is affected by temperature. The aims are to (a) provide
fundamental information on the behaviour of prestressing steel subjected to fire temperatures,
and to (b) allow the post-fire condition of a tendon to be assessed by means of a simple,
cheap, and non-destructive hardness test.
1.1 Previous Work Characterising the Effect of Temperature upon Prestressing Steel
The tendons in pre- or post-tensioned concrete are embedded in concrete that provides good
insulation; however it is possible for the tendon to reach temperatures over 400°C, and well
above this temperature if the tendon or the tendon duct are exposed directly to fire following
spalling or cracking of the cover concrete (Gales et al., 2011).
The strength of prestressing steel decreases significantly when exposed to temperatures above
300°C (Holmes et al. 1982; Neves et al., 1996; Maclean, 2007), and can loose 50% of its
strength at high temperatures. Preloading the strands prior to testing makes little difference to
its behaviour. There is a slight increase in strength, however, for temperatures above 700°C
(Abram & Erlin, 1967; Holmes et al., 1982).
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The mechanical performance of prestressing steel follows from the changes in microstructure
that occur as it is heated. Prestressing steel is a cold-drawn, pearlitic steel (a eutectoid mixture
of iron carbide and ferrite). At ambient temperature its microstructure consists of thin,
elongated pearlite grains. Between 400°C and 700°C, spheroidisation occurs (in which the
iron carbide in the pearlite forms globules), accompanied by recovery (in which the
dislocations present due to cold working are annihilated). Upon heating to temperatures above
700°C, the matrix recrystallises completely and forms new grains, which then grow over time
(Abrams & Erlin, 1967).
A correlation between hardness, tensile strength, microstructure and temperature was
established for prestressing steel in the 1960s by Abrams & Erlin (1967). Modern steel,
however, has a different chemical composition; the composition of the prestressing steel
studied in this paper is compared to those used in previous studies in Tab. 1. The current BS
5896 steel has a higher carbon content and a lower phosphorus and sulphur content than the
steel tested by Abrams & Erlin. Gales et al. (2012) have identified that existing design
guidance may overestimate creep deformation, as a result of the changes in the steel used for
prestressing tendons. Consequently, the design guidance may be non-conservative for
predicting tendon rupture during a fire, and it is important to re-examine the performance of
prestressing steels at high temperatures.
Tab. 1 Carbon and main alloy content in the steels used in previous and current studies

2

C (%)

Mn (%)

P (%)

S (%)

Si (%)

Abrams & Erlin (1967)

0.794

0.498

0.0118

0.0376

0.288

Neves et al. (1996)

0.824

0.712

0.02

0.013

0.235

MacLean (2007)

0.80

0.868

0.023

0.012

0.45

Current Tests (BS 5896, 2000)

0.90

0.66

0.007

0.014

0.25

PROCEDURE

The tests were performed on prestressing steel strands and core wires made to British
Standard BS 5896 (2000). The hardness, residual strength and microstructure of the steel were
studied after cooling.
2.1 Heat Treatment
Unloaded and unrestrained strands were heated to temperatures of 200, 400, 500, 600, 700
and 800°C. Two samples were tested for each exposure temperature. The samples were
placed in a furnace and heated from room temperature to the target temperature at 10°C/min,
using four thermocouples to monitor the furnace and sample temperatures. The specimens
were then held at the target temperature for 1.5 hours, followed by air-cooling to simulate
natural cooling following a fire. This heating regime matched previous tests by MacLean
(2007).
An additional four samples were heated to 400°C and held for periods of 4 and 8 hours
(corresponding to the study by Abrams & Erlin, 1967). These samples allowed the effect of
soak time upon microstructure and hardness to be studied at 400°C, for which significant
changes in mechanical properties start to occur (Neves et al., 1996; MacLean, 2007; Myers &
Bailey, 2009).
2.2 Hardness
Vickers hardness tests were performed on all the heated core wires. 30 mm long samples were
ground using P400 silicon carbide paper to produce a flat, clean surface at least 2 mm wide.
The samples were mounted in a special stand, tested under the equivalent of a 30kg mass, and
the appropriate conversion used to obtain the Diamond Pyramid Hardness (DPH) value. Four
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hardness tests were performed in the centre of each sample (to eliminate the influence of the
sample edges) and the results were averaged.
2.3 Microstructure
Microstructural observation of both transverse and longitudinal sections of the samples were
conducted through a Zeiss Axioscope light microscope. Two 10 mm long sections were cut
from each sample and mounted in EpoxiCure resin. These were ground using gradually finer
grit paper and then polished with cloths and diamond paste, to obtain a flat, scratch-free
surface. The samples were etched with 2% Nital to expose the grain structure.
2.4 Residual Tensile Strength
Residual tensile strength tests were performed on the core wires after cooling using an Instron
600LX universal testing machine. The samples were tested using a free length of 50 mm, at a
strain rate of 2 mm/min (to avoid creep effects). Digital Image Correlation (DIC) was used to
measure the steel strains during the tests (see Gales et al. (2012) for details).
2.5 Tension test
The core wire from a prestressing strand was heated at 10°C/min to a temperature of 500°C
and held for 15 mins. The sample was loaded at 1mm/min whilst maintaining the temperature
at 500°C. The test was stopped before failure to observe necking, which occurred in two
distinct places. The necked sections were tested for hardness and prepared for microscopy as
described above.
3

RESULTS AND DISCUSSION

The results obtained during this study are compared with prior research by Abrams & Erlin
(1967), Holmes (1982), Neves (1996), MacLean (2007), and Myers & Bailey (2009). These
authors studied the change in residual mechanical and material properties of loaded and/or
unloaded prestressing steel samples with temperature.
3.1 Microstructure

(a) Ambient temperature

(b) 400°C, 1.5h soak

(c) 400°C, 8h soak

(d) 600°C, 1.5h soak

(e) 700°C, 1.5h soak

(f) 800°C, 1.5h soak

Fig. 1 Longitudinal sections for different exposure temperatures and times;
the length bar is 20 μm long.
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Fig. 1 shows the microstructure of the longitudinal sections at different temperatures and soak
times. The elongated pearlite grains are clearly shown in the non-heated prestressing steel
(Fig. 1a). The extensive cold-drawing during manufacture of the steel wire results in very fine
grains that cannot be distinguished in the transverse direction.
A similar microstructure with long, fine grains is evident for samples that have been heated up
to 500°C (Fig. 1b and 1c), and it is not possible resolve the individual grains in the transverse
view. However, the pearlitic banding is less clear in the 400°C samples. Whilst (even at
1000× magnification) it was difficult to discern this banding, it is possible to see that the
proportion of pearlitic banding was lower. For the 8h soak time, the original structure is still
visible, but the clear pearlitic structure has disappeared and slightly grainier dark and light
bands are visible. This suggests that the effect of this temperature upon the steel is time
dependent.
For temperatures above 500°C pearlite starts to dissociate into ferrite and globular iron
carbide, and the microstructure is a mixture of the pearlite grain structure and the new
globular structure. This is evident at 600°C in both longitudinal (Fig. 1d) and transverse
directions.
At temperatures above 700°C the directionality of the original grain structure is lost. Above
the eutectoid temperature (≈727°C), the steel transforms to austenite, but re-forms into coarse
pearlite colonies upon cooling (Fig. 1e and 1f). Decarburisation is also observed for these
temperatures; after heating, the samples were coated in a carbon layer and the proportions of
ferrite in the microstructure near the surface were higher.
Similar trends were observed by Abrams & Erlin, Neves et al. and MacLean, despite the
different compositions of the steels that they tested (Tab. 1).
Anot h

3.2 Hardness vs. Temperature
The results from the Vickers hardness tests are shown in Fig. 2, which plots the reduction in
hardness with exposure temperature.
There is no significant change in hardness for temperatures up to 300°C, with a marked
decrease in hardness above 400°C. A minimum hardness (equal to 40% of the un-heated
hardness) occurs for steel heated to 700°C. At 800°C, the hardness increases slightly (to 60%)
due to recrystallization. These results correlate with those obtained by Abrams & Erlin
(1967).
The multiple points at 400°C in Fig. 2 are due to the soak times of 1.5, 4 and 8h. The longest
exposure resulted in the lowest hardness value, with a difference of not more than 8% (55
DPH) between the longest and shortest exposure times.

Fig. 2 Hardness variation with temperature
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Fig. 3 Strength variation with temperature

3.3 Residual Strength vs. Temperature
Fig. 3 shows how the residual yield tensile strength and ultimate tensile strength (UTS) varied
with exposure temperature. The yield strength was the stress at which the prestressing steel
samples ceased to behave linearly. There is very strong similarity between Fig. 2 and 3,
confirming the correlation between strength and hardness.
As with hardness, significant change in tensile strength occurs for temperatures below 300°C.
The strength is reduced at 400°C, but neither the yield or ultimate tensile strengths are
significantly affected by the exposure times at this temperature (the results are within 120MPa
of each other). The minimum strength occurs at 700°C, where the UTS has reduced by nearly
70%, and the yield strength by around 60%. The strength recovers slightly at 800°C, with a
residual UTS around 50% of the unheated strength.
Stress-strain curves were plotted using the DIC measurements of strain (but are not included
here). The elastic portion of the response gave a Young’s modulus (E) close to 210GPa,
which is in the range defined by the manufacturer. The residual value of E did not vary
significantly with exposure temperature. The stress-strain curves for the majority of the
specimens had clear elastic-plastic regions with very little hardening. Those exposed to
800°C, however, were similar to those for mild steel, with hardening, a consequence of the
un-worked microstructure of the steel following heating to 800°C (Fig. 1f).
Fig. 4 compares the UTS results from the present study (from Fig. 3) to the results from
previous studies, normalised with respect to the unheated strength. The trend is the same as
for previous work except for that of MacLean, who obtained higher residual UTS values for
temperatures above 400°C. A recovery of residual UTS is also observed for 800 °C by Neves
et al. and Abrams & Erlin.

Fig. 4 Comparison of test data with previous studies
3.4 Heated Tension Test at 500°C
The strength test conducted at 500°C was used to determine whether loading at elevated
temperature affects the hardness or microstructure of the steel (after it has been cooled). There
was a small decrease in hardness of 8.3% compared to the unloaded sample. The loaded tests
by Abrams & Erlin (1967) gave a similar result, which they deemed to be neglible, but it
should be noted that the difference in hardness is similar in magnitude to that resulting from
the different exposure times at 400°C.
The microstructure of samples taken from the necked region was similar to that of unloaded
test, although the plastic deformation would have caused the formation of microcavities in the
necked region.
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3.4 Hardness as an Assessment of Residual Strength
The results demonstrate that the hardness of the modern prestressing steel (to BS 5896)
correlates very well with the residual UTS, in a similar manner to historic prestressing steel
(Abrams & Erlin, 1967).
Portable hardness testing may allow the residual tensile strength of a post-tensioning tendon
to be assessed following a fire without needing to recourse to destructive test methods that
require samples of steel to be removed from the structure.
Care is required, due to the non-unique values of hardness that occur between 600°C and
800°C, because hardness testing cannot distinguish steel exposed to these two temperatures.
The ductility of the 800°C exposed steel will be higher, but this would require microstructural
examination or mechanical testing. It is unlikely, however, that prestressing tendons exposed
to any temperature in the 600°C to 800°C could be retained because of the consequent large
reduction in strength.
4

SUMMARY

This study has examined how exposure to elevated temperatures up to 800°C affects the
microstructure, hardness, and residual tensile strength of a modern prestressing steel.
Whilst the chemical composition of the British Standard steel examined here differs from the
prestressing steels examined in previous studies (from the 1960s onwards), its elevated
temperature performance is similar. Residual strength loss occurs from 400°C, with a
maximum ultimate tensile strength of 70% at 700°C. The exposure time does not greatly
affect its residual properties.
The residual strength loss is accompanied by a reduction in the steel’s hardness, and this may
allow hardness testing as a non-destructive method to establish the residual strength of a
prestressing tendon following fire.
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Abstract
The paper presents a numerical model for the behaviour of steel structures exposed to fire
capable of taking into account the effect of steel creep at high temperatures by using a simple
implicit model. The objective of the simple implicit model is to modify the material stationary
stress-strain curves. After reaching temperatures above 400°C, stress-strain curves are
modified by stretching the curves using a calculated value of creep strain at current stress,
temperature and time. Described numerical procedure was tested by modelling the behaviour
of two simply supported steel elements that were partially exposed to high temperatures in an
in-house experiment. Authors are claiming that the implicit model is applicable for modelling
the behaviour of steel elements with free thermal expansion or with a low level of restriction
to thermal expansion.
Keywords: fire, heat transfer, finite element, steel, creep strains
INTRODUCTION
Behaviour of steel structures at high temperatures is greatly influenced by the level of creep
strains that occur after reaching the temperature above one third of the melting point of steel.
For structural carbon steel, this occurs after reaching the steel temperature of approximately
400°C. Generally, for simply supported steel elements with no axial restraints, the creep strain
affects the vertical deflections, while in the elements which are axially restrained, the creep
strain induces development of additional forces in the structure (Kodur, Dwaikat 2010).
Consequently, creep strains have significant effect on the load bearing capacity of steel
structures exposed to fire. Most of the creep models are derived based on material stationary
creep tests, in which the steel specimen is heated while the stress is kept constant (Harmathy
1967, Williams-Leir 1983). Implementation of creep strains into the calculation of the
structural response is achieved through explicit or implicit creep models. Explicit creep
models include creep strains directly into the strain profile of the cross section, where the
calculation procedure involves finding the strain profile for which the internal forces are in
equilibrium with the applied load forces at one cross section. Afterwards, the momentcurvature relationship for every cross section is calculated, and in dependence on the
equilibrated strain profile (curvature), the bending stiffness of the structure member is
calculated. Implicit creep models include creep strains directly into the stress-strain curves of
the material, thus creating effective relationships in which stress-strain curves are highly
nonlinear. However, implicit creep models only partially take into account high temperature
creep strain at elevated temperatures, since no calculation of creep strain exists in implicit
creep models (Kodur et al 2010). This paper presents a newly developed implicit creep model
that calculates creep strains with the help of the existing creep material models in order to
modify the stress-strain curves of the material. Consequently, the implicit model creates
stress-strain curves that are modified according to the level of stress and temperature that the
cross section is exposed to after reaching the critical temperature of steel creep development.
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1

NUMERICAL MODEL FOR STRUCTURAL FIRE ANALYSIS

The model is generally based on a spatial beam-column element analysis (spatial frame
structures), which has a detailed description in (Toriü et al 2012). The model consists of three
submodels: a model for structural analysis (Bernoulli beam elements with six degrees of
freedom), a model for calculation of the nonlinear stress-strain distribution in the crosssection and a 3D transient nonlinear heat transfer model (eight node cube element). In the
calculation procedure the structure is divided into elements and subelements. (Fig. 1, a-b).
Each of these elements and subelements has a cross-section consisting of one material or one
composite section (Fig. 1-c), and each of the materials of the cross-section has its constitutive
material behaviour law (stress-strain curve). Once the model for structural analysis has been
formed and the element cross-section defined, the spatial 3D model for heat transfer analysis
is automatically formed (Fig. 1-d).
1.1 Structural calculation procedure

Fig. 1 Presentation of the numerical model

Fig. 2 Structural fire analysis flow-chart

The calculation procedure starts with a linear elastic structural analysis. The structure is
loaded with a static load, for which displacements and internal forces are calculated (quasi
static analysis). Afterwards, depending on the level of internal forces in each subelement, the
structure stiffness matrix is modified according to the nonlinear stress-strain distribution in
the cross-section. Strain components in the steel cross-section during fire exposure are
comprised of three components (Purkiss 2007):

ε tot = ε th (T ) + ε σ (σ , T ) + ε cr (σ , T , t )
where: İtot – total strain, İth(T) – thermal strain (function of temperature T), İı(ı,T) – stress
related strain (function of both the applied stress ı and the temperature T) and İcr(ı,T,t) –
creep strain (stress, temperature and time dependent strain). Creep strains are excluded from
Eq. (1) if an implicit creep model is utilized in the structural analysis. In that case, creep
strains are implicitly included in the material stress-strain curves. The implicit model is
described in the following chapter. Thermal strains are converted into displacements or
internal forces depending on the end restraints of the element. Once the modified stiffness
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matrix of the structure is assembled, new structure displacements are calculated until the
convergence of the displacement vector is achieved (norm of displacement vector lower than
norm limit). This phase can be described as a stationary state of the structure, for the time
period before the structural fire analysis starts. Flowchart of the numerical model is presented
in Fig. 2.
2

NEW IMPLICIT CREEP MODEL

2.1 Introduction
The idea for a new implicit creep model was developed from the observation of results
obtained from classical stationary and transient material tests. For steel, stress-strain curves
obtained from transient test differ from those obtained by stationary test, mainly because of
the influence of steel creep. Steel creep develops because steel specimens are heated with
slow thermal gradient while under stress, which results in a distorted stress-strain curve due to
existence of implicitly included creep strain in comparison to stationary curves (Lu et al 2003,
Mäkeläinen et al 1998). The main difference is observed in the reduced modulus of elasticity
Ey,ș(trans) over the whole stress range, and depending on the temperature level, in a slightly
lower yield strength fy,ș(trans). Fig. 3 presents a typical stress-strain curve obtained by stationary
and transient steel testing for a fixed temperature level ș.

Fig. 3 Comparison of typical stress-strain curves obtained from stationary and transient steel
tests
From Fig. 3 it is evident that for each stress level on the curve ıi , the total deformation on the
transient stress-strain curve can be divided into two components: stress related strain İıi and
creep strain İcr,ıi (thermal deformation excluded). In case of the classical transient test, the
level of creep strain that is implicitly included in the stress-strain curve depends upon the
level of stress that is kept constant during the test and the imposed heating gradient on the
specimen.
2.2 Implementation of the new implicit creep model
The new implicit creep model is based on the observation of dual deformation division of the
total sum of deformation observed on the transient stress-strain curve (Fig. 3). The model is
based on the calculation of realistic values of creep strains depending on the level of stress
and temperature to which the cross section is exposed. Realistic values of creep strain are then
used to modify the stationary stress-strain curves. The modification is obtained by adding the
calculated creep strain to the value of stress related strain in order to reach values that should
correspond in maximum degree to the observed total sum of deformation on transient stressstrain curves from Fig. 3. By adding the calculated creep strain to the stress related strain for
each stress level ıi, the new modified stress-strain curve is obtained which reduces the
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modulus of elasticity on the curve and creates a ductile material curve that is similar to stressstrain curve obtained by transient testing of the material.

Fig. 4 New implicit creep model for stress-strain curve modification: (a)
Temperature calculation; (b) creep strain calculation; (c) strain modified
curve

Fig. 5 Temperature measuring points and structure model
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Fig. 4 summarizes the proposed implicit calculation procedure. The proposed implicit
calculation procedure is modifying stress-strain curves obtained from stationary tests and
using them to recreate equivalent transient stress-strain curves. The procedure in this manner
creates curves which are influenced by a creep strain that is likely to occur in a certain part of
the cross section. The model for calculation of creep strains applied in this study is based on
Harmathy’s research (Harmathy 1967). Parameters for calculating creep strains are derived
for steel grade A36 (Harmathy et al. 1970), which is equivalent to steel grade S275.
3

NUMERICAL VERIFICATION

Verification of the proposed implicit creep model was conducted on the results of two fire
tests (Boko et al 2012). Two simply supported steel beams I 212/180, steel grade S355, with
2.5 m span were previously loaded and then heated on all four sides of the element inside the
furnace (Fig. 5). First element (E1) was loaded with concentrated vertical force V = 200 kN at
midspan and the second element (E2) was loaded with concentrated vertical force V = 200 kN
and horizontal compressive force H = 400 kN. Fig. 5 presents the disposition of discrete
temperature measuring points in which temperature development was observed over time, and
the structure model used for numerical modelling. Tab. 1 presents basic input parameters for
the heat transfer analysis.
Tab. 1 Basic input parameters for heat transfer analysis
Thermal
Specific heat
conductivity Ȝ capacity C
EN1993-1-2

EN1993-1-2

Density
ȡa [kg/m3]

Convection
Įc [W/m2K]

Config. factor ĭ

Emissivity
İres

ǻt
[s]

7850.0

50.0

1.0

0.8

0.5

50

600

Exp
EC3 stress-strain curves
Exp stress-strain curves
Exp stress-strain curves+implicit creep Harmathy
EC3 stress-strain curves + implicit creep Harmathy

Temperature [°C]

500
400
300
Exp 30 min
Exp 60 min
Exp 90 min
Exp 115 min
Model 30 min
Model 60 min
Model 90 min
Model 115 min

200
100

Midspan deflection [mm]

45
40
35
30
25
20
15
10
5
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Fig. 6 Comparison of results obtained by model and experiment (Element E1)
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Fig. 7 Comparison of results obtained by model and experiment (Element E2)
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The numerical analysis was done by using two different sets of stress-strain curves:
experimental stationary stress-strain curves which were determined for steel that was used in
the steel beam itself (Boko et al 2012) and the stress-strain curves proposed by EN1993-1-2,
generally used for engineering analysis of the behaviour of steel structures under fire. Figs. 6
and 7 present the comparison of results between the conducted experiment and the model
predictions.
4

DISCUSSION OF RESULTS

Figs. 6 and 7 show good agreement between the temperatures predicted by the 3D heat
transfer model and the measured temperatures during element testing, indicating higher level
of precision for temperature predictions if using 3D heat transfer modelling in case of local
heating of the element. Both of steel elements were exposed to temperatures above 400°C for
at least 70 minutes, thus enabling the development of high temperature creep strains. Figs. 6
and 7 show unconservative results when using both experimental stationary stress-strain
curves and steel curves from Eurocode in structural analysis. The unconservative results are
obtained without the inclusion of the implicit creep model, for the time period in which steel
element is heated above 400°C. The presented implicit creep model is used to modify the
initial elasto-plastic steel material model and creates an equivalent visco-plastic material
model by modifying stationary stress-strain curves. Results of the deflections obtained by the
numerical model show good agreement with the experiment when using the proposed implicit
creep model, and therefore, indicate the validity of the applied implicit creep model.
However, some discrepancies exist because the applied creep calculation model (Harmathy
1970) is sensitive to input parameters, which are highly variable depending on the type of
steel. Creep model was used with the help of experimental parameters derived for steel grade
S275. However, steel beams were made of steel grade S355. The present study is focused on
the behavior of unrestrained steel elements. Further tests are necessary to confirm the validity
of the proposed implicit creep model, especially for the case of restrained steel elements.
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Abstract
The purpose of this study is to investigate the effectiveness of various strengthening
techniques in restoring heat damaged reinforced concrete. A series of 40 reinforced concrete
cylinders were tested under concentric compression after being jacketed externally with high
strength fiber reinforced concrete (HSFRC), Ferrocement (FC) and Glass fiber reinforced
polymer (GFRP) jackets. Concrete specimens were exposed to elevated temperatures ranging
from room temperature to 900 ºC. The overall response of strengthened specimens was
investigated vis-à-vis un-strengthened specimens in terms of axial compression, axial
displacement and axial stress strain behaviour. The results indicate that important gains in
strength and ductility can be achieved by strengthening heat – damaged R.C cylinders by
HSFRC, FC and GFRP external Jacketing. GFRP jacketing was found to be the most effective
method of strengthening fire or heat damaged concrete structures.
Keywords: concrete cylinders, strengthening, GFRP, Ferrocement, HSFRC
INTRODUCTION
Reinforced Concrete structures (RCC) may require strengthening for a various reasons.
Heating or fire accidents in buildings demands repair and rehabilitation. Many experimental
techniques have been used in recent years to strengthen RCC columns under ambient
condition using suitable retrofitting and strengthening techniques. Materials of strengthening
include FRP wrapping, FC jacketing, HSFRC, Steel plate bonding etc. Apart from low
maintenance cost and improvement in the service life of buildings, Fibre Reinforced polymer
(FRP) wrapping have several benefits like high strength, light weight, resistance to corrosion,
low cost, and versatility (Ehsani et al, 1998). Also the interaction between concrete and fiber
enhances concrete strength and ultimate strain (Luca et al, 2011). Effectiveness of FRP
jacketing is significant in columns with circular cross section (Lam et al, 2003). Many
researchers have emphasized the potential usage of FC laminates in repair and rehabilitation
of concrete structures. Increased strength and ductility were observed in FC encased short
circular and square concrete columns with unreinforced and reinforced cores for both axial
and eccentric loading conditions (Kaushik et al, 1990). Apparent stiffness and ultimate load
carrying capacity has been increased due to FC retrofit coating in new structures, repair and
rehabilitation of existing structures and marine environment (Nedwell et al, 1990, Mourad et
al, 2012). HSFRC provides a better alternative to normal concrete, with high strength/weight
ratio, high toughness, excellent durability, and moreover cost effective than conventional
materials. Utilization of composite materials in rehabilitating structures can greatly reduce
maintenance, improved life safety and service life (Haddad et al, 2011). Literature review on
HSFRC exhibits the possibility of designing structures with new geometries and shapes with
great improvement in strength (Martinola et al, 2010). However, literature indicates that the
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repair of heat damaged reinforced concrete elements with these strengthening techniques have
not been investigated in detail (Haddad et al, 2011, Yaqub et al, 2011, 2012).
The main aims of this research are to investigate the effectiveness of applying HSFRC, FC
and GFRP jackets on heated one-sixth-scale reinforced concrete cylinder; and to study the
behavior of damaged and repaired elements in terms of strength gain, ductility and failure
modes.
1

EXPERIMENTAL PROGRAMS

The experimental program consists of testing one-sixth- scale cylinder (150 mm dia)
specimens with a height of 450 mm in three phases as follows; Level 1: Control specimens
without any damage and without jackets, Level 2: Specimens were induced with heat damage
and without jackeing, and Phase 3: Heat damaged specimens strengthened with HSFRC, FC,
and GFRP jackets. The RC cylinders numbers and details are given in Table 1. The dimension
and reinforcement details are shown in Fig.1.
Tab. 1 Specimen Details
Temperature
Designation &
Wrapping Methods

300
CC3
CC3 HSFRC
CC3 FC
CC3 GFRP

600
CC6
CC6 HSFRC
CC6 FC
CC6 GFRP

900
CC9
CC9 HSFRC
CC9 FC
CC9 GFRP
CC9MC

1.1 Materials properties
Concrete was prepared with ordinary Portland cement, Natural River sand, and crushed
limestone aggregate of maximum size 12.5 mm with tap water. Cylinder compressive strength
of 37.19 MPa was obtained after 28 days. The concrete mix consisted of 450 kg/m3 Portland
cement, 658 kg/m3 washed sand, 1034 kg/m3crushed limestone, and 202.5 kg/m3 tap water.
The steel used for longitudinal reinforcement was 10 mm diameter with 520 MPa yield
strength and while that used for lateral ties 6 mm diameter bars of 590 MPa. Hook end steel
fibers were used in preparing the HSFRC jacket. The fibers were used at volumetric fraction
of 2%. The steel fiber used in the jacket was 0.60mm diameter, 30mm length with yield
strength of 1120 MPa. It was planned to use locally available weld mesh as a low cost
material in rehabilitation and upgrading of RC Cylinders. The weld mesh used in the jackets
had square openings of (13*13 mm) and wire diameter of 0.96 mm, tensile tests was
performed on three coupons and the average yield strength was 385 MPa. The properties of
GFRP used for the investigation was unidirectional with nonstructural weaves in the
secondary direction to hold the fabrics together, which was glued using epoxy resin, with
thickness of about 0.324mm, average tensile strength of 3400 N/mm², and an ultimate
elongation of 4.33%. The materials used in preparing slurry specimens included ordinary
Portland cement, natural sand which was less than 600 micron and silica fume. The slurry mix
proportions were 1:0.6:0.15:0.35:0.01 by weight of cement, sand, silica fume, water and super
plasticizer correspondingly. Prepared slurry mix had a high compressive strength of about
68.06 MPa and a high flow as measured by a standard ASTM C939 flow cone (about
32 seconds).
1.2 Casting, Curing and Thermal Testing
A concrete cover of 12.5 mm was provided at side in all the cylinders. A cover of 15 mm was
also provided between the ends of the longitudinal bars at the top and bottom surfaces of the
specimens to prevent direct loading. The water curing period lasted for 28 days after which
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the specimens were kept in the laboratory at ambient temperature and humidity conditions for
another 122 days.
A programmable electrical furnace intended for a maximum temperature of 1200°C was used
for heating the specimens. The temperature inside the furnace was measured and recorded
with specially installed thermocouples. After 150 days, the specimens are heated in the
furnace to different target temperatures ranging from ambient temperature to 900°C. Rate of
heating was set at 10°C/min and each target temperature was maintained for 3 hrs to achieve a
thermal steady state (Fig. 2). After exposing the specimens (CC3, CC3CY, CC6, and CC9
NA) to target temperatures for the desired time duration, the specimens were allowed in the
furnace for natural cooling till room temperature.

Fig. 2 Heating Regimes

Fig. 1 Reinforcement details and position
of thermocouple
1.3 Observation during heating

Assessment of fire damaged concrete usually starts with visual observation of colour change,
cracking and spalling of concrete surface. The colour of concrete cylinder changed to pink
when the specimens were exposed to 300°C temperature and became light greyish at 600°C.
However, the specimen’s changed to ash white colour when exposed to 900°C.There was no
visible crack on the surface of the specimens heated up to 300°C. However while insignificant
hairline cracks were observed at 600°C. The number of crack became relatively pronounced
at 900°C. No spalling was observed in 300°C and 600°C temperatures. On exposure to
temperature of 900°C no instant spalling was recorded in any of the specimens and spalling
occurs after few days.
1.4 Installation of Strengthening Schemes
The heat damaged cylinders were strengthened with 1) HSFRC, 2) FC and 3) GFRP
jacketing. The columns which were heated to 900°C temperature were repaired before
wrapping. The loose concrete was removed with steel wire brush and the surfaces of
specimens were cleaned thoroughly to remove dust or oil stains and a primer coat of bonding
was applied over the surface to achieve good bonding between the old concrete and new
micro concrete (MC) (BS EN1504, Technical report no. 69). Also, for the specimens exposed
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to 300°C and 600°C, a primer epoxy bonding was applied after the surface was cleaned in
order to provide good bonding between the substrata and the new strengthening material.
Dr.fixit Epoxy bonding agent was applied on the surfaces of cylinder specimens to provide
good bond between the heat damaged specimens and the HSFRC jacket. The specimens were
placed in the mould containing 25 mm thick HSFRC slurry. A gap of 20 mm was left at the
ends of concrete cylinders to prevent HSFRC jacket from direct loading condition while
testing. FC jacketing was similar as in HSFRC jacketing in cleaning, bonding and curing
process. The specimens were wrapped with two layers of welded wire mesh. At several
places, the first and the second layers of the wire mesh were tied together with the same
diameter of steel wire. An overlap of 100 mm was provided in the lateral direction of the wire
mesh. The slurry was forced into the mesh by hand to form 25mm thick FC jacket. Before
GFRP jacketing, the surface of the specimens were scraped lightly to remove surface
contaminants. Firstly the surface of the concrete was coated with a layer of epoxy primer on
the external surfaces of the concrete to fill air voids and provide high bond strength. Secondly,
a thin layer of the two part saturant solution consisting of resin was applied over the
specimens. Later first layer of GFRP sheets were wrapped around the specimens carefully
with a lap of 100 mm in length. A roller was used to remove the entrapped air between the
fiber and excess saturant so as to allow better impregnation of the saturant. After the
application of the first wrap, a second layer of saturant solution was applied on the surface of
the first layer.
1.5 Instrumentation and test setup
Instrumentations were put in place to measure the axial and transverse displacements during
concentric loading. A special kind of steel-frame was used to mount the LVDTs away from
the surface of the specimens at the central zone to monitor the axial contraction and lateral
displacements of the cylindrical specimens. Monotonic concentric compression was applied
at a very slow rate (0.1 mm/min) to capture the complete post peak behavior of the measured
load deformation curves.
2

RESULTS AND DISCUSSION

Heat damaged columns and heat damaged strengthened columns are subjected to axial
compression and the axial load versus displacement behavior has been studied.
2.1 Failure modes of Control Specimens and Heat Damaged specimens
In the unheated control specimens shear failure was observed. Cracks formed near to the top
and bottom ends due to batten effect (Kumutha et al, 2007), and as the displacement
increased, the flexural cracks perpendicular to the cylinder axis widened with a sudden
separation failure. In case of heat damaged cylinders, as reported in previous studies (Yaqub
et al, 2011) the failure was gradual and exhibited ductility with increase in load and the lateral
ties opened because of the spalling produced due to high temperature. The vertical cracks
formed at the top and bottom ends of the cylinders, which eventually propagated and lead to
crushing.
2.2 Failure modes of Heat damaged Strengthened specimens
Failure of the HSFRC specimens was mainly due to the vertical and diagonal cracks in the
jacket. The vertical cracks got widened with increase in load as shown in (Fig. 3). Further
increase in load created noise due to breaking of steel fibers, thereby indicating the stress
transfer from the dilated concrete to the jacket. In FC Strengthened cylinders the initial cracks
formed at the ends, while the number of cracks increased with loading. Beyond peak loading
the mesh wires started bulging out with breaking noise in all the specimens. The failure mode
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of repaired FC jacketed specimens is shown in (Fig. 3). The steel wires of the welded mesh in
the vertical direction bulged, while wires in horizontal direction got broken in entire length of
the specimen. The failure of specimens occurred due to the cracks in the core concrete and the
yielding of transverse wires. The failure mode clearly indicates that the transverse wires were
subjected to hoop tension and thereby produced passive confinement pressure. In the
specimens repaired with GFRP, the column failure was due to rupture. Clicking sounds were
heard during the loading stage, and failure occurs at top and bottom of the specimens as
shown in (Fig. 3). In this region, the stress attentiveness is attributed to high energy release, in
the form of sudden failure of GFRP sheets. The damaged specimens exhibited good contact
between the jackets and the concrete indicating no de-bonding.

Fig. 3 Failure pattern of heat damaged cylinder and strengthened specimens
2.3 Strength of Heat damaged Strengthened Specimens
In this study heat damaged cylinders are repaired using number of methods comprising of
HSFRC, FC and GFRP. Specimens were tested under axial compression & strength &
deformability of repaired specimens were evaluated. Fig. 4 shows the effect of these methods
on axial compressive strength. It shows that the post heating effect causes drastic reduction in
strength of cylinders (Fig. 4) .The strength was restored considerably by the various
strengthening techniques (Fig. 5, 6, 7).
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HSFRC jackets provide confinement effect to heat damaged specimens. Such confining effect
is produced due to the fact that the heat damaged concrete dilates more under axial
compression due to micro crack and porosity. HSFRC jackets restrain the heat damaged
concrete, from radial bulging. When the heat damaged concrete reaches its ultimate
unconfined compressive strength, the activation of jackets confines the columns in a three –
dimensional state of stress, and consequently, increase the load carrying capacity of cylinder
till the failure at its confined compressive strength. It can be seen that the strength of the heat
damaged and HSFRC jacketed specimens are higher than the unstrengthen heat damaged
specimens, but still remains less than the control specimen.
FC jacketing introduced hoop tension in the heat damaged cylinders, which eventually caused
passive confinement. The effects of FC jacketing in strength enhancement is almost similar
with HSFRC jacketing method, but the volume of variation is more prevalent in FC jacketing
(Fig. 5-7). In GFRP Strength specimens the core concrete failed due to the compressive forces
on the concrete. GFRP wrapping became active after this point. Expansion of the concrete
core in the lateral direction made the GFRP more and more active in resisting the axial
compressive force. Considerable strengthening was introduced due to double layer GFRP
wrapping. The strength of the jacketed cylinder was greater than the control specimen.
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2.4 Ductility of heat damaged & strengthened Specimens
HSFRC and FC jacket repairing exhibits less amount of deformation ability in comparison to
heat damaged columns. Above effect is due to the increase in cross section area in these
methods. Increase in load carrying capacity and deformation by GFRP wrapping improves
ductility of the specimen. Relative column load versus displacement is shown in Fig. 5-7. It
can be seen that the enhancement of ductility of heat damaged columns wrapped with GFRP
jacket was more noticeable than other jacketing methods. The Ultimate axial and lateral
strains increased manifold, representing the ductility enhancement. This enhancement in the
ductility is due to significant confinement to micro cracked heat damaged columns.
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3

CONCLUSIONS

Following conclusions can be made based on the study. HSFRC, FC and GFRP composites
can be utilized as strengthening technique for increasing the axial load carrying capacity of
heat damaged reinforced concrete columns. The axial compressive strength of heat damaged
cylinders increased significantly with GFRP when compared to other two strengthening
techniques. Specimens repaired with HSFRC and FC jacketing exhibit less amount of
deformation ability than the heat damaged specimens. Ductility of heat damaged specimens
wrapped with GFRP jacket was more noticeable than other jacketing methods. Increase in
ductility and strength of GFRP jacketed specimens is higher than the HSFRC and FC
strengthened specimens
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Abstract
Reinforced concrete (RC) columns made of high strength concrete (HSC) experience faster
degradation of capacity and spalling when exposed to fire. To mitigate such fire induced
spalling and enhance fire resistance, fibers are often added to HSC mix. This paper presents
results from fire resistance tests to illustrate the comparative fire performance of HSC
columns with different fiber combinations. Four reinforced concrete (RC) columns made of
HSC with plain, polypropylene, steel, and hybrid fibers were tested under design fire
conditions and data from tests is utilized to evaluate the comparative fire behaviour of these
columns. Results from these fire resistance experiments show that hybrid fiber reinforced
HSC columns exhibit improved performance as compared to plain, polypropylene, and steel
fiber reinforced columns.
Keywords: fire response, high strength concrete columns, polypropylene fibers, steel fibers,
hybrid fibers, spalling
INTRODUCTION
Fire represents one of the most severe environmental conditions to which structures may be
subjected, and hence, provision of appropriate fire safety measures is an important aspect in
high rise buildings. In recent years there is an increased use of high strength concrete (HSC)
for structural members in buildings. However, various studies show that HSC columns exhibit
lower fire resistance than that of normal strength concrete (NSC) columns (Ali, Nadjaiet al.,
2004, Kodur, Chenget al., 2003, Kodur and McGrath, 2003). The lower fire resistance of HSC
columns is attributed to faster degradation of strength of HSC with temperature and
occurrence of fire induced spalling(Diederichs and Schneider, 1995, Kodur, Chenget al.,
2003, Hertz, 2003).
Fire induced spalling is attributed to dense microstructure and lower permeability of HSC that
prevents dissipation of pore pressure generated from water vapor in HSC members when
exposed to high temperatures(Kodur and Dwaikat, 2008). When this pore pressure build-up
exceeds the tensile strength of concrete, pieces of concrete break-off from the surface of
concrete structural member(Kodur and Dwaikat, 2008). With increasing temperature, tensile
strength of concrete also decreases and thus the risk of spalling increases. The faster
degradation of compressive strength with temperature, combined with occurrence of spalling,
leads to lower fire resistance in HSC members.
To mitigate fire induced spalling in HSC members, researchers have recommended the
addition of polypropylene fibers to concrete (Ali, Nadjaiet al., 2004, Kodur, 2000, Kodur and
Phan, 2007). These polypropylene fibers melt at relatively low temperatures (about 167170°C) and create randomly oriented micro and macro channels inside concrete. These
channels facilitate dissipation of high vapor pressure generated in concrete members. Another
approach to overcome spalling is through enhancing tensile strength of concrete which is
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facilitated through adding steel fibers(Kodur, 1999). Alternatively, hybrid fibers comprising
of both polypropylene and steel fibers can be added to HSC to mitigate fire induced spalling
in HSC members (Ali and Nadjai, 2008).There have been numerous studies on fire
performance of HSC columns with polypropylene fibers, but there are only limited studies on
fire performance of HSC columns with steel and hybrid fiber reinforcement. Further there is
lack of information on comparative fire performance of HSC columns made with different
fibers.
To illustrate comparative fire performance of HSC columns with different fiber combinations,
fire resistance tests were carried out on HSC columns with different fiber reinforced concrete
mixes. Data generated in fire resistance tests is utilized to discuss the effect of different fiber
combinations on fire performance of HSC columns.
2

EXPERIMENTAL PROGRAM

To generate data on HSC columns with different fiber combinations, fire resistance
experiments were carried out on four HSC columns fabricated with plain, polypropylene
fiber, steel fiber and hybrid fiber reinforced high strength concrete.
2.1 Mix Proportions and Column Characteristics
The experimental program consisted of conducting fire resistance tests on four reinforced
concrete columns designated as HSC (plain – without fibers), HSC-P (with polypropylene
fibers), HSC-S (with steel fibers) and HSC-H (with hybrid fibers). All four columns were
3300 mm long and were of square cross section of 203×203 mm. The columns had four 19
mm dia bars as longitudinal reinforcement and 10 mm ties, at 200 mm spacing, as transverse
reinforcement. The steel of main reinforcing bars and stirrups had specified yield strength of
420 MPa. Steel plates of size 406×406×25 mm were attached to the top and the bottom of the
column in order to fix the column in position and for facilitating load transfer from the
actuator. The actual support conditions of columns were close to partially fixed, however pinpin end condition were assumed for conservative load calculations.
The size of the test columns was dictated by dimensions of furnace and loading equipment
and thus the columns had to be designed as slender (with slenderness ratio 61) as per ACI 318
specifications(2011). As per ACI 216.1 (2007) specifications, these columns were designed
for two hour fire resistance rating. A summary of column characteristics, test parameters and
results from fire resistance tests on these columns is tabulated in Tab. 1.
Tab. 1 Summary of column characterises, test parameters and results
Column
designation
HSC
HSC-P
HSC-S
HSC-H

Concrete strength
Fire exposure Total test
(MPa)
(ASTM E119 duration
28 Day Test day
(minutes)
– decay)
SF- decay
@8°C/min
LF- decay
@11°C/min
LF- decay
@11°C/min
LF- decay
@11°C/min

Column
capacity
(kN)

Load
ratio
(%)

Applied
load (kN)

Relative
humidity
(%)

Extent of
Failure time
Spalling
(minutes) (% exposed
volume)

180

91

107

1260

60

760

86.6

75

Severe (40)

270

85

93

1260

60

760

92.5

221

Minor (10)

270

72

77

1060

60

640

91.25

No Failure

Nil (0)

270

75

80

1100

60

660

89.65

No Failure

Nil (0)

The columns were fabricated from four batches of HSC mix, one with no fibers and the other
three columns with different fiber types. For fiber reinforced HSC mixes, commercially
available fibers, NOVOCON XR type steel fibers and MONOFILAMENT (multi-plus)
polypropylene fibers were added. Steel fibers were 38 mm in length and 1.14 mm equivalent
diameter and had a specified tensile strength of 966 MPa. Polypropylene fibers in HSC-P and
HSC-H batch mix were of nonabsorbent type with 20 mm length, 0.91 specific gravity and
162°C melting point. Steel fibers in HSC-Sand HSC-H mix comprised of 42 kg/m3 of
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concrete representing 0.54% by volume. In HSC-P and HSC-H mix, polypropylene fibers
weighing 1 kg/m3of concrete representing 0.11% by volume were added.
The columns were cast horizontally and were moist cured in the forms for 7 days. Then the
specimens were lifted from the forms and stored at ambient conditions, maintained at about
25°C and 40% relative humidity. Three cylinders from each concrete batch mix were tested to
evaluate compressive strength at 7, 28 and 90 days respectively. The average compressive
strength of concrete measured on 100×200 mm cylinders at 28 days ranged from 72-91 MPa
and is given in Table 1. Just prior to undertaking fire tests, the room temperature moisture
conditions (relative humidity) and compressive strength of concrete were also measured and
this is also given in Tab. 1.
2.2 Instrumentation
The instrumentation in the test columns included thermocouples (TC), strain gauges (SG), and
linear position transducers (LPT). Thirteen type-K (Chromel-alumel) thermocouples of 0.91
mm thickness were installed in columns for measuring concrete and rebar temperatures. Also
strain gaugeswere mounted on three main longitudinalrebars. The location and numbering of
thermocouples and strain gauges in the cross-section are shown in Fig. 1. The lateral
deformations were also measured by placing two LPTs outside of furnace attached to columns
with chromelwires.
Plate 406×406×25 mm
TC 1

B

A

A
D

D

Plate 406×406×25 mm

3300 mm

B

TC 4
TC 6
TC 3

C

Angle 100×100×12 mm

10 mm Stirrups (135°) @ 200 mm c/c

C

SG 2

TC 2
TC 5

203 mm
Section AA

DF1

TC 10
TC 11

TC 8
TC 12

TC 9

50 mm

4-19 mm bars

Section CC

TC 13

ASTM E119

1000

Section BB

Temperature (°C)

SG 3

TC 7

203 mm

SG 1

800

DF2

600
400
200
0
0

Section DD

Fig. 1 Column dimensions and location of
thermocouples (TC) and strain gauges (SG)
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Fig. 2 Fire scenarios and furnace

2.3 Test Conditions and Procedure
The fire resistance tests were carried in the structural fire test furnace at Michigan State
University (MSU). The test furnace has been specially designed to produce conditions, such
as temperature, loads and heat transfer, to which a structural member might be exposed during
a fire. The furnacehas the capacity to supply both heat and applied loads that are present in a
typical structural member exposed to fire.The furnace accommodates two columns at a time
and different load level can be applied on each column. Full details onthe furnace are given by
Kodur and Fike (2009).
The fire resistance tests were carried out by exposing middle 1.68 m of the 3.3 m high
columns from all four sides. HSC column without fibers was exposed to ASTM E119 (2008)
standard fire exposure (DF1) for 90 minutes followed by a decay phase (8°C/min) as shown
in Fig. 2. HSC-P, HSC-S, and HSC-H columns were tested under a parametric (design) fire
exposure, comprised of a growth phase as per ASTM E119 (2008) standard fire exposure
(DF2) for 3 hours, followed by a decay phase (11°C/min) as shown in Fig. 2. The well495

defined decay (cooling) phase was obtained by controlling temperatures to decay at a
predetermined cooling rate (DF1 or DF2), to represent typical fire in a building.
All four columns were tested under a concentric axial load equivalent to 60% (load ratio)of
the capacity of the column. The load ratio is the ratio of the applied (test) load to the column
capacity at ambient conditions, computed according to ACI 318 (2011). The load was applied
approximately 30 minutes before the start of the fire resistance test and was maintained until
the column failed under fire exposure. During the test, the columns were exposed to heat
controlled in such a way that the average temperature in the furnace followed, as closely as
possible, the parametric fire curve. The load was maintained constant throughout the fire test
duration. The columns were considered to have failed when the actuator could no longer
maintain the load.
3

RESULTS AND DISCUSSION

A summary of results of fire resistance tests onfour columns (HSC, HSC-P, HSC-S, and
HSC-H) is tabulated in Table 1. The fire performance of these columns is evaluated in the
form of thermal response, structural response, spalling progression and failure times.
3.1 Thermal Response
The thermal response of all four columns is shown in Fig. 3 by plotting comparative
temperatures profiles in rebar, and concrete (at mid depth) as a function of fire exposure time.
In all columns, an initial plateau can be seen in rebar and concrete temperatures around 100°C
and this can be attributed to heat from fire being utilized for evaporation of free water in
concrete. After this initial plateau, the temperatures in concrete and rebars increase with fire
exposure time. It can be noted that, in all four columns, the progression of temperatures in
concrete (at mid-depth) is lower than that in rebars. This can be attributed to lower thermal
conductivity and higher specific heat of concrete which delays temperature rise to inner layers
of concrete.
Furnace - DF1
Furnace - DF2
Rebar - HSC
Mid section - HSC
Rebar - HSC-P
Mid section - HSC-P
Rebar - HSC-S
Mid section - HSC-S
Rebar - HSC-H
Mid section - HSC-H

1200

Temperature (°C)

1000
800
600
400
200
0
0

100
Time (minutes)

200

300

Fig. 3 Comparative temperature progression in HSC columns
with different fibers
In HSC column without any fibers, severe spalling occurred which led to loss of concrete
cross-section. This loss of concrete resulted in rapid rise of temperatures in rebars as shown in
Fig 3. The spalling and loss of concrete cross-section in HSC column can be attributed to pore
pressure build-up resulting from lower porosity in HSC.
HSC column with polypropylene fibers experienced some level of surface scaling and
resulted in minor loss of concrete cross-section that led to slightly faster rise in temperatures
in HSC-P column as seen in Fig. 3. The temperature progression in both HSC-S and HSC-H
columns follow similar trends to that of HSC-P column, however HSC-P column experienced
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lower temperature rise both in rebars and concrete at mid-section. The higher temperature in
HSC-P can be attributed to slightly higher thermal conductivity and specific heat of HSC with
polypropylene fibers (Kodur and Khaliq, 2011).
3.2 Structural Response
Structural response of concrete column scan be assessed by monitoring axial and lateral
deformations in columns. Only axial deformations were measured in the first two tests on
HSC and HSC-P columns due to lack of expertise initially for measuring lateral deformations.
However, both axial and lateral deformations were recorded in the case of HSC-Sand HSC-H
columns. The structural response of four columns is evaluated by comparing measured axial
deformations as a function of fire exposure time, which is shown in Fig. 4.
HSC
HSC-P
HSC-S
HSC-H

Axial deformation (mm)

2
0
-2
-4
-6
-8
-10

60
Lateral deformation (mm)

6
4

HSC-S
50

HSC-H

40
30
20
10

-12
0

-14
0

60

120
180
Time (minutes)

240

300

(a) axial deformations

0

60

120
180
Time (minutes)

240

300

(b) lateral deformations

Fig. 4 Comparative structural response in HSC columns with different fiber combinations
A reinforced concrete column, when exposed to fire, expands initially due to thermal
expansion occurring both in steel rebars and in concrete. With increasing fire exposure time,
strength loss occurs in both steel and concrete (Kodur and McGrath, 2003). With further
increase in temperature, the loss of strength and stiffness properties in concrete lead to
increased load induced mechanical strains which in turn results in significant contraction of
the columns.
The axial deformation of the columns plotted in Fig 4(a) illustrates that all four columns
exhibit initial expansion phase followed by contraction with increasing fire exposure time. It
can be noted that HSC column without fibers had earliest onset of axial deformation and
failed through excessive contraction in about 75 minutes. This can be attributed to capacity
degradation that resulted from loss of concrete cross-section due to severe spalling (Raut and
Kodur 2010). HSC column with polypropylene fibers also endured axial deformation sand
failed in about 221 minutes. The axial deformations in HSC-P column was not abrupt as in
the case of HSC column without fibers. This can be attributed to spalling mitigation
facilitated by melting of polypropylene fibers present in concrete. The overall progression of
axial deformation in both HSC-S and HSC-H columns was similar to that in HSC-P column.
The onset of both expansion and contraction in these columns was slower which can be
attributed to slow degradation of compressive and tensile strength in HSC-S and HSC-H
columns facilitated by presence of steel fibers(Khaliq and Kodur, 2011, Lie and Kodur 1996).
Also, no fire induced spalling was observed in HSC-S and HSC-H columns, and this in turn
led to better fire performance in these columns as compared to that in HSC and HSC-P
columns.
Fig. 4(b) illustrates the progression of lateral deformation in HSC-S and HSC-H columns as a
function of fire exposure time. The lateral deformation in these columns increased gradually
and reached to a maximum of 35 to 40 mm in about 150-180 minutes of fire exposure time.
The lateral deformations then remained almost constant till the end of the test. This constant
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lateral deformation in HSC-S and HSC-H columns can be attributed to slower degradation of
strength and no loss of concrete cross-section due to absence of fire induced spalling.
3.3 Fire Induced Spalling
The progression and extent of spalling in tested columns was recorded qualitatively through
visual observations during fire tests and was also evaluated by measuring the volumetric loss
of concrete in fire exposed columns after fire tests and this is tabulated in Tab. 1. Fig. 5 shows
pictures of all four columns after fire resistance test.

Fig. 5 State of high strength concrete columns after the fire
resistance tests
Significant spalling occurred in HSC column without fiber sand this can be attributed to
higher compactness and lower permeability of high strength concrete which results in the pore
pressure build-up within the cross section. When this pore pressure exceeds the tensile
strength of concrete, chunks of concrete break-off from the surface(Bilodeau, Koduret al.,
2004, Dwaikat and Kodur, 2010). Reduced spalling in HSC-P column can be attributed to
presence of polypropylene fibers. These polypropylene fibers melt at about 160°C and create
micro channels in concrete that help to diffuse pore pressure build-up and thus reduce spalling
(Kodur, 2000).No fire induced spalling was observed in HSC-S and HSC-H columns. This
can be attributed to increased tensile strength facilitated by the presence of steel fibers in
HSC-S and HSC-Hand also increased permeability achieved through melting of
polypropylene fibers in the case of HSC-H column (Khaliq and Kodur, 2011).
4

FIRE RESISTANCE

A comparison of fire resistance of four columns is given in Table 1.The time to reach failure
is defined as the fire resistance and failure is said to occur when the strength of the column
decreases to a level at which the column cannot sustain the applied load. HSC column without
fibers failed only 75 minutes while HSC-P column failed in 221 minutes. This shows that
significant increase in fire resistance of HSC columns can be achieved through adding
polypropylene fibers to concrete mix.
In the case of HSC-S and HSC-H columns, fire induced spalling was not encountered and
consequently these columns did not fail and survived burnout conditions. The steel fibers in
HSC-S, and HSC-H columns helped to slowdown degradation of compressive and tensile
strength of concrete and polypropylene fibers in HSC-P column mitigated spalling. The
higher fire resistance in HSC-S and HSC-H columns can therefore be attributed to presence of
steel and hybrid fibers respectively.
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5

SUMMARY

Results from fire resistance tests clearly show that fiber reinforced HSC columns exhibit
improved fire resistance as compared to HSC column without fibers. The fire resistance of
plain HSC column was significantly lower due to the occurrence of fire induced spalling.
Presence of polypropylene fibers in HSC-P column, help mitigate fire induced spalling by
relieving the pore pressure and enhance its fire resistance. Presence of steel fibers in both
HSC-S column help enhance tensile strength of HSC at elevated temperatures and thus
minimize spalling and enhance fire performance. Presence of hybrid fibers in HSC-S column
not only benefits from improved tensile strength (through steel fibers), but also through higher
permeability in concrete (through polypropylene fibers) and this leads to significant increase
in fire performance. Thus HSC columns with hybrid fibers exhibit superior performance
under fire conditions.
REFERENCES
Ali, F., Nadjai, A., Silcock, G., Abu-Tair, A. Outcomes of a major research on fire resistance
of concrete columns. Fire Safety Journal, Vol 39, pp 433-45, 2004.
Kodur, V. R., Cheng, F. P., Wang, T. C., Sultan, M. A. Effect of strength and fiber
reinforcement on the fire resistance of high strength concrete columns. Journal of
Structural Engineering, ASCE, Vol 129, pp 253-9, 2003.
Kodur, V. R., McGrath, R. Fire endurance of high strength concrete columns. NRCC-45141,
: National Research Council Canada, Ottawa, Canada, p. 1-13, 2003.
Diederichs, U. M., Schneider, U. High temperature properties and spalling behaviour of high
strength concrete. 4th Weimar workshop on high performance concrete, HABp. 219-35,
1995.
Hertz, K. D. Limits of spalling of fire-exposed concrete. Fire Safety Journal, Vol 38, pp 10316, 2003.
Kodur, V. K. R., Dwaikat, M. B. Effect of fire induced spalling on the response of reinforced
concrete beams. International Journal of Concrete Structures and Materials, Vol 2, pp 7181, 2008.
Kodur, V. R. Spalling in high strength concrete exposed to fire - concerns, causes, critical
parameters, and cures. Proceedings of the ASCE Structures Congress. Philadelphia, PAp.
1-9, 2000.
Kodur, V. K. R., Phan, L. Critical factors governing the fire performance of high strength
concrete systems. Fire Safety Journal, Vol 42, pp 482-8, 2007.
Kodur, V. R. Fiber reinforced concrete for enhancing structural fire resistance of columns.
American Concrete Institute, Vol SP 182-12, pp 215-34, 1999.
Ali, F., Nadjai, A. Fire resistance of concrete columns containing polypropylene & steel
fibers. Special Publication, SP-255-9, American Concrete Institute, Farmington Hills, MI,
Vol 255, pp 199-216, 2008.
ACI 318-11. Building Code Requirements for Reinforced Concrete and Commentary.
Farmington Hills, MI: American Concrete Institute, 2011.
ACI 216.1. Code requirements for determining fire resistance of concrete &and masonry
construction assemblies. ACI 216.1-07. American Concrete Institute, Farmington Hills,
MI:p. 1-32, 2007.
Kodur, V. K. R., Fike, R. Guidelines for improving the standard fire resistance test
specifications. Journal of ASTM International (JAI), Vol 6, pp 16, 2009.

499

ASTM E119-08b. Standard test methods for fire tests of building construction and materials.
West Conshohocken, PA: ASTM International, 2008.
Kodur, V., Khaliq, W. Effect of temperature on thermal properties of different types of high
strength concrete. Journal of Materials in Civil Engineering, ASCE, Vol 23, pp 793-801,
2011.
Khaliq, W., Kodur, V. K. R. Effect of high temperature on tensile strength of different types
of high-strength concrete. ACI Materials Journal, Vol 108, pp 394-402, 2011.
Bilodeau, A., Kodur, V. R., Hoff, G. C. Optimization of the type and amount of
polypropylene fibers for preventing the spalling of lightweight concrete subjected to
hydrocarbon fire. Cement and Concrete Composites, Vol 26, pp 163-74, 2004.
Dwaikat, M. B., Kodur, V. K. R. Fire induced spalling in high strength concrete beams. Fire
Technology, Vol 46, pp 251-74, 2010.
Lie, T.T., Kodur V.K.R., Thermal and mechanical properties of steel-fibre-reinforced
concrete at elevated temperatures, Canadian Journal of Civil Engineering 23 (2), 511517, 1996.
Raut, N. Kodur V.K.R., Response of high-strength concrete columns under design fire
exposure, Journal of Structural Engineering 137 (1), 69-79, 2011.

500





          ! 

ON THE THERMO-MECHANICAL CHARACTERIZATION OF
CEMENT MORTARS EXPOSED TO HIGH TEMPERATURE
Patrick Bamonte a, Pietro G. Gambarova a
a

Department of Civil and Environmental Engineering, Politecnico di Milano, Milano, Italy

Abstract
Some recent technical documents on fire-resistant walls made of either cementitious blocks or
clay bricks are bringing onto the stage the thermo-mechanical behavior of the mortars.
Information on mortars decay at high temperature, however, is either contradictory or can
hardly be found in the technical-scientific literature. This study aims to provide information
on the thermo-mechanical behaviour of mortars in residual conditions. Three mortars are
investigated (a reference mortar, cube strength fcc ≈ 5 MPa, and two higher-grade mortars, fcc
≈ 10 MPa and fcc ≈ 15 MPa, respectively). All mortars are tested past a high-temperature
cycle at 200, 400 and 600°C. On the whole, the mechanical decay turns out to be very close to
that of typical ordinary concretes, while the thermal diffusivity is markedly lower. A worked
example about a concrete-block fire-resistant wall ends the paper.
Keywords: mortars, residual tests, mechanical properties, thermal diffusivity.
INTRODUCTION
Increasing attention has been devoted in the last years by the scientific and professional
communities, and by code makers, to the risk of fire and high temperature in constructions,
and to the ensuing detrimental effects on structural safety. In most cases, however, the
structural damage due to a fire is more or less limited, especially in concrete and masonry
structures, and people are more endangered by the smoke (in the early phases of a fire, when
temperatures are still rather low) than by the weakening of the bearing structure.
Focusing on human safety, and leaving aside the structural behaviour as such,
compartmentation is a major issue (= subdivision of the space inside a building into a number
of sub-spaces, so that the fire and its effects remain confined to a single compartment).
Compartmentation is generally achieved by means of 2-D load-bearing or non-load bearing
members (slabs, floors, partitions and walls, or windows and doors), whose compartmentation
capacity requires two fundamental criteria to be met for any fire duration (Buchanan, 2002):
•

Criterion E = Integrity: the given member should exhibit no cracks, no spalling, no excessive
out-of-plane displacements, no disconnections along the boundaries, to avoid flame, gas and
smoke transmission to nearby compartments.

•

Criterion I = Insulation: the given member should limit heat transmission, from the internal hot
surfaces (exposed to the fire) to the external cold surfaces, in order to avoid any spread of the
combustion.

To meet Criterion E laboratory tests are required, as there are no other means to ascertain
whether smoke and flames pass through walls or floors (due to cracking, open joints, ….).
Meeting Criterion I implies that any given member used in compartmentation should keep the
average differential temperature between the hot surface and the cold surface, and the
maximum differential temperature below certain limits, for any given fire duration (ǻTav 
140°C and ǻTmax  180°C, according to Eurocode 2 – EN 1992-1-2).
As for stability or resistance (Criterion R), meeting this criterion requires the preliminary
determination of the thermal field inside the structural member, under one of the more or less
realistic fire curves specified by the codes. Knowing the thermal field allows evaluating the
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mechanical decay of the material in each point, provided that materials mechanical properties
at high temperature – and past cooling – are known. Then structural analysis makes it possible
to assess the loss in terms of bearing capacity and to check whether the actual reduced bearing
capacity guarantees an adequate safety level face to the loads applied in fire conditions
(Bamonte et al., 2008).
Among the most common structures used in compartmentation, fire-resistant walls take the
lion’s share, especially in industrial buildings (Dal Lago, 2002). Firewalls generally consist of
hollow bricks made of concrete (vibrated under pressure) or clay, with mortar layers
interposed along the vertical and horizontal joints. The compartmentation capacity is partly
due to the good insulating properties of the materials (concrete, clay and mortar) and partly to
the voids of the blocks or bricks.
Within this context, the thermo-mechanical characterization of three commercial cementitious
mortars is performed in this paper, in order to assess their compatibility with the properties of
ordinary concrete, often used in the manufacture of hollow blocks. The three mortars, called
“M5”, “M10” and “M15” throughout the paper, belong to the classes M5, M10 and M15 of
the Italian standard, with fcc ≈ 5, 10 or 15 MPa, respectively. Furthermore, M5 can be
considered as a reference mortar, in spite of its fibre content (polypropylene fibres, vf = 0.1%
by volume), while M15 is a high-strength mortar.
1

EXPERIMENTAL PROGRAM

The thermo-mechanical characterization of any cementitious material generally requires the
evaluation of such parameters as compressive strength, tensile strength, elastic modulus, mass
per unit volume and thermal diffusivity as a function of the temperature (Felicetti and
Gambarova, 1998; Bamonte and Gambarova, 2010).
In this project, twenty-four cylindrical specimens were required by the tests in compression
and for the evaluation of the elastic modulus (∅ × h = 80 × 160 mm). Three further cylinders
(∅ × h = 100 × 300 mm) were instrumented with two thermocouples each, to evaluate the
thermal diffusivity.
All cylinders were stored for 28 days in quasi-sealed conditions at 20-25°C and 60-70 R.H.
(The cylinders were left inside plastic pipes, without plugs at the extremities). Later, the
specimens were sawn at the desired length and the end sections were ground and polished.
The same curing process was adopted for the prisms to be tested in bending
(40 × 40 × 160 mm). The two stumps resulting from the fracture of each prism were tested in
compression, to evaluate the cube compressive strength.
In Fig. 1a) one of the three specimens instrumented for the evaluation of the thermal
diffusivity is placed inside the electric furnace, whose heating rate is controlled via a
proportional integro-differential procedure. The uniformity of the thermal field is guaranteed
by a steel pipe, whose temperature is the control parameter of the furnace.
Tab. 1 Main properties of the mortars
Lime, cement and siliceous aggregate (0-4 mm)

see EN 13139 (2006)

Soluble chloride

≈ 0.05%

Mass per unit volume (fresh/hardened state)

≈ 2000/1850 kg/m3
0.80-0.90 W/m°C

Thermal conductivity (hardened state)

2

THERMAL CHARACTERIZATION

The thermal diffusivity is defined as: D = ρ/(c λ), where λ is the thermal conductivity, c is the
specific heat and ρ is the mass per unit volume. In a long cylinder (h  2∅) subjected to a
constant heating rate (vh = mean heating rate inside the specimen), the thermal diffusivity can
be evaluated by means of the following equation:
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D = vh R2/(4 ǻT)

(1)

where ǻT = T2 – T1 is the difference between the temperatures measured close to the heated
surface and along the axis in the mid-height section, and R is the distance between the two
measurement points (Fig. 1a).
Each of the three cylinders instrumented with 2 thermocouples was slowly heated from 20 to
900°C, and T1 and T2 were measured at regulars intervals. As shown in Fig. 1b, between 200
and 550°C the thermal diffusivity of the three mortars is roughly constant (= 0.25-0.35 mm2/s)
and by 30-35% lower than that of ordinary concrete, represented in Fig. 1b by the grey
envelope. Hence, ordinary and high-strength mortars never act as thermal bridges in a
firewall, thanks to their good insulation properties.
Water vaporization in the pores and crystalline changes in the quartz contained in the
aggregate are responsible for the downward spikes at 150-200°C and 550-600°C,
respectively. Below 100-150°C and above 700°C the values are dubious because of the
thermal transients and of calcination (= dissociation of calcium carbonate), respectively.

diffusivity [mm2/s]

1.0

EN 1992-1-2
NSC (ρ = 2350 kg/m3)

0.8

M10
0.6

FE model

M15 M5

0.4
0.2
0.0
0

100 200 300 400 500 600 700 800 900

temperature [°C]

(a)

(b)

Fig. 1 (a) Cylinders inside the electric furnace instrumented with 2 thermocouples
(TC1 and TC2); and (b) thermal diffusivity versus temperature
3

RESIDUAL COMPRESSIVE STRENGTH

Twenty-four cylinders (diameter × height = 80 × 160 mm) were tested in compression in
displacement-controlled conditions, with the mortars either undamaged (T = 20°C) or past a
thermal cycle (T = 200, 400 and 600°C). For each mortar and temperature, two tests were
carried out, all characterized by an outstanding repeatability.
The thermal cycles were performed in quasi-steady conditions to guarantee the uniformity of
the thermal field, and to avoid any self-stress. The heating/cooling rate and the rest at the
reference temperature were 1.0/-0.25°C/minute and 120 minutes.
The displacement rate adopted in the tests was 2.5 μm/s (up to the peak load), 5.0 μm/s in the
softening branch down to 50% of the peak load and 10.0 μm/s down to the crushing of the
specimen. All specimens were instrumented with 3 LVDTs placed at 120° astride the midheight section (L = 50 mm), to measure the shortening of the specimen and to make the
drawing of the stress-strain diagrams feasible (Fig. 2a). Though rather low, the values of the
cylindrical strength at 20°C (fc = 5.1, 8.4 and 12.1 MPa) agree with producer’s indications on
small cubes (fcc = 8, 14 and 17 MPa) and with the tests performed by the authors on small
cubes (fcc = 8.5, 16.1 and 18.0 MPa, not shown in the following), provided that the differences
between small cubes (side = 40 mm) and rather large cylinders (h = 2∅ = 160 mm) are taken
care of (in terms of size effect and platen-to-cube friction), and between curing in a controlled
environment and in quasi-sealed plastic pipes, as done in this project.
Mortar M15 appears to have the best performance at any temperature, Fig. 2a. (At 600°C the
residual strength of Mortar M15 is twice as much that of the reference Mortar M5).
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In terms of normalized compressive strength (Fig. 2b), M10 and M15 behave somewhat better
than M5 up to 300°C, while there are no practical differences above 400°C. The most
important indication given by Fig. 2b, however, is that at any temperature mortars decay is
very close to that of ordinary concrete (shaded envelope referring to hot concrete: mortars
curves are lower as it should be, because they are residual curves, always lower by 15-25%
compared to hot curves). As in certain concretes, the strength increase up to 250-300°C is
nothing new, but – as in concretes – it is of no practical relevance.
Summing up, the strength decay similar to that of ordinary concrete is a clear indication that
in any walls made of concrete blocks mortar layers are not the weakest link of the resistant
chain.
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Fig. 2 (a) Stress-strain curves for the high-strength mortar M15; and (b) normalized plots of
the cylinder strength as a function of the temperature; the gray band refers to EC2 provisions
at high temperature, for calcareous (top curve) and siliceous (bottom curve) aggregates
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RESIDUAL ELASTIC MODULUS AND TENSILE STRENGTH IN BENDING

1.2
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The secant modulus was evaluated starting from the stress-strain curves, in the stress range
30-50% with respect to the peak of the stress-strain curves.
The values at 20°C are very low compared to those of ordinary concrete, something well
known for mortars (Neville, 2002; see the values indicated in the insert of Fig. 3a).
The normalized curves (Fig. 3a) show that the decay of the modulus of M15 is the least up to
300°C; beyond this temperature, the values of the three mortars are very close and similar to
those of ordinary concrete (grey envelope). Up to 200°C, however, the mechanical decay of
the mortars is even lower than that of ordinary concrete, as shown by the grey envelope (Phan
and Carino, 1998).
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Fig. 3 (a) Normalized plots of the secant elastic modulus as a function of the temperature; (b)
plots of the normalized strength in tension by bending as a function of the temperature
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The tensile strength was measured by testing in bending a number of prisms
(40 × 40 × 160 mm) loaded at mid-span, in agreement with the Italian standard UNI EN 101511. The normalized curves (Fig. 3b) are very close and exhibit a rather linear decay with the
temperature. As a reference, the normalized decay of the direct tensile strength of ordinary
concrete at high temperature (from EC2) is reported as well in Fig. 3b. On the whole, above
250°C mortars seem to be less affected by high temperature. Such fact, however, may be
more apparent than real, because the specimens loaded in direct tension and those loaded in
indirect tension by bending behave differently at collapse, something that is well known.
5

APPLICATION

A rather simple example is worked out in the following to demonstrate that the three mortars
in question allow Criterion I to be met in a typical fire-resistant wall made of concrete blocks.
Let us consider a block-type firewall, whose lateral view and cross section are indicated in
Figs. 4a,b. The nominal dimensions of the blocks are L × h × b = 500 × 200 × 180 mm; the
thickness of the front and back plates of each block, as well as that of the ribs, is 30 mm; the
thickness of the mortar layers is 20 mm. Because of the symmetries of the problem, only the
shaded portion (Fig. 4a) is considered in the 3D thermal analysis (extended to 150 minutes).
The boundary conditions of the thermal problem are indicated in Fig. 4b.
A preliminary analysis (A0) was performed assuming the walls of the voids to be perfectly
adiabatic, and the mean temperature of the walls was worked out as a function of the fire
duration : TAV = F0(t). Then, in the first analysis (A1) the average temperature in the voids
was introduced through the function F0(t), and the updated time-evolution of the mean
temperature of the walls was worked out: TAV = F1(t). A second analysis was started having
F1(t) as imposed mean temperature in the voids, and again the updated time-evolution of the
mean temperature of the walls was worked out: TAV = F2(t). A third analysis was performed
and so on. After a rather limited number of analyses (n = 3), the perfect coincidence of the
imposed mean temperature in the voids Fn-1(t) with the actual mean temperature Fn(t) allowed
to stop the iterative process, since the solution had been reached.
The thermal analysis was performed by giving the concrete the thermal properties indicated in
EC2 and the mortar those found in this project (mass per unit volume, not plotted in this
paper, and diffusivity, see the dashed curve in Fig. 1b). As for the thermal conductivity of the
mortar, the values indicated by the producer at 20°C were adopted (= 0.80 W/[m×K]), while
its temperature dependence was assumed to be the same as in concrete. In the analysis, 3D
tethraedric finite elements were used within the code ABAQUS.
(a) front view
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Fig. 4 (a) Portion of the fire wall discretized by finite elements; (b) boundary conditions of the
thermal problem; and (c) plots of the temperature in Sections AA and BB along the cold face,
for a fire duration of 150 minutes (the dash-dotted line refers to a 180 mm-thick concrete wall)
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The results of the analysis are summarized in Fig. 4c, where the cold-face temperature is
plotted along AA (thick curve) and BB (dashed curve), see Fig. 4a, 150 minutes after the
beginning of the standard fire. (As the thermal properties and the mass per unit volume are
very close for the three mortars, the analytical values hold for all three mortars).
In both sections AA and BB, assuming 20°C for the initial temperature of the cold face, the
mean temperature at the cold face (Tav = 148 and 154°C) is below 140 + 20 = 160°C, and the
maximum local temperature (Tmax = 154 and 160°C) is below 180 + 20 = 200°C. (Note that
the maximum temperature is reached in correspondence with the brick cavities, and not in
correspondence with the vertical concrete ribs and mortar layers). Hence the system hollow
blocks + mortar layers meets Criterion I, for a fire duration of 150 minutes. For the same fire
duration, should the 180 mm-thick wall be made of solid concrete, the temperature at the cold
face would be close to 140°C (dash-dotted line in Fig. 4c).
6

CONCLUDING REMARKS

The residual tests carried out on three cementitious mortars (M5, M10 and M15) exhibiting a
cube strength in excess of 5, 10 and 15 MPa confirm their good thermo-mechanical properties
at high temperature (T  600°C), in terms of thermal diffusivity, compressive strength on
cubes and cylinders, secant elastic modulus and tensile strength by bending. In detail:
• The three mortars exhibit a thermal diffusivity lower – on the whole – than that of ordinary
concrete (from -25 to -40%), which is an indicator of the high insulation properties of the
mortars.
• The two higher-grade mortars (M10 and M15) have definitely better residual-strength
properties in compression than the reference mortar (M5), at any temperature; the
normalized curves, of the compressive strength, however, are very close and rather similar
to those of ordinary concrete, up to 600°C, while the normalized curves of the secant
elastic modulus are very close, and better than those of ordinary concrete below 200°C; at
higher temperatures, mortars are aligned with ordinary concrete.
• In terms of residual strength in indirect tension by bending, the three mortars behave
similarly to ordinary concrete.
• The thermal analysis of a firewall made of hollow concrete blocks and mortar layers show
that the better insulation properties of the mortar offset the thermal bridge created by the
continuity of the layers across the wall; hence, mortar layers are never the weakest link of
the chain in terms of strength (Criterion R) and insulation (Criterion I).
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EVALUATION OF THE FIRE SEPARATING WALL AFTER THE FIRE
Technical assessment of the loadbearing masonry wall exposed to high temperatures
Paweł A. Król a
a

Warsaw University of Technology, Faculty of Civil Engineering, Warsaw, Poland

Abstract
The paper presents a procedure for an assessment of the technical condition of the loadbearing
fire wall made of hollow silicate blocks after the fire. The wall in addition to its fireseparating function was one of two loadbearing walls in the three-story office building,
carrying the load from the roof and intermediate floors. The wall was designed as structure
satisfying the requirements of REI120 class. During the severe fire the wall fulfilled its task,
and its technical fire parameters in reality turned out to be better than projected ones. As a
result of the fire which, in spring 2011 completely destroyed the adjacent part of the
warehouse building (Fig. 1), and as a result of the two-day intensive fire-fighting, the integrity
of the wall was violated. The wall suffered extensive damage, which decreased the strength
parameters, and its ability to carry loads.
Keywords: technical assessment, firewall, fire, masonry, silicate, carbonation, sample, test
INTRODUCTION
The building described in the paper was built in 2006 as part of the complex consisting
primarily of warehouse and the administrative-office part, which was playing a supporting
role to the warehouse facility. The administrative part of the building was designed in shape
of the elongated rectangle with dimensions of approximately 7.0 x 174.0 m as a building of
three storys above the ground, without a basement, with traditional masonry construction of
walls, and with reinforced concrete floors, made mostly of precast hollow panels, (Fig. 1).

Fig. 1 View of the complex during the firefighting (internet source); in the foreground the
administrative-office part of the building is seen
The main loadbearing system of the building consists of two longitudinal loadbearing walls
made of hollow silicate blocks 6 NFD W+W, grade 15, (Fig. 2) insulated from the outside
with polystyrene plates. One of these walls, located on the side of the warehouse, was
designed as a typical firewall satisfying the requirements of REI120 class, separating two
zones with different purposes.
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Fig. 2 The shape and nominal dimensions of the silicate block, type 6 NFD W+W
The building was divided on its length by four expansion joints, spaced about 30 m. The
aforementioned warehouse burned down in a fire, which broke out in the building on May 10,
2011, (Fig. 1). The rescue action lasted uninterrupted for more than two days. Due to the
presence of fire separation wall located between two parts of the building and smoothly
conducted firefighting, flames did not spread to an office premises, but the construction of the
wall - in a result of the simultaneous action of high temperatures and coolant - suffered quite
extensive damage, which decreased the strength parameters and its ability to carry loads.
1

DESCRIPTON OF THE WALL’S DAMAGES

On a large wall area it has been observed a violation of its structure through the crack
spreading along the designated location of hollow channels in the silicate blocks, (Fig. 3).
Some parts of the wall have suffered mechanical damage, most likely as a result of being hit
by the falling roof structure elements. Relatively large lateral displacements of individual
silicate blocks observed on site reinforced this assessment, (Fig. 3).
Quite similar picture of damage, but occurring in the middle of the floor, could be seen on the
fragments of the wall, located near the middle of the distance between expansion joints. Here,
however, the deformation of the wall was more uniform in nature and tended to indicate wall
buckling out of its plane – rather than other reasons - as a result of inability to compensate for
the thermal elongation strains due to too long distance between the expansion joints.
Deformation of the wall that was measured on the height of a single story reached about 20
mm whilst the standard deviation limits allowed for thick walls (> 24 cm) should not exceed 6
mm. The deformations that occurred as a result of thermal effects were so significant that
existing compensation joints were not able to compensate for them, leading to pressing
interaction between the two wall portions, located on opposite sides of the joint. To be more
strict, with temperature increase of 400°C, the wall 30 m long and made of silicate blocks is
able to increase its length of about 12 cm, which confirms the observations made on site,
during inspection, (Fig. 3).
In addition, as a result of high temperature exposure of the floor ring beams, there was a
concrete spalling observed, not only within the concrete cover, but also in the deeper layers.
Due to the explosive nature of the phenomenon of spalling, on certain passages also some
silicate wall blocks were significantly damaged, especially those ones located in the
immediate vicinity of the ring beam. In many places, the wall material losses reach about 50%
of the wall thickness, (Fig. 3). There could be also found some wall sections in which, for
various reasons, the wall thickness defects reached even 75-80% of its original thickness. Not
only spalling itself but also the concrete color change indicated during the inspection proved
the change of the internal structure and mechanical properties of concrete paste. Some
secondary damage within the wall material was caused by the firefighting itself, causing
dampness of walls, destruction of internal gypsum plasters, lime efflorescence and mold
beginnings.
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Fig. 3 Examples of the structural damage to the wall
2

LABORATORY TESTS ON SAMPLES OF THE WALL MATERIALS

2.1 Tests on silicate wall blocks
During sampling, it was found out that due to the significant degree of cracking only just
below 20-30% of items were suitable to be used as a material for carrying out further
research. Totally five selected silicate blocks were collected. Despite the pre-selection in the
wall on site, only three out of five blocks collected were qualified to the strength tests. The
degree of cracking of two elements prevented unambiguous determination of their mechanical
properties, and there were no further testing done on those components.
The nominal strength of silicate blocks obtained during tests reached, respectively, (PN-EN
771-2:2006 and PN-EN 772-1:2011):
•
•
•
•

for test sample No. 1:
for test sample No. 2:
for test sample No. 3:
average value:

12.33 N/mm2
8.16 N/mm2
13.03 N/mm2
11.18 N/mm2

The compressive strength can be recalculated for the purposes of computing to the normalized
strength, fb. The normalized strength for tested samples, following the available conversion
procedures, has achieved the following values, (PN-EN 772-1:2011):
•
•
•
•

for test sample No. 1:
for test sample No. 2:
for test sample No. 3:
average value:

11.04 N/mm2
7.32 N/mm2
11.68 N/mm2
10.01 N/mm2

The tested blocks were certified for the declared strength of class 15, which meant that the
average normalized compressive strength should not be less than 15.0 N/mm2. This condition
in case of tested samples was not met. Silicate masonry elements examined could be
classified at most to class 10. It should be pointed out, that in case when the manufacturer
declares an average compressive strength or class, the individual values of normalized
compressive strength within the sample should not be less than 80% of the declared value (in
this case 80% x 15.0 N/mm2 = 12.0 N/mm2), which was not met in any case of the samples in
question. It should be also noted, that the results for the sample marked No. 2 stands out quite
significantly from the values obtained for sample No. 1 and No. 3 If the results of these
studies were the nature of the statistical surveys, the results should be formally discarded and
not included when calculating the average value. Due to the small sample size, the result
obtained for the test item No. 2 is a valuable source of information on differentiation of the
strength parameters of the various elements, depending on the individual level of damage of
each of them.
On the basis of the tests results it can be said that the silicate masonry blocks did not meet the
requirements assumed in the design project of class 15. At most, in the present state they can
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be classified as class 10. Such a value of the normalized compressive strength was adopted in
the calculations carried out in the next step to check the capacity of the wall damaged by fire.
2.2 Tests on drilled concrete cores
In addition some test were also carried out on four drilled concrete cores with a nominal
diameter of 95 mm and a depth of about 300 mm each, taken from the ring beam surrounding
the floor above the ground floor, just to verify its strength parameters. Average compressive
strength of the inner layer of the ring beam achieved the level of 36.10 N/mm2, while the
same parameter assessed for the surface layer reached only the value of 21.91 N/mm2, which
is about of 40% lower. Based on the test results and the code procedures the characteristic
value of compressive strength of the concrete built into the structure was specified, which in
the analyzed case was equal, respectively to:
•
•

for inner layer: 29.10 N/mm2
for surface layer: 14.91 N/mm2

According to PN-EN 13791:2008 testing of the drilled concrete cores of length equal to the
nominal diameter yields a value corresponding to the characteristic strength fck,is,cube for the
cubic standardized sample. Based on the results and according to PN-EN 13791:2008 the
concrete samples satisfy the following classes of concrete compressive strength developed
according to PN-EN 206-1:2003:
•
•

for inner layer: C25/30 (fck,is,cube < 31 N/mm2)
for surface layer: C12/15 (fck,is,cube < 17 N/mm2)

Fig. 4 Discoloration depth corresponding to the depth of destruction of the drilled concrete
cores
As can be seen from the above given analyzes the concrete surface layer has been destroyed
in a result of high temperatures exposure and sudden cooling down, and its strength was
significantly reduced by 3 classes.
Sample # 1

Sample # 2

Sample # 3A

Fig. 5 Depth of carbonation in drilled core breakthroughs
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Sample # 4A

Since, during sampling, some clear discolorations of subsurface of cores were observed and in
addition to strength testing also some detailed visual analysis of the four samples were carried
out, (Fig. 4). It was supposed that the visible discoloration was the most likely caused by the
damage of concrete internal structure. To accurately determine the depth of discoloration,
samples were evenly moistened, and then after 3 minutes the destruction range was marked
with the marker. Discoloration depth corresponding to the depth of destruction reached from
1.5 up to 5 cm. After the cores destruction an additional test of concrete carbonation depth of
breakthroughs were done. The depth of carbonation ranged from 1.5 to 2.5 cm. In addition, it
was found that the extent of carbonation range in sample No. 1 has already reached more than
a size of concrete cover of stirrups, which may cause rapid corrosion of reinforcing steel,
deprived of protective covering layer, (Fig. 5).
3

ANALYTICAL EVALUATION OF THE LOADBEARING CAPABILITIES

3.1 Assumptions for the calculations
Wall loadbearing calculation analyzes were carried out for two design situations:
•
•

for the wall in perfect technical condition (as initially designed) and
for the real wall in the weakened condition reflecting the destruction after the fire.

Calculations performed in perfect technical conditions, assumed the initial characteristics
of the wall material and strength parameters of the idealized structure, were carried out totally
consistently with the original design documentation. In the second design situation, the
reduced strength values of the silicate blocks, based on the results obtained from the real
compression tests of the wall elements, were adopted. Additionally, due to the numerous
vertical cracks parallel to the wall surface, for the calculation model it was assumed, that the
wall is made with longitudinal mortal seam, which allows for the inclusion in the procedure of
computing the potential danger of delamination of the wall through its thickness.
Furthermore, for each of the variants, the calculations were performed twice - including the
articulated (simple) model of wall in which the wall is modeled as the separate bar, pivotally
supported by a horizontal slabs or alternatively - a model of a continuous wall.
Having regard to the current state of the building and its exclusion from the use after the fire,
all the calculations (due to legal expectations) were carried out in accordance with the actual
state of standardization, (Eurocode 6, 2010). In addition, after the declaration of conformity it
was adopted that the wall blocks correspond to the parameters established for the Group 1 (for
which the capacity of all openings shall not exceed 25% of the gross volume) and Category I
of masonry elements. Additionally, a category B of the masonry works execution standard
was assumed, which affects the size of the partial safety factors to be adopted in the
calculation of the wall.
Calculations were carried out assuming the vertical wall straightness, without taking into
consideration any deviations or eccentricities measured during an on-site inspection. Their
influence, in fact, increases the level of capacity utilization of the wall in relation to the values
obtained from the calculations, and presented in the further part of this study.
3.2 Results of calculations for the assumption of perfect technical condition
After the calculations, the following results reflecting the capacity utilization level of the fire
separating wall were achieved:
• for a simple model, pivotally supported by slabs; wall considered as the inner structure
(without the wind load): 50.8 %,
• for a simple model, pivotally supported by slabs; wall considered as the external structure
(with the wind load applied): 59 %,
• for the continuous model of the wall, considered as the inner structure (without the wind
load): 118.5%,
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•

for the continuous model of the wall, considered as the external structure (with the wind
load applied): 135.6%.

3.3 Results of calculations reflecting the real weakened condition of the wall, after a fire
After the calculations the following results reflecting the capacity utilization level of the fire
separating wall were achieved:
•
•
4

for a simple model, pivotally supported by slabs; wall considered as the external structure
(with the wind load applied): 98 %,
for a continuous model of the wall, considered as the external structure (with the wind
load applied): 162%.
SUMMARY AND FINAL CONCLUSION

Based on the conducted analyzes the following summarizing conclusions can be formulated:
•

•

•

•

the capacity utilization rate of the wall evaluated taking into account the damage caused
by the fire and the reduced value of a standard compression strength of the wall material
exceeded by 62% the maximum acceptable values in terms of design standards and could
not be considered safe,
through the degradation of the concrete ring beams and the decrease of the mechanical
properties of reinforcing steel bars, some basic principles of legal certainty and
predictability of the behavior of the structure have been violated, in particular:
- the stability of structural elements (walls and floors),
- the expected level of reliability,
- performance and load-carrying mutual cooperation between the structural elements,
there was a concern that the ring beams, whose job was to ensure the overall
compactness of the object, and - if necessary - recreation of the secondary supporting
structure of the building in the event of local damage (e.g. collapse of the wall
underneath the ring beam), may not satisfy its role,
the wall that suffered the poor technical condition after the fire, because of the number of
defects and leaks, no longer could serve as a reliable fire separating partition.

On the way of expert activities a few different variants of the wall and office building
restoration were considered. Due to the nature of the building construction and the
unsatisfactory condition of the wall, the majority of the proposals to extend the life of the
object have been dismissed as technologically difficult or unjustified because of economic
reasons. Finally, the building inspection authorities decided to pull down the entire building.
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