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Introduction

F. M. Mazzolani
Chairman of COST C26 Action

This volume collects the Proceedings of the Work-
shop held on 30-31 March in Prague. It represents
the first deliverable of the COST C26 Action, the
new international project recently sponsored by the
European Commission dealing with “Urban Habitat
Constructions under Catastrophic Events”. This pro-
ject started in June 2006 and will end in 2010.

The main objective of the project is to increase
the knowledge on the behaviour of constructions lo-
cated in urban habitat and subjected to both natural
and/or man-made catastrophic events. They are
earthquakes, fire, wind storms, heavy snow loading,
gas explosions, accidental impact from projectiles or
vehicles out of control and occasionally due to bomb
blasts during terrorist attacks. The main scope is to
characterise the performance of structures under
such loading conditions and therefore to evaluate the
consequences of a catastrophic event occurring in
a given region, with regard to life safety, economic
losses due to direct damage as well as indirect social
costs related to loss of use of a facility or a class of
facilities. In this view, it has been planned to define
suitable tools for predicting the ultimate response of
constructions under extreme conditions, which occur
when both the loading and the structural resistance
are combined in such a way to reduce the safety
level below acceptable values. In addition, the
preparation of ad-hoc guidelines for the damage
prevention as well as for the repairing of construc-
tions hit by the above situations is planned.

Twenty European Countries are until now par-
ticipating to this project (Austria, Belgium, Czech
Republic, Finland, France, Germany, Greece, Italy,
Lithuania, Macedonia, Malta, Netherlands, Poland,

Portugal, Romania, Slovenia, Sweden, Switzerland,
Turkey, United Kingdom), which make optimal use
of their existing and currently developing knowledge
in this field, by also functioning as a source of valu-
able information to National and International Stan-
dards organisations.

The whole activity is developed by four Working
Groups: WG on fire resistance, chairman F. Wald;
WG2 on
D. Dubina; WG3 on impact and explosion resis-

earthquake  resistance,  chairman
tance, chairman M. Byfield; WG4 on resistance to
infrequent actions, chairman M. Faber. They organ-
ized four separate Sessions during the Workshop,
which are characterized by a common format com-
posed by Keynote lectures by invited experts and
papers from the WG membership.

In this context, at the end of the first year of ac-
tivity, the Workshop provides a suitable forum to
share among all the WGs members the acquired
knowledge about every specific catastrophic event
and to inform each other about the state of work re-
garding the in-progress set up of methodologies for
facing and assessing all the concerned issues. The
publication of the proceedings has therefore the aim
to allow the spreading of the ongoing activity, for
making aware the scientific and professional com-
munities on these subjects and stimulating more re-
search on these topics. At the same time this volume
represents a useful milestone to build the future ac-
tivity of the Cost C26 Action.

The final edition and layout of this Proceedings
was completed by J. Chlouba and M. Strejéek at
Czech Technical University in Prague in February-
March 2007.
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State of art of structural fire design

F. Wald

Czech Technical University in Prague, Czech Republic

ABSTRACT: The paper summarizes the knowledge in the field of behaviour of structures under fire action.
The emphasis of this paper is to present the background for studying structural integrity under extreme fire
conditions. Structural integrity is the major goal of designers to ensure sufficient resistance of the structure
under accidental actions and to enhance structural safety under extreme conditions. Structural integrity can
only be achieved by robustness of structural elements and joints, which requires balanced stiffness, strength
and ductility between structural members, connections and supports.

1 INTRODUCTION

Existing recommendations, models and regulations
about structural safety are mostly aimed at ensuring
an adequate level of safety for constructions under
normal loading conditions. The overall structural
safety is dealt by assuming an increase in the multi-
pliers of service loads up to reach the collapse val-
ues. This approach has led to a satisfying degree of
accuracy in the prediction of safety margins under
serviceability load conditions. A greater accuracy in
the evaluation of structural safety is possible when a
probabilistic or semi-probabilistic approach is fol-
lowed in the determination of both actions and struc-
tural resistance. In this way it is possible to achieve a
good response of structures subjected to random ac-
tions. These approaches form the basis of most re-
cent developments in the field of regulations and are
part of almost all relevant structural codes, including
of course the Eurocodes, where specific allowance
for accidental loading conditions is made.

For member states of the European Union, safety
requirements in case of fire are based on the Con-
struction Products Directive, Council Directive
89/106/EEC, from 21.12. 1988. The Directive shall
be applied to construction products as the essential
requirement in respect of construction works. In An-
nex | of the Directive, the essential requirements are
summarised for Mechanical resistance and stability
in the first paragraph and for fire safety in the sec-
ond one. The construction works must be designed
and built in such a way that in the event of an out-
break of fire: the load-bearing capacity of the con-
struction can be assumed for a specific period of
time; the generation and spread of fire and smoke

within the works are limited; the spread of the fire to
neighbouring construction works is limited; occu-
pants can leave the works or be rescued by other
means; the safety of rescue teams is taken into con-
sideration. The load-bearing capacity of the con-
struction may be modelled on the principles summa-
rised in the wvarious fire parts of structural
Eurocodes.

2 FIRE DESIGN

2.1 Fire resistance

Fire resistance is commonly used to characterize the
performance of elements of structure in fire. In this
regard, fire resistance may be defined as the time for
which elements of a structure satisfactorily perform
their required functions under specified fire condi-
tions. These functions may include the ability: not to
collapse, to limit the spread of fire, to support other
elements. All materials progressively lose their abil-
ity to support a load when they are heated. If com-
ponents of a structure are heated sufficiently, they
may collapse. The consequences of such a collapse
may vary, depending on how critical the component
is in controlling the overall behaviour of the struc-
ture. In order to limit the threat that a fire poses to
people in a building and to reduce the amount of
damage that a fire may inflict, large buildings are
divided up into smaller fire compartments using fire
resisting walls and floors. Parts of a fire compart-
ment may be divided up by fire resisting construc-
tion to protect particular hazard within them. The
performance of fire separating elements may rely
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heavily on the ability of the structure that supports
them to continue to provide that support under fire
conditions (Buchanan, 2000). The criticality is the
degree to which the collapse of an individual struc-
tural element affects the performance of the structure
as a whole. All main components of a structure are
generally expected to exhibit fire resistance propor-
tionate to the nature of the perceived risk. The nature
of the risk is usually assessed on the basis of the size
and proposed use of the building in which the struc-
tural element occurs, which is an important part of a
fire safety risk analysis.

The definition of fire resistance is the ability of
construction or its element to satisfy for a stated pe-
riod of time load bearing capacity, integrity and in-
sulation (separately or combined). As a consequence
of European harmonization, fire resistance is in-
creasingly being expressed in terms of R, £ and I,
where R means the resistance to collapse, i.e. the
ability to maintain load-bearing capacity; E is the re-
sistance to fire penetration, i.e. the ability to main-
tain the fire integrity of the element against the pene-
tration of flames and hot gases; and [ is the
resistance to the transfer of excessive heat, i.e. the
ability to provide insulation to limit excessive tem-
perature rises.

The term elements of structure is used in fire en-
gineering to mean main structural elements such as
structural frames, floors and walls. Compartment
walls are treated as elements of structure although
they are not necessarily load-bearing. External walls
such as curtain walls or other forms of cladding that
transmit only self weight and wind loads, and that do
not transmit floor loads, are not regarded as load
bearing, although such walls may need fire resis-
tance to satisfy other requirements in connection
with a need to restrict fire spread between buildings.
Load bearing elements may or may not have a fire-
separating function. Fire-separating elements may or
may not be load bearing.

2.2 Fire design

The design for fire safety have traditionally followed
prescriptive rules and may now apply performance
based (or fire engineering) approaches, examples of
which are given in the various structural fire stan-
dards (in Eurocodes in documents EN 1990: 2002
and 1991-1-x: 2005). A fire engineering approach
takes into account fire safety in its entirety and pro-
vides a more fundamental and economical solution
than the prescriptive approaches. Within the frame-
work of fire engineering approach, designing a
structure involves four stages. The first stage is to
model the fire scenario to determine the heat re-
leased from the fire and the resulting atmospheric
temperatures within the building. The second stage
is to model the heat transfer between the atmosphere
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and the structure. Heat transfer involves conduction,
convection and radiation which all contribute to the
rise in temperature of the structural materials during
the fire event. The third stage evaluates the me-
chanical loading under fire conditions, which differs
from the maximum mechanical loading for ambient
temperature design (due to reduced partial safety
factors for mechanical loading under fire). The
fourth stage is the determination of the response of
the structure at elevated temperature.

The design recommendations in codes contain
simple checks, which provide an economic and ac-
cessible method for the majority of buildings. For
complex problems, considerable progress has been
made in recent years in understanding how struc-
tures behave when heated in fires and in developing
mathematical techniques to model this behaviour. It
is possible to predict the behaviour of certain types
of structure with a reasonable degree of accuracy.
The most common form of analysis is the finite ele-
ment method. It may predict thermal and structural
performance. In fire, the behaviour of a structure is
more complex than at ambient temperatures.
Changes in the material properties and thermal
movements cause the structural behaviour to become
non-linear and inelastic.

2.3 Fire modelling

In the standard fire resistance tests the gas tempera-
ture is increased to follow a predefined
time/temperature curve, called according to Euro-
codes the standard nominal fire curve or earlier ISO
834 fire curve. This heating regime is very different
from that occurring in real fires. The maximum tem-
perature attained in a real fire and the rate at which
temperatures increase depend on a number of factors
related to the fuel available, the geometric and ther-
mal properties of the compartment and the availabil-
ity of openings through which oxygen can be sup-
plied to the fire. Techniques have been developed to
mathematically describe a natural fire. The analysis
determines the rate at which heat is released from
the available fuel, see (Schleich at al, 1999). This is
a function of the amount of ventilation available and
the density and distribution of the fuel itself. Heal
loss from the compartment via convection and radia-
tion from the openings, and conduction through the
other solid boundaries is calculated before the result-
ing atmospheric temperatures may be determined.
Fire models of various degrees of sophistication
may be used to obtain a design fire scenario. At the
simplistic level, periods of standard fire resistance
are specified in regulations. The next level up is to
attempt to relate the damaging effect of a real fire to
the standard fire by using the time-equivalent ap-
proach. Ideally, the equivalent time should be based
on comparing the performance of an element in a



natural fire with the known performance of the same
element in a fire resistance test. The time equiva-
lency approach is attractive to fire investigators and
fire engineers because this allows them to relate the
complex behaviour of a real fire to the standard fire
resistance, which is a well understood concept. An
equivalent time equation is given in Eurocode 1 Part
1.1 which expresses the equivalent time as a func-
tion of the fire load, ventilation and thermal charac-
teristics of the enclosure.

A more rational (yet still relatively simple) ap-
proach for a post-flashover real fire is to assume uni-
form temperature within the fire enclosure and to
specify the uniform fire temperature — time relation-
ship. Eurocode 1 Part 1.1 refer to them as parametric
fire curves and provides equations to calculate these
curves using the three aforementioned parameters,
which is based on the pioneering research work of
Pettersson, see (Pettersson et al, 1997). At the other
end of complexity of fire modelling, computational
fluid dynamics modelling may be used, see (Drys-
dale, 1999).

2.4 Structural response

Structural response and its modelling under fire
condition depend on the applied structural materials
as well as the extent of the modelled structure which
may be the whole structure or its parts or individual
elements. Standard fire resistance tests can only pro-
vide limited guidance. As far as different materials
are concerned, aluminium and steel transfer heat
rapidly. Timber, masonry, concrete and lightweight
concrete have better insulation properties, see (Fran-
gi & Fontana, 2000 and Cooke, 2004). The added
insulation may be economical for aluminium, steel
and timber structures. The simplified design models
in codes such as Eurocodes are mostly based on de-
sign check equations for ambient temperature de-
sign, see (Franssen et al, 1995). On the other hand,
more advanced models of global analysis using fi-
nite element method may be used to deal with struc-
tural interactions between different structural mem-
bers and connections as well as structural behaviour
at large deformations.

3 STATE OF ART

3.1 New studies

New design methods are now being used in practice
to increase safety of steel structures under fire condi-
tions. Such new design methods have been devel-
oped based on recent new research studies of mate-
rial properties at elevated temperatures, analysis of
simple elements and joints and complex structures,
and modelling of realistic fires, see (Wald et al,
2000). The following sections will present recent

progresses in the following three areas that the au-
thor has made the opportunity to contribute: com-
posite slab behaviour, the modelling of aluminium
structures and the component model for the behav-
iour of steel joints in case of fire.

Figure 1. Compartment after the seventh large Cardington test,
see (Wald et al, 2006), the slab residual deformation 915 mm.

3.2 Floor slabs in fire

Modern steel framed multi-storey buildings com-
monly use composite steel deck floors. These floors
consist of a profiled steel deck with a concrete top-
ping. Included within the concrete is some light re-
inforcement. Indentations in the deck enable the
deck and concrete to act together as a composite
slab. The reinforcement is included to control
cracking, to resist longitudinal shear and, in the case
of fire, to act as tensile reinforcement. It is common
to extend the composite action to the supporting
beams. Shear studs are welded through the deck
onto the top flange of the beam to develop compos-
ite action between the beam and concrete slab. The
resulting, two-way-acting, composite floor is struc-
turally efficient and economic to construct.

The Building Research Establishment has devel-
oped a simple structural model (Newmanm et al,
2000) that combines the residual strength of the steel
composite beams with the slab strength calculated
using a combined yield line and membrane action
model. The slab model is based on catenary action
of the slab and the resistance of the unprotected
composite beam, see (Bailey & Moore, 2000). The
model was applied to the concrete slabs as well. The
critical parts of the model are the ductility of the
mesh and the assumption of the supported bounda-
ries of the slab. The model has been calibrated
against the Cardington fire tests, see Figure 1, and
other test results on slabs. Fire tests undertaken in
recent years on the eight-storey steel framed build-
ing at BRE’s Cardington Laboratory have demon-
strated the inherent fire resistance of composite
flooring systems. This improved performance is the
result of membrane action developing in the lightly
reinforced concrete slab enabling it to bridge over its
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fire damaged supporting steel beams and safely
carry the applied load to the columns.

However, none of the floors tested at Cardington
failed and without data on the mode of failure nei-
ther the capacity of the composite floor slabs nor
the margins of safety associated with the design
methods can be established, see (Lennon, 1997).
E.g. During the sevenths Cardington test the applied
load was 6,1 kNm™ and the predicted resistance by
catenary action 4,1 kNm™, but collapse was not
reached, see (Wald et al, 2006) Therefore a com-
partment fire test on the steel framed building with
sufficient applied load allows the actual mode of
failure to be determined so as to evaluate the accu-
racy of existing design guidance.

3.3 Aluminium structures

Traditionally, the behaviour of aluminium alloy in
fire is thought to be a critical task for the structural
design team, see (Maljaars et al, 2006). This is due
to the rapid decrease of material resistance at ele-
vated temperatures, when compared to other tradi-
tional materials like steel and reinforced concrete. In
particular, aluminium alloys melt between 600 and
650 °C, the exact value being dependent on the type
of alloy under consideration, and at 200 - 250 °C,
most of the alloys have already lost approximately
50 % of their original strength at room temperature.
For this reason, when aluminium structural elements
are required to achieve fire resistance, the adoption
of reliable prediction models is essential, allowing
accurate design calculations and safety assessment
to be carried out, see (Langhelle & Amdahl, 2001).
The features of aluminium alloys change under ex-
posure to high temperatures. Relevant values of both
physical and mechanical properties are given in the
Proposal of European standard prEN 1999-1-2:
2005. Similar to steel structures, the proposed Euro-
code for aluminium allows the temperature distribu-
tion in the cross-section to be determined by thermal
analysis and the bearing capacity of the structure at
elevated temperature to be evaluated by means of
structural analysis. In general, it has to be empha-
sised that almost all the material properties are de-
pendent on the type of alloy, but common features
may be identified, allowing general trends to be rec-
ognised.

The main parameters for characterising the me-
chanical behaviour of aluminium alloys in the elastic
range are Young’s modulus £ and 0,2 % proof
strength fo», the latter being used as conventional
elastic limit of the material. The former is practically
independent of the adopted alloy, while the latter is
related to the type of alloy under consideration. In
Figure 2, values suggested by Eurocode 9 (prEN
1993-1-2:2004) for typical aluminium alloys and
tempering at elevated temperatures are depicted. It
can be observed that there are remarkable variations
in the conventional elastic limit as a function of tem-
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perature f 20 due to type of alloy and tempering. For
instance, the relative strength values at 200 °C are
91 % and 43 % for 5086-H112 and 7075-T6 alloy,
respectively. The values are taken after 30 min of
heating of the alloy, which represents the limit of
fire resistance. One common trend among different
groups of alloy is that the beneficial effects of heat
treatment and work hardening, used to improve the
mechanical properties at normal temperatures, di-
minishes at high temperatures.

The emissivity of surface is dependent on the sur-
face finish and may be an advantage for polished
surfaces. For aluminium are suggested values 0,3
and 0,7 for clean uncovered surfaces and for painted
and covered surfaces, respectively

1\ Reduction factor, &,

1
koo | \

EN AW-5086, H112

AN\
’ koo \ &\ ke,

0,7
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EN AW-7075, T6 )\ \ \ \
- \ \
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0,2
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\ Hal, °C
0 —
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Figure 2. Reduction of elastic modulus and 0,2% proof strength
of selected aluminium alloys at elevated temperatures as sug-
gested by document (prEN 1999-1-2: 20006).

3.4 Component method for connection design

Failure of the WTC on 11" September 2001 alerted
the engineering profession to the possibility of con-
nection failure under fire conditions. The failure of
the connections is thought, by some, to have initi-
ated the progressive collapse of both towers.

When subject to fire, steel loses both its strength
and stiffness. Steel structures also expand when
heated and contract on cooling. Furthermore the ef-
fect of restraint to thermal movement can introduce
high strains in both the steel member and the associ-
ated connections, see (Wang, 2002). EN 1993-1-2
gives two approaches for the design of steel connec-
tions. In the first approach fire protection is applied
to the member and its connections. The level of pro-
tection is based on that applied to the connected
members taking into account the different level of
utilisation that may exist in the connection compared
to the connected members. Fire tests on steel struc-
tures have shown that the temperature within the



connections is lower compare to connecting steel
members. This is due to the additional material
around a connection (column, end-plate, concrete
slab etc.) which significantly reduces the tempera-
tures within the connections compared to those at
the centre of supported beam.

Recent experimental evidence have highlighted
the need to evaluate the behaviour of steel joints at
elevated temperatures, since they exhibit a distinct
change of its moment-rotation response under in-
creasing temperature, that affects the global response
of the structure. Traditionally steel beams have been
designed as simply supported. However it has been
shown in recent large scale fire tests on the steel
building at Cardington (Moore & Lennon, 1997), see
Figures 3 and 4, in real fires and in experimental re-
sults on isolated connections, that joints that were
assumed to be pinned at ambient temperature can
provide considerable levels of both strength and
stiffness at elevated temperature. This can have a
beneficial effect on the survival time of the structure.

= bl O e : % S
Figure 3. Rupture of the end plate beam to column connection
without lost of the bearing resistance during the seventh large
Cardington fire test, see (Wald et al, 2006).

A more detailed approach uses an application of
the component approach together with a method for
calculation the behaviour of welds and bolts at ele-
vated temperature. By using this approach the con-
nection moment, shear and axial capacity can be
evaluated at elevated temperature (Simdes da Silva
et al, 2001) and (Spyrou et al, 2002).

In terms of cold design, the component method
constitutes today the widely accepted procedure for
the evaluation of the various design values. It has
now been validated as an analytical procedure that is
capable of predicting the moment-rotation response
under fire conditions. This procedure consists of
modelling a joint as extensional springs and rigid
links, whereby the springs represent a specific part
of a joint making an identified contribution to one or

more of its structural properties, component. Each
component exhibits a non-linear force deformation
response, characterised by four properties: elastic
stiffness, post-limit stiffness, limit load, yield dis-
placement and limit displacement. At elevated tem-
perature the influence of the normal forces needs to
be taken into account.

Figure 4. Deformation of the fin plate beam to column connec-
tion during the seventh large Cardington fire test, see (Wald et
al, 2006).

4 CONCLUSION
European knowledge of fire design has reached a
mature stage with the development of well calibrated
engineering tools for modelling structural behaviour
under fire conditions. Four steps of procedure may
be identified: modelling fire scenario in the com-
partment or a local fire, modelling the transfer of
heat to the structure, assessment of the mechanical
loading under fire conditions, and evaluation of the
response of the structure at elevated temperature.
Tools for all four separate stages are available for
practical application. Merging of these models is
also under development in several institutes. The
simplest design models are supported by design ta-
bles and design charts. More advanced models can
deal with natural fire scenarios, refined transfer of
heat between the atmosphere and the structure and
non-linear large displacement global analyses. Some
complex models, based on FE modelling of fire sce-
narios and 3D non-linear behaviour of structures, are
ready to be applied for prediction of the structural
behaviour under exceptional fire loading.
Nevertheless, applications of these complex mod-
els are limited by tests on whole buildings in fire and
by confirmation of accurate prediction of internal
forces under fire. Further research studies are neces-
sary and indeed some are already been undertaken
by various researchers to gain new knowledge so as
to develop better tools to help achieve future desired
level of fire safety.
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Behaviour and modelling of composite columns and beams
under fire conditions

K.H. Tan, Z.F. Huang & R.B. Dharma
Nanyang Technological University, Singapore

ABSTRACT: This paper presents two series of elevated temperature tests on composite columns and beams. In the
first series, four unprotected, embedded steel I-section composite columns were tested to investigate the effect of load
level on column behaviour and failure time. Each column was subjected to a constant axial compression force under
rising temperature provided by two electric heating furnaces. Numerical analyses were carried out to predict specimen
cross-sectional temperature distribution as well as column deformation. Column failure times were also compared with
design code predictions from EC4 Pt.1.2. It is found that the failure times reduce rather linearly and significantly under
an increasing load level. In the second series, tests were carried out to investigate the ductility of composite beams in
the hogging moment region under fire conditions. In total, there were four composite beams with decking slabs tested
to failure. They represented the internal joint of a continuous beam. The segment between the plastic hinge over
support and adjacent point of inflection was represented by one-half of a simply supported beam subjected to mid-span
point load. The specimens were heated to a certain temperature before they were subjected to a static point load up to
failure. The test results were then validated against finite element simulations. It is demonstrated that the finite element
analysis gives reasonable accuracy compared to test results.

where A; denotes the area of embedded steel and 4. is

Part-1: Composite Column Test
the whole cross-section area of a column specimen. In
this paper, subscript ‘C’, ‘S’ or ‘R’ denotes concrete,
steel and rebar, respectively.

1 INTRODUCTION
There are quite a number of reported fire test results on
concrete-filled encased steel columns. In contrast, very

few Works on compOSIte Columns Wlth embedded Steel Table 1. Steel Content Ratio and Column Failure Time

sections have been published. Col. No Loadlevel ¢« (2% 4 i
This paper presents a series of tests conducted on 4 1, min min min

composite columns with embedded I-sections. This  grecor 0172 651 501 658 1011

serves as a companion study of Huang et al. (2007). All  RTCC02 0.209 554 505 540 0.975

columns were subjected to a constant axial load while RTCC03 0.282 414 389 431 1.041

heated up in 2 electrical furnaces which provided a simi- ~ RTCC04 0.414 229 278 275 1.201

lar heating rate as in a compartment subjected to natural

fire. The effect of different load levels was examined. lé/lga\‘?: (1)8347‘

The experimental results were compared with numerical

predictions. From columns RTCCO1 to RTCCO04, the embedded

steel are UC152x152x23, Joist114x114x27,

2 OUTLINE OF EXPERIMENTAL PROGRAMME

The experimental programme was described in detail in
(Huang et al. 2007). A series of 4 columns, namely,
RTCCO1, RTCCO02, RTCCO03 and RTCCO04, was heated
up to failure (Table 1). All columns were made of the
same gross cross-section 300x300 mm? and the same
length of 3000 mm. They differed slightly in the em-
bedded steel content ratio p, as computed below:

Ps :AS/AC (H

UC152x152x37 and UC203x203x52, respectively. The
corresponding p; increases from 3.25% to 7.41%.

Figure 1 shows the details of RTCCO03. All 4 specimens
were reinforced with 4T13 rebars at the corners of the
square section.

Load level g, for 4 columns ranges from 0.172 to
0.414 where p, is defined as the ratio of working load
N to column axial load capacity at ambient temperature
N> predicted numerically by program FEMFAN-3D
(Huang & Tan 2006).
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Figure 1  Details for specimen RTCCO03

Table 2 summarizes the material properties obtained
through testing at ambient temperature. The terms f!,

B
20
R,y

strength of concrete, rebar and steel at ambient tempera-
ture; p, and p, respectively denote the percentage of

and f{" respectively denote the characteristic

rebar and steel area to the overall cross-sectional area.
Measured steel elastic modulus E>° attains a typical
value of 205 GPa.

Table 2. Column Material Properties (MPa)

Col. No _ Concrete Rebar  Steel Load Capacity
fc' Eé(,)o 1{2(; Pr fsz,(;- Ps N, 30 (kN)
RTCCO1 45 26 460 0.59% 320 3.25% 3746
RTCC02 43 26 460 0.59% 320 3.83% 3725
RTCCO03 43 26 460 0.59% 320 5.23% 3927
RTCC04 43 26 460 0.59% 317 7.41% 4164
1200 + T T T
8 1000 +
~
g 804/ ————
IV AR
& 600
o Actual heating curve
400 1 - = 'modified curve for FEA
200 A — — 150834
! ! ! time (min) imr
O+——F—++——"TT 77T T T T T T T T T T —
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Figure 2  Gas Temperature-time curves

Each specimen was uniformly heated up by 2 electrical fur-
naces configured to provide 4-face uniform heating. Figure 2
shows the designed heating curve, in which during two heating
phases, temperature rose at 5°C/min and 8°C/min, respectively.
This curve was chosen to minimize concrete spalling by hold-
ing the temperature constant at 200°C for 85 minutes to purge
free water content out of the specimens. During the tests, tem-
perature at each face of both furnaces was measured by a ther-
mocouple. Revised 7-¢ curve, which will be used for RTCC02
to RTCCO04, is also shown in Figure 2. For these 3 columns,
the numerical cross-sectional temperature prediction based on
the actual heating curve is noticeably greater than the test re-
sult. To reduce the effect due to inaccurate temperature pre-
diction on the column structural response, the revised gas 7-¢
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curve is adopted instead. The revised heating curve is not un-
reasonable as it takes account of heat loss through the furnace,
and thermal time lag between the rising part and the plateau
shown in Figure 2.

Axial loads were applied and recorded by a servo-
hydraulic actuator. The deflection acquisition system
consisted of 9 LVDTs, whose positions are shown in
Figure 3. They were used to measure the displacements
directly for all points except Point-5, 6 & 7. Fourteen
thermocouples were embedded within each cross-section
for measuring the temperature distribution at mid-span
and at a quarter-span. These thermocouples measured
the temperatures of the concrete, flanges and web of the
steel section and reinforcement. Figure 4 shows the lo-
cations of these 14 thermocouples within a specimen
cross section. The composite column tests were carried
out under transient heating state. That is, a predefined
load N was first applied to the specimen and held con-
stant. The temperature was then raised in steps accord-
ing to the heating curve shown in Figure 2.

e

|

Figure 3  Location of LVDTSs on column specimen
v 300 .
’ 1

51

—

N
)

51

Figure 4. Location of thermocouples within a cross section

3 TEST RESULTS AND VALIDATIONS
Numerical validation of the experimental results will be
shown in this section. The study will focus on the de-
velopment of specimen cross-sectional temperature dis-
tributions, axial deformations and failure times. The ef-
fects of load level will be emphasized.

Program SAFIR2001 (Franssen et al. 2000) was used for
2-D heat transfer analysis, while a self-developed pro-
gram FEMFAN-3D (Huang & Tan 2006) was used for 3-
D structural analysis. Values of thermal conductivity,
specific heat capacity and density for siliceous concrete
were taken from EC2 Pt.1.2 (CEN 2004). Concrete
moisture content was set at 130 kg/m’, while convection
coefficients on hot and cold surfaces were fixed at 25 and
9 W/m’K, respectively. Relative emissivity was 0.5. In
program FEMFAN-3D, the bonding among concrete, re-



bar and embedded steel surface was assumed to be per-
fect. Concrete spalling was not considered.

3.1 Cross-section temperature distribution

This section examines 3 temperature profiles correspond-
ing to 3 points within the quarter section of a specimen:
Point 9 (concrete), Point 7 (corner rebar) and Point 3
(mid-web of steel) in Figure 4. Due to geometric simi-
larity, only the result of RTCCO03 will be discussed in de-
tail.

Figure 5 shows the temperature distribution within the
discretised cross section at a quarter point after 410 min-
utes of heating on column RTCCO03 which failed at 414
minutes. The embedded steel column was not perfectly
positioned at the center of the entire rectangular section
due to construction tolerance, and this was picked up by
temperature distribution measured by thermocouples in
Figure 4 even prior to concrete spalling. Thus, Figure 5
shows that there is slightly asymmetric distribution of
temperature. Heat transfer analyses were performed for
both mid-height and quarter-height cross sections, and
the respective temperature predictions were used in the
ensuing structural analyses.

TIME: 24800
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| .
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Figure 5 Cross section temperature of column RTCCO3 at
t=410 min predicted by SAFIR

Figures 6a to 6d respectively show the gas tempera-
tures and temperature at 3 specific points in the right fur-
nace. The experimental data and numerical predictions
based on actual and modified gas T-t curves are shown.
Modified SAFIR curve is adopted for RTCCO02 to
RTCCO04 in the ensuing structural analysis. This is be-
cause the overall cross-section temperature predictions
based on actual heating curve (Figure 2) were greater
than the measured values.

Firstly, the predictions based on actual furnace gas-
temperature curve should be examined. The predictions
on 3 points are shown as continuous deep blue curves in
Figure 6b to Figure 6d.

Regarding concrete temperature at Point 9, Figure 6b
clearly shows that the temperature rises slowly and stead-
ily. With 75 mm thick cover, concrete was heated up to
400°C at t=420 min when the gas reached 800°C. EC 4

Pt.1.2 shows that when exposed to heating for 420 min,
siliceous concrete lost only 40% of its strength at Point-9.
This implies that at the end of heating, the whole concrete
within that section still retained the majority of its
strength.

On the other hand, Figure 6b to Figure 6d show that
during the first 210 min of heating the numerical curves
follow very closely with the experimental ones. Beyond
that, the numerical predictions were consistently higher
than the experimental data: the deeper a point is located
in the interior, the greater is the temperature difference.
Such over-predictions may be attributed to the incapabil-
ity of SAFIR to simulate the movement of concrete free
water towards kernel zone during heating.
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Figure 6 Temperature at point-3, 7 & 9 in RTCC03

At Point 7 (rebar) located close to the concrete sur-
face, numerical prediction agreed well with measured
temperature (Figure 6c¢).

Over-predictions of temperature also took place in the
other three columns: RTCCO01, RTCC02 & RTCCO04.
To diminish the effects of somewhat inaccurate tempera-
ture predictions on the structural analyses shown in Sec.
3.2, the temperature predictions need to be modified so
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that they are closer to test results. For this purpose, the
original gas temperature curve was modified and shown
as dashed line in Figure 2, where the temperature is as-
sumed to reach 700°C instead of 800°C at t=215 min.
After 215 min, temperature rises steadily at a constant
rate to 800°C when a column fails.

The corresponding cross-sectional temperature distri-
bution is shown in Figure 6b to 6d as black dashed
curves. Clearly, beyond t=210 min, the three modified
curves are closer to measured temperatures compared to
the unmodified heating curve. Compared to the original
scheme, the new scheme has reduced the over-prediction
effect on thermal expansion and material properties.

3.2 Structural Responses

In the FE simulation, a heated column is approximated
as a pin-roller member. Figure 7 compares the FE pre-
dictions of column axial deformation u with test results,
while Figure 8 shows the photos of all four failed speci-
mens.
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. €01
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Figure 7  Axial deformation of all specimens

FE predictions of deformations are consistently
greater than the test results and the differences become
greater with higher temperature. There are two main
reasons: no transient strain was accounted for by the
adopted EC4 stress-strain model, and no concrete
spalling was simulated.

The prime objective of this study is to examine the
load level effects on column failure time 7, . Table 2

shows that with steel content ratio p; increasing from
3.25% to 7.41%, the axial load capacity N’ increases

slightly from 3746 kN to 4164 kN predicted by FEM-
FAN-3D. This implies that steel content had limited ef-
fect on N. In contrast, with load level g, increasing

from 0.172 to 0.414, both Figure 6 and Figure 9 and Ta-
ble 1 show that ¢, significantly decreases from 651 to

229 min.
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Figure 8 Photos of tested specimens

Table 1 summarizes ¢, of all four columns obtained
experimentally, numerically and from EC4 Pt.1.2. The
design code prediction ¢2“* corresponds to the instant at

which the working load N is equal to the design load
capacity N, ., calculated according to Eq. (4.12) in

EC4 Pt.1.2. The values of ¢, are also compared in Fig-
ure 9. Clearly, all three approaches show that 7, de-
creases nearly linearly yet significantly under an increas-
ing load level 4,. Generally, the FE predictions agree
well with test results whereas the former tends to slightly
over-predict ¢z, for column RTCCO03 and RTCC04

which were subjected to a higher y,. Table 1 shows a

mean value of 1.057 for ¢ /¢" with a coefficient of

variation COV = 0.094 (superscript FEA and test de-
notes numerical and test results, respectively). This
shows that FEMFAN3D predictions agree fairly well
with test results.
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400 A
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Figure 9 Comparison of column failure times

based on EC4
(termed as #2°*) shows that they generally agree well
with both FE and test results. Overall, t°“* tended to be

Examining the predictions of ¢,



EC4

conservative, especially for low x4, where 7" was no-

ticeably less than <" and ™

cr

Part-2: Composite Beam Test

4 INTRODUCTION

The second part of the paper (Dharma & Tan 2006a, b)
presents the behaviour of steel beams supporting profiled
decking slab. One key factor that influences the rota-
tional capacity of composite beams is local buckling
which causes considerable distortion of member cross-
section that is confined locally to the highest moment re-
gion. A more rational way of defining the ductility of
beams is based on member behavioural classes, where
ductility is quantified by measuring the available inelastic
rotation 6, , as shown in Figure 10, over which the mo-

ment exceeds its design ultimate resistance M, . A ratio

known as available rotational capacity R, is used here to

describe the non-dimensional form of inelastic rotation
defined as follows:

R,=6,/6, )

in which, 6, = plastic rotation.

Moment M /M),

i
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i |
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Figure 10  Standard moment-rotation curve of plastic beams

5 TEST SPECIMENS DETAILS

The objective of this test programme is to determine the
ductility of composite steel beams in the hogging mo-
ment region of a continuous composite beam with profile
decking slab. A simply supported beam is subjected to a
central point load, used to simulate the segment of a con-
tinuous composite beam between the plastic hinge at mid-
span and adjacent point of inflection in the hogging mo-
ment region. The composite beam is inverted such that
the decking slab is located on the underside of the steel
beam and is subjected to tensile force when the vertical
load is applied from the top. For ease of reference in
this paper, the flange which is connected to decking slab
will be referred to as the top flange.

Experimental programme consisted of a total of four
composite steel beams (Table 3) stud-welded to re-
entrant steel decking profile Holorib S350 (0.9 mm
thickness). The shear studs were connected to the steel
beams and steel decking by through-deck welding. C1
and C2 specimens had the same configuration except for
the number of shear stud connectors. Three different UB
sections were used as structural steel. They were chosen
such that the composite sections were able to achieve
their full plastic moment capacity at elevated tempera-
ture. All composite steel specimens had the same total
length of 3650 mm, a span of 3450 mm and the length of
concrete slab of 2100 mm.

Table 3. Details of beam specimens

Test No. | Structural Steel | Reinforcement| No. of L t.
Stud (mm) (mm)

C1 305x165UB54 4-T10 8 563 130
Cc2 305x165UB54 4-T10 4 563 130
C3 305x127UB37 5-T10 10 563 130
C4 254x102UB25 5-T10 6 469 120

Slab size (length x width) = 2100 mm x 450 mm

Reinforcement distance to steel decking = 100 mm

Anti-crack reinforcement = T8 at 200 mm spacing

Shear stud connector = 19 mm dia. x 100 mm length

Note : 4-T10 indicates four bars of type T reinforcement with 10 mm diameter.

The test consisted of two stages: heating and loading
stage. Firstly, the furnace temperature was increased at a
rate of 7 to 10°C/min up to a certain temperature. Once
the preset furnace temperature was reached, this tempera-
ture was maintained to the end of loading stage. That is, a
steady-state heating is employed in this instance. In the
loading stage, the load was applied until the specimen
failed and reached its unloading state to obtain full mo-
ment-rotation curve. Material tests conducted at ambient
temperature included tensile coupon tests of steel [-beams
and reinforcement, compression and tensile tests of con-
crete specimens and push-out tests. The results of these
tests at ambient temperature were used as inputs to vari-
ous material models at elevated temperatures. Besides,
cross-section geometric imperfections were also meas-
ured by digital callipers.

6 EXPERIMENTAL RESULTS

Detailed experimental results can be found in (Dharma
2006). Due to page limitation, only the moment-rotation
of C4 specimen is presented here. Figure 11 shows the
moment-rotational curve of C4 specimen. The horizontal
axis indicates the ratio of rotation 0 over elastic rotation

6, defined as M, L /(2E,1). The stiffness term E, I

is calculated based on the cracked stiffness. The vertical
axis indicates the normalized moment to plastic moment
capacity M, ,, calculated based on the cross-section di-

mensions, material test results, critical temperature distri-
bution, and EC3 Pt.1.2 (CEN 1995) together with EC4
Pt.1.2 material reduction factors.

The rotation was taken as the average of two end rota-
tions. All of the specimens started to deviate from line-
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arity before they yielded due to non-linear stress-strain
relationship at elevated temperature. Out of the four
beams, C1 has the greatest rotational capacity of 2.11,
while C4 specimen has the lowest rotational capacity of
only 1.00, as shown in Figure 11. After attaining the
plastic moment capacity, the beam rotation started to in-
crease rapidly. The main component of composite beam
which provides flexural resistance to resist applied mo-
ment is the primary reinforcement (Dharma & Tan
2006¢). The reason is that the temperature of reinforce-
ment was much lower (around 100°C) compared to struc-
tural steel components, which had already reached
600°C. Around this temperature, steel reinforcement
still maintains its ambient temperature strength since the
strength reduction only occurs above 300°C according to
EC4 Pt.1.2. The low temperature of reinforcement is
due to low heat conductivity of concrete. Thus, concrete
in hogging moment region acts as a heat sink for rein-
forcement since it does not contribute to ultimate moment
capacity. As a consequence, full depth of the steel web
is in compression. Another consequence is that the top
flange does not contribute to the moment capacity since
its distance from the neutral axis is practically zero. The
bottom flange temperature was around 500 to 650°C at 7
to 10°C/min rate of heating. For the bottom half of web,
the temperature is close to bottom flange temperature
T, . For the upper half of web, its temperature usually

varies linearly from 7, to 0.857,, at the web-top flange

junction. The temperatures of shear stud, concrete and
reinforcement are generally less than 300°C, 400°C, and
200°C, respectively, that is, these components still pos-
sess their strength and stiffness at room temperature.
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Figure 11 Moment-rotational response of C4 specimens

For all the specimens in Table 3, there was neither lo-
cal nor global buckling before the plastic moment capac-
ity was reached. The failure mode observed after the test
was mainly local buckling near mid-span as a result of
spread of plasticity across the beam depth and along the
beam after the section has attained plastic moment capac-
ity, as shown in Figure 12. On the other hand, local buck-
ling of the web occurred at almost the full depth of the
web since the neutral axis was located within the top
flange. Thus, almost the entire beam section was under
compression. However, this local buckling failure oc-
curred on only one-half of the beam with the other half
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exhibiting no local buckles. This may be due to slight dif-
ferences in temperature distribution between the two
halves of the beam and may be attributed to the presence
of initial geometric imperfection. Concrete cracking was
limited to the mid-span region. In addition, parallel

cracks reached the top flange, showing that the whole
concrete slab was subjected to tensile force. No spalling
of concrete was observed during the test.

igure 12 Local buckling failure of the composite specimens

The failure modes observed in these tests are very
similar to the ones observed in Cardington fire test,
where local buckling of the lower compression flange
and web of most fire-exposed beams was observed (Fig-
ure 13). Certain beams in Cardington fire tests also ex-
hibited local buckling modes at certain distance from
support region similar to C2 specimen because of the
lower temperature distribution near the support.

,.,

Figure 13 Coinﬁarisons of Cardington and current test fail-

ure modes

7 NUMERICAL MODELLING OF STEEL BEAMS
WITH PROFILE DECKING

Commercial Package MARC (MSC 2005) was used in
the numerical validation since nonlinear shell element has
not been incorporated into the self-developed program



FEMFAN-3D which was used in column test validation
(Sec. 3). In the composite specimens, the concrete slab
was modelled using a 20-node, iso-parametric solid ele-
ment. Every node in this element has three global dis-
placements as degrees of freedom. The reinforcement is
modelled using an iso-parametric, three-dimensional, 20-
node empty solid element, which must be used in con-
junction with a concrete element to represent a reinforced
concrete element. By combining the rebar and concrete
elements, the stress distribution of both reinforcement
and concrete can be represented accurately since separate
constitutive theories are used in each element. Two lay-
ers of reinforcement are provided for each rebar element
simulating the layer of primary and secondary reinforce-
ment (Dharma & Tan 2006¢).

To simulate the composite action between the steel
beam and concrete slab, adjacent top flange and concrete
nodes are tied together using rigid links in two global
displacements. Tying these adjacent nodes together as-
sumes that there is no relative displacement of these
nodes. The relative slip between the steel beam and
concrete element is governed by the load-slip relationship
of shear stud connectors, and is simulated using springs.

The composite beam is simply supported at both ends
so that lateral deflection and twist rotation at the supports
are prevented. However, the flange ends are free to ro-
tate in horizontal plane so that the beam cross-section is
free to warp. Lateral restraints are provided at mid-span,
end supports, and certain distance from mid-span. Con-
centrated load is applied directly on top of the mid-span
stiffeners. Initial longitudinal out-of-plane imperfection
has also been included in the model.
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Figure 14  Validation of composite beam FE model

For both sets of numerical models, the arc-length
method has been selected to properly trace the nonlinear
equilibrium path of inelastic I-beams and the evolution of
cracks in concrete slabs. Both geometrical and material
nonlinearities are considered. Von Mises yield criterion
is used in the analysis and the corresponding metal plas-
ticity model is characterised as an associated flow plastic-
ity model, with isotropic hardening as the default. The
material stress-strain models follow EC3 Pt.1.2 and EC4
Pt.1.2 formulations. Relatively good comparison is ob-
tained in terms of the moment-rotation response as illus-
trated in Figure 14 for C4 specimen. The ratio of maxi-

mum moment to plastic moment capacity (M, /M b1 )

and the rotational capacity 7, from numerical simula-

tions are relatively close to the test results. The pre-
dicted moment-rotation curves show no horizontal pla-
teau, instead unloading occurs once the ultimate moments
are reached. The discrepancies between test results and
FEA simulations may be due to differences in actual ma-
terial properties at elevated temperature and Eurocode’s
stress-strain relationship formulations, the assumed initial
imperfection, and temperature distributions.

There is local buckling of the compression flange as
shown in Figure 15a. This is simulated well by Figure
15b. Parallel cracks occur on the concrete slab due to
bending in the hogging region.

(a) | (b)

Figure 15 Comparison of failure modes between tests and

FE models

8 CONCLUSIONS

This paper presents 2 series of fire test conducted at Nan-
yang Technological University, Singapore. The first se-
ries of test were carried out to examine the effect of load
level on the failure times of 4 composite columns with
embedded steel I-section. These real-sized rectangular
composite columns were subjected to different axial load
levels ranging from 0.171 to 0.441. The specimens were
made of normal strength siliceous concrete and rein-
forced with 4T13 rebars. A gas T —t curve was de-
signed to simulate a compartment fire. It is found that
the column failure time linearly decreases under a rising
load. Concrete spalling took place on every specimen
and was localized to the mid-height zone.

The test results were compared with numerical simu-
lations in terms of cross-sectional temperature distribu-
tion and structural responses. Reasonably good agree-
ment is obtained. With respect to column failure times,
both predictions based on FEA and design code EC4
Pt.1.2 agree well with the test data. The design code
predictions were slightly conservative, especially for low
load level.

The second series of test were carried out to investi-
gate the rotational capacity of composite beams in the
hogging moment regions under fire conditions. A total
of four composite beams with decking slabs which were
designed to represent the internal joint of a continuous
beam, were tested to failure. The specimens were heated
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to a certain temperature before they were subjected to a
static point load up to failure. It was found that rota-
tional capacity reduces at elevated temperature. The nu-
merical model correlates well with test results including
the observed failure modes.
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Connection modelling in fire

I. Burgess
The University of Sheffield, United Kingdom

ABSTRACT: This paper describes the origins and development of component-based principles for modelling
of the behaviour of beam-to-column connections in fire conditions. The component method is now well-
established as an analytical technique for rotational properties of connections at ambient temperature. In the
context of the much higher rotations experienced at the ends of long-span beams in fire, together with high
axial forces due to restrained thermal expansion, its justification changes. The importance of residual strength
and stiffness of a connection is decreased, but it is essential that its ductility is represented properly in order to
provide designers with the ability to match forces to strength at high temperatures.

1 INTRODUCTION

Research over the last decade has shown that com-
posite floor structures can have a significantly
greater fire resistance than is suggested by conven-
tional tests on isolated elements. This is largely due
to the interaction between the beams and floor slabs
in the fire compartment, and the restraint afforded by
the surrounding structure. This research is now be-
ing applied in the design of real projects, with an
implicit assumption that, because they heat more
slowly than the connecting members, the connec-
tions have sufficient fire resistance. However, ob-
servations from full-scale fire tests at Cardington
and the collapse of buildings at the World Trade
Centre in 2001 have raised concerns about this as-
sumption. There is renewed interest in how connec-
tions respond to exposure to fire, and realistically
this can only be investigated by examining complete
structural assemblies, with suitable representation of
the joints included. As structural fire engineering
design increasingly optimizes the placement of pro-
tection materials in buildings, the axial forces gener-
ated in beams during the course of a fire, as revealed
in non-linear three-dimensional analysis of large
substructures, are seen to reach very high values.
Typically these can change from compression in the
early stages of a fire, when thermal expansion is re-
sisted by surrounding structure, to tension in the
later stages, when the heated members hang essen-
tially in catenary. The connections at the ends of
these members are therefore subjected in turn to
these forces, whilst also being subjected to much

larger rotations than are possible in ambient-
temperature design.

The terminology on joints and connections has
been standardized in EC3-1.8 (CEN, 2005b). A
‘connection’ is defined as the /ocation where two or
more members meet, and a ‘joint’ is defined as the
zone where two or more members meet. This means
that a ‘connection’ is considered as the parts which
mechanically fasten the connected members; in the
case of an end-plate connection these are the end-
plate, the bolts, the welds and the column flange. A
‘joint’ is used as the more general term which in-
cludes the column web and the beam-end. For ex-
ample, a beam-to-column joint can include two ma-
jor-axis connections attached to the column flanges
and two minor-axis connections attached to the col-
umn web. The principle is shown in Figure 1.
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Figure 1: Joint and connection parts of a double-sided joint.

25



2 CONNECTION CHARACTERISATION

The main driving force behind the worldwide re-
search effort over 30 years to represent connection
properties has been a desire to achieve the advan-
tages in design of buildings that can be derived from
the real stiffness and strength of connections which
would probably have been assumed as effectively
pinned for normal design. The rotational stiffnesses
inherent in normal simple connection details have
the capability to reduce mid-span sagging moments
in beams at the Ultimate Limit State, permitting sec-
tions with lower moment capacity to be used. Per-
haps even more importantly, this rotational stiffness
can reduce very significantly the deflections of
beams for the Serviceability Limit State, which
tends to control the selection of sections for long-
span systems. It was this opportunity, afforded by
the prospect of taking account of real connection
characteristics in structural frame analysis, that
stimulated a lengthy research effort to classify and
quantify these characteristics.

An excellent account of the early work on con-
nections is given by Nethercot and Zandonini
(1989). In general, joints are defined in terms of ro-
tational stiffness, strength and rotation capacity. The
rotational stiffness of a joint is defined as the initial
slope of its moment-rotation curve. In the ‘pinned’
case the rotational stiffness is zero and no rotational
continuity exists between the beam and the column.
The ‘rigid’ case allows no relative rotation between
the beam and the column, and therefore the full
beam-end moment is transferred. There are clearly
cases which are close to the two extremes; a fully
welded joint with column web stiffeners is almost
rigid, and a web cleat connection with slotted holes
is almost pinned. Nevertheless, the majority of prac-
tical joints are semi-rigid; some relative rotation oc-
curs between the beam and the column, and a mo-
ment which depends on the relative rotational
stiffnesses of the connection and the connected
members is transferred. To simplify design, EC3-
1.8 specifies boundaries between joint classifica-
tions, as shown in Fig. 2.

M4 Rigid: S > SEI, /Ly, (braced)
Siimi = 25 El, / Ly, (other)
/' Semiigid
/o= "|Pinned: Syni < 05Eh/Ls

@

Figure 2: Stiffness classification of joints after EC3-1.8.
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The EC3-1.8 strength classification compares the
resistance moment of the connection with the mo-
ment capacities of the connected members. If the
bending resistance of the joint is larger than the plas-
tic moments of the members then it is ‘full-strength’.
If the joint bending resistance is less than 25% of
that of one of the members and has sufficient rota-
tional capacity it is nominally ‘pinned’. Between
these boundaries joints are ‘partial-strength’. Most
practical end-plate connections are in this category,
which means that, if plastic design is used the plastic
hinges will form in the joints and not in the adjacent
members. Hence, sufficient rotational capacity is
required in the joint to form a plastic mechanism and
develop a full plastic moment at the mid-span of the
beam.

The ductility of a joint is its ability to maintain its
plastic moment over a sufficient rotation to develop
a plastic mechanism in the adjacent members. A joi-
nt which fully achieves this is Class 1: ‘ductile’ (Jas-
part, 2000). The lower bound of the ductility classi-
fication is Class 3: ‘brittle’, and may only be used in
elastic frame design. Class 2: ‘semi-ductile’ lies be-
tween these extremes. The boundaries between the
classes are not defined generally in EC3-1.8, and
ductility of joints is treated in a very approximate
manner, reflecting the sparse research in the field
prior to its publication. Only been in recent years
have researchers focused on the available ductility of
a joint. Simodes da Silva and Girdao Coelho (2001a),
Kithnemund (2003), Girdo Coelho (2004), Beg et al.
(2004) and Girao Coelho et al. (2005) all have used
the Component Method, which is described below,
to predict ductility for semi-rigid joints.

In general, five different ways of representing the
moment-rotation response of semi-rigid joints exist:

1. Mathematical expressions as curve-fit models,

2. Simplified analytical models,

3. Mechanical (spring) models,

4. Finite element models,

5. Macro-element models.

Macro-element models are a relatively recent de-
velopment. These combine mechanical and finite
element principles, as they use finite element formu-
lations to incorporate mechanical or curve-fit models
into frame analysis. This type of modelling is par-
ticularly suitable for elevated-temperature analysis.

1.1 2.1 Curve-fit models

These are mathematical expressions fitted to mo-
ment-rotation curves found in experiments. The ex-
pressions include linear, bi-linear, tri-linear and
polynomial, power series and B-spline functions.
These are described in detail by Jones et al. (1983)
and Nethercot and Zandonini (1989). A model
which has been used at ambient and elevated tem-
peratures uses the so-called Ramberg-Osgood (1943)
curve, modified by Ang and Morris (1984) to repre-



sent the moment-rotation curves of joints, and ex-
tended by El-Rimawi (1989) to elevated tempera-
tures. The approach is shown in Equation 1:

M n

&3 m

B

where @, is the joint rotation and M, is the corre-
sponding moment. This expression has been used
by Leston-Jones (1997) and Al-Jabri (1999) to
model their elevated-temperature test data for bare
steel and composite joints. It can be applied to fire
cases by making the terms 4 and B temperature-
dependent. These factors control the stiffness and
capacity of the joint respectively, whereas the index
n controls the shape of the moment-rotation curve.

Although curve-fit models of joints are very eas-
ily integrated into frame analysis as rotational
springs, they can only be used for joints which have
been subject to testing. For high-temperature cases,
axial forces acting on the connection cannot be rep-
resented easily in this approach unless a wide range
of combinations of moment, rotation, axial force and
temperature have been tested. This is impracticable
due to the high cost of experiments and the vast
number of connection configurations used in prac-
tice.

b =

C

1.2 2.2 Component modelling

A more practical approach is the use of mechanical
models, particularly the so-called “Component
Method”. This method was initially developed by
Tschemmernegg et al. (1987) for ambient tempera-
ture conditions and after much development is now
included in EC3-1.8. The principle is to consider a
joint as a set of basic zones, each of which performs
an individual structural action. These zones can be
considered as assemblies of non-linear springs
whose combination forms a model for the whole
joint. The principal component zones of an end plate
connection are shown in Fig. 3.

(cwt)
cfb) epb
bt
(bwt)
(cws)

. o (bfc) ¥

(cwc)

Figure 3: The principal component zones of a beam-column
end-plate connection.

3 AMBIENT-TEMPERATURE COMPONENT
MODELLING OF JOINTS

There are a number of different options (elasto-
plastic, bi-linear, multi-linear or non-linear) to ap-
proximate the behaviour of the component springs.
In EC3-1.8 each component is characterised by an
initial stiffness k and a design resistance Fg,, which
are linked in an elastic-perfectly plastic fashion.
This simple approximation allows a direct calcula-
tion of the moment-rotation curve of the joint. For
better accuracy in the joint approximation more
complex force-displacement models can be used, de-
rived from test results, finite element models or
preferably from simplified mechanical models. This
increase in complexity of the component representa-
tion makes it necessary to solve the final spring
model iteratively, which is not a problem if the
spring model is incorporated into a non-linear finite
element program. Although the Component Method
associates each component with a certain internal
force in the joint, in reality some components are
exposed to stresses in more than one sense. EC3-1.8
specifies reduction factors, for the presence of shear
(o) and longitudinal stress (k,.) in the column web
in compression, and for the presence of shear stress
(w) in the column web in tension.

The Component Method can be extended at this
stage to elevated temperatures by using high-
temperature material properties with the ambient-
temperature component models. This principle has
been used by Leston-Jones, Al-Jabri and Simdes da
Silva et al. (2001b). The alternative, of developing
new multi-linear elevated-temperature components
models, has been adopted by Spyrou (2002, 2004a,
2004b).

The final step of the Component Method is to as-
semble the components and determine the resulting
moment-rotation curve. Each component is repre-
sented as a translational spring interconnected by
rigid links. The spring model for the joint of Fig. 3
is shown in Fig. 4 below.

7 (cwt1) (cfb1) (bt1) (epb1) (bwt1)
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r (ewt2) (cfb2) (bt2) (epb2) (bwt2)
\WWAVWWWNAWAWNAWNe

ST S——

(cws)  (cwc) (bfc)

Figure 4: Spring model of an extended end-plate joint after
EC3-1.8.
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The moment resistance M; rg4, of a joint is:
Mj,Rd = ZF;i,Rd Z; 2
i=1

where F}; ps 1s the design tension resistance of bolt
row I, and z; is the distance from bolt row i to the
centre of compression. The resistance of each bolt
row Fj;rq 1s that of the weakest component in this
row, or either of the resistance of the two compo-
nents in compression or the shear panel. However,
this equation is only effective for a bolt row if the
distance to the next row is sufficiently large, and the
column flange and the end-plate develop individual
failure mechanisms. If this is not the case two or
more bolt rows may fail as a group and the resis-
tance is lower than the sum the individual rows.

To calculate the rotational stiffness of the joint,
the complete spring model shown in Fig. 4 can be
simplified, replacing each bolt row by an equivalent
spring of stiffness

1
ket,i - 1 1 1 1 1 (3)
+ + + +
k k ky, k k

cwt i cfb,i epb,i bwt i

where the stiffness of the beam web in tension
kpwe 1s assumed to be infinite. The compression and
shear components can similarly be represented by
equivalent springs. This simplifies the spring model
in Fig. 4 to that shown in Figure 5(a). The equiva-
lent spring model can be simplified even further, so
the springs for each bolt row can be replaced with a
single equivalent spring, as shown in Figure (b).
Having calculated the moment resistance and initial
rotational stiffness of the joint, EC3-1.8 offers two
options, one bilinear and one curvilinear, to ap-
proximate the moment-rotation curve. These mo-
ment-rotation curves can then be introduced as rota-
tional springs at beam ends into frame analysis
programs.

It is apparent that the calculation process of the
Component Method is quite lengthy, and therefore a
number of programs have been developed to sim-
plify its application in engineering practice. The
software CoP, developed at the University of Liege

(te,1)

(te2)

Z2 |Z1

(Ce) (a)

and RWTH Aachen, is a current example of such
software.

4 EXPERIMENTS ON JOINTS AT ELEVATED
TEMPERATURES

1.3 4.1 Moment-rotation-temperature testing

The first experimental fire tests on joints were con-
ducted by Kruppa (1976) at CTICM, on six joint
types ranging from “flexible” to “rigid”. Their pri-
mary purpose was to investigate the performance of
high-strength bolts at elevated temperatures, and no
indication of the performance of the joints was re-
ported. Two tests were carried out by British Steel
(1982) on a “rigid” joint. Despite the limited scope,
it was concluded that joint elements could suffer sig-
nificant deformation in a fire. Lawson (1989, 1990)
was the first to measure the rotations of 8 cruciform
joints with different major-axis connections exposed
to the Standard Fire, at constant load. Five of his
tests were on non-composite beams, two on compos-
ite beams and one on a shelf-angle floor beam. Of
the steel joints 3 types of typical joints were studied
(extended and flush end-plates and a double sided
web cleat). The tests showed that up to two thirds of
the ambient temperature design moment capacity
could be sustained in standard fire conditions. It
was noted that the bolts did not fail prematurely, and
rotations always exceeded 6°. It was clear that com-
posite action in fire enhanced the moment capacity
of the joints, which could be estimated by superpos-
ing the capacities due to the bare-steel joint and the
slab reinforcement. Lawson proposed simple design
rules (later withdrawn) based on BS5950 Part §
(BSI, 2003) for designing simply supported beams
in fire taking into account the joint moments. Al-
though these tests results provided insufficient data
to describe full moment-rotation-temperature char-
acteristics of the joints, they did provide essential in-
formation for early attempts at joint modelling.

The first systematic series of high-temperature
tests producing moment-rotation curves at different

7
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~

Figure 5: Equivalent (a) and simplified (b) spring models after EC3-1.8.
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temperatures were conducted by Leston-Jones
(1997) in work done at the University of Sheffield
and BRE. Eleven tests were carried out on flush
end-plate joints, both bare-steel and composite, us-
ing small standard sections, including two tests at
ambient temperature. Both stiffness and moment
capacity decreased with increasing temperature, par-
ticularly in the range 500-600°C. These tests pro-
vide useful data for connection modelling, although
their range of details is very limited, and allow veri-
fication against earlier ambient-temperature tests by
Davison et al. (1987). Continuing Leston-Jones’s
work at a time when the data from the full-scale tests
at Cardington was becoming available, Al-Jabri
(1999) extended the scope of this test programme to
study the influence of parameters such as member
size, connection type and different failure mecha-
nisms. In total 20 tests were conducted on flush
end-plates with different section sizes and on flexi-
ble end-plate joints, both bare-steel and composite.
Particular attention was given to joint details used in
the composite building at Cardington. Fig. 6 shows
the furnace and experimental fire testing set-up used
by both Leston-Jones and Al-Jabri.
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Figure 6: Cruciform test scheme used by Leston-Jones (1997)
and Al-Jabri (1999).

During the course of this project data and obser-
vations from the Cardington full-scale frame fire
tests made it apparent that moment-rotation tests on
isolated joints are not sufficient to describe the be-
haviour of joints and connections in framed build-
ings in fire. The very high axial forces in the beams
caused by the restraint to thermal expansion had
clearly had a major influence, which was particu-
larly evident from the extent of local buckling near
the beam ends.

Some moment-rotation testing in fire has contin-
ued since this time, largely in order to validate non-
linear FE modelling approaches. Two axially unre-
strained cruciform joints with extended end-plate
connections, using relatively large beam and column
sections, have recently been tested in China by Lou
and Li (2006). Whereas these connections failed by

buckling of the column web at ambient temperature,
the failure mode changed at elevated temperatures to
fracture of the bolts and yielding of the column web
in tension, even though the end-plate temperatures
close to the bolts were lower than the column web
temperature.

1.4 4.2 Restrained high-temperature joint testing

Despite the evident importance of modelling the be-
haviour of unprotected joints in a restrained condi-
tion at high temperatures, no experimental studies
concerned with this matter have yet been published
in the open literature at the time of writing.

In a joint project of the Universities of Manches-
ter (Liu et al. 2002) and Sheffield (Allam, 2003),
some loaded furnace tests on restrained beams sup-
ported by columns creating ‘rugby-post’ frames
were conducted. The columns and connections were
fire-protected, and remained at relatively low tem-
peratures, and the main aim was to investigate the
effects of translational and rotational restraint to the
beam. High axial compressive forces were recorded
early in the fire, but as the vertical beam deflections
increased these progressively changed into tension
(catenary force) and increased the failure tempera-
ture of the beam considerably compared with the un-
restrained condition.  Although, the connections
were protected the tests gave practical evidence of
the axial forces acting on a connection at elevated
temperatures following the standard fire curve. In
retrospect it is unfortunate that no information on the
forces in the beam or connections was recorded in
the cooling phase.

A hitherto unpublished experimental series of six
internal extended end-plate joints has been tested at
temperatures between 400°C and 700°C by Qian
(2006) and Tan in Singapore. These tests were de-
signed to examine particularly the shear panel at the
end of the connected beam. The first three tests
were conducted at 700°C with different actively-
applied axial force in the beams. These tests failed
in combinations of end-plate bending and shear de-
formation of the shear panel. In the remaining three
tests, the end-plate thickness was increased to 40mm
in order to isolate the shear panels. These tests were
conducted at 400°C, 550°C and 700°C, and the ca-
pacity of the shear panels reduced as expected with
increasing temperature. This test data is currently in
press, and will provide an opportunity to validate the
different approaches to modelling steel connections
in fire, including the effects of restraint.

5 HIGH-TEMPERATURE COMPONENT
TESTING

Spyrou et al. (2004a) conducted an experimental in-
vestigation of the performance of the tension and
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compression zones of steel joints at elevated tem-
peratures. These steady-state tests included 45 T-
stubs in tension and 29 column web transverse com-
pression tests, most of them at elevated tempera-
tures. Simplified mechanical models of both the
tension and compression zones were developed and
compared with the experimental results. The ana-
lytical model for the tension T-stubs proved capable
of predicting with reasonable accuracy the failure in
any one of the three classic modes (Fig. 7):

1. Formation of plastic hinges in the flange near
the web followed by bolt yield and fracture,

2. Formation of plastic hinges in the flanges near
the web and the bolt lines followed by bolt
yield and fracture,

3. Bolt yield and fracture with the flanges
remaining elastic.

1st failure
mode

2nd failure
mode

3rd failure
mode

|

T Q

Figure 7: The three failure modes of a T-stub in tension.

Spyrou (2004b) also examined the main compo-
nent of the compression zone for major-axis flush
end-plate joints, which is the column web, com-
pressed by the lower beam flange through the end-
plate and the column flange. He tested 29 such ar-
rangements under steady-state temperature condi-
tions, using the furnace setup shown in Fig. 8.

Reaction Compression Force
frame —~ 7 [Fumace Reaction frame
Specimen —— ]

]

Figure 8: Arrangement for compression zone tests.
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Spyrou developed a semi-empirical mechanical
model for ultimate compressive force after compar-
ing a large number of previously published equa-
tions with his tests at elevated temperatures. Even-
tually he adapted an ambient-temperature equation
by Drdacky (1977), originally derived for thick plate

girder webs, to the form
t 1.6¢ 2p
P, =12 JE /i 0.65 4
u wce WCO-WC ZM/C { + {( dulc j( 2ﬂ + CJ}} ( )

where [ is defined in Fig. 9. The EC3-1.2 strength
and stiffness reduction factors are used to reduce the
yield strength and Young’s modulus of the web ma-
terial.
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Figure 9: Assumed mechanism of web yielding.

An empirical model for the curve prior to the ul-
timate state was derived based on experimental ob-
servations, together with 2-D and 3-D finite element
analyses. The results from these finite element
analyses and the simplified model compared very
well with the test results, over the whole range of
tests. The clear logic of the comparison was that the
load capacity of the compressed web is essentially
controlled by the development of plasticity in the
web-plate, and that inelastic buckling is essentially a
secondary effect. This was repeated across the
whole range of web slenderness tested, as well as for
some more slender webs analysed using ANSYS.

Block (2005a, 2005b) extended Spyrou’s work on
the column web compression zone, to take account
of the possible effect of superstructure loading in the
column on the resistance of the web-plate to hori-
zontal patch compression. Kuhlmann and Kiihne-
mund (2000) have shown that the compression zone
in the column web is critical if rotational capacity is
needed, especially in composite connections. It is
even more important in fire because of the large
compressive forces which can be induced in the col-
umn web due to thermal expansion of the beams.
They also showed that the characteristics of this
zone can be significantly affected by the normal ax-
ial load in the column interacting with the transverse
loads on the column web induced by beam effects.
The present work therefore extends Spyrou’s ap-
proach by developing a suitable representation for
this part of the joint for inclusion in the overall
spring model.

The simplified model for predicting the force-
displacement behaviour of the compression zone at



elevated temperatures is defined by three aspects —
its ultimate resistance, the corresponding displace-
ment, and a suitable force displacement relationship.
In the present formulation, the ultimate resistance is
based on a proposal by Lagerqvist and Johansson
(1996). This assumes a series of plastic hinges form-
ing in the column flange in combination with yield-
ing of the web, with a reduction to account for buck-
ling in slender webs. The displacement at ultimate
load takes the form of an empirical equation which
has been fitted to a large number of finite element
models, varying geometrical and material parame-
ters. Finally the force-displacement relationship is
obtained by a curve-fitting approach using the initial
stiffness approach given in the EC3-1.8 and a Ram-
berg-Osgood type of equation. The effects of ele-
vated temperatures are accounted for by using the
temperature reduction factors for steel given in EC3-
1.2.

The reduction factor proposed by Kuhlmann and
Kiithnemund to account for axial forces in the col-
umn has been included, again with a modification to
allow for elevated-temperature conditions. The ulti-
mate strength of the column web under a combina-
tion of transverse and axial loads is then given as a
function of temperature.

6 THE COMPONENT METHOD IN FIRE

In this paper two different component-based ap-
proaches are taken to modelling the behaviour of
end-plate joints at elevated temperatures. These ap-
proaches are each quite valid, but represent different
levels of possible analysis for performance-based
design.

1.5 6.1 Modified Rotational Model.

A logical way of adapting the ambient-temperature
Component Method’s calculation of joint rotational
stiffnesses to high-temperature conditions has been
used by Simdes da Silva et al. (2001b), and by Al-
Jabri et al. (2005). This is to apply the ambient-

temperature component models given in EC3 Part
1.8, using the material reduction factors given in
EC3 Part 1.2 for stiffness, limit of proportionality
and yield to amend the mechanical characteristics of
the main components at high temperatures. This
method focuses on establishing elevated-temperature
rotational characteristics for end-plate beam-to-
column steel joints, but does not directly include the
normal stiffness or strength of the connection in the
direction of the beam axis, and therefore does not al-
low the connection to contribute its flexibility or
ductility to the estimation of beam forces. Neverthe-
less, it is capable of offering a practical and eco-
nomical way of introducing rotational joint behav-
iour into whole-frame modelling in fire, while
giving upper-bound solutions for the joint’s tying
force.

The moment capacity and rotational stiffness of a
joint are calculated according to the principles set
out in equations (2) and (3). The individual compo-
nent stiffnesses and strengths may be derived either
from research studies such as those by Spyrou and
Block, based either on testing or on non-linear nu-
merical analysis. Alternatively the calculation pro-
cedures and equations set out in EC3-1.8 for these
characteristics at ambient temperature may be used,
provided that the Young‘s modulus and yield
strength are multiplied by the appropriate EC3-1.2
reduction factors kz ¢ and k, ¢ for elevated tempera-
tures. This was the method employed by Simdes da
Silva et al. (2001b). This method was compared
with the results from the testing by Al-Jabri (1999),
with very reasonable correlation being obtained,
even under the restriction of an isothermal assump-
tion. An advantage of this method is that, at least for
end-plate connections, it is possible to take advan-
tage of the results of 20 to 30 years’ research which
has culminated in the component models provided in
EC3-1.8. Its principal disadvantage is that it is
aimed at producing only the rotational characteris-
tics of joints.

Figure 10: Component model under pure moment and axial force combined with moment.
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1.6 6.2 General Connection Element.

The second method is the more general one, of as-
sembling the components into a connection element
and using this within the numerical analysis software
directly. In this case no “rotational stiffness” is as-
signed to the connection, but any component for
which characteristics have been defined will mobi-
lise its own displacement degree of freedom as part
of the overall equilibrium of the joint.

In the context of whole-structure modelling in
fire, the justification for using a component-based
approach is more compelling than simply obtaining
reductions of rotational charactersitics. Structural
members will undergo considerable thermal expan-
sion in fire, with strains much greater than normal
yield strain levels for typical structural materials
such as steel. For exposed beams these expansions
will be resisted by restraint from columns, bracing,
building cores, attached slabs and adjacent structure.
In addition to this effect, the material weakens pro-
gressively as it heats, and thus the beam loses its ca-
pacity to resist its loads in bending. Thus beams
may be subjected, at different times during a fire, to:
e High compressive forces as heated beams expand

against restraint.

e Tensile forces close to the high-temperature ca-
pacity when bending action has been supplanted
as the main load-carrying mechanism by catenary
tension at very high temperatures.

e Very high tensile forces as a member shrinks and
stiffens simultaneously during cooling.

The joints connecting the members to columns
are subjected to these high normal forces, in addition
to the vertical shear (for which they have probably
been designed at ambient temperature) and rotation.
It is therefore of limited use to attempt to model the
connections as part of a larger structure in fire condi-
tions on the basis of moment-rotation-temperature
characteristics alone. Clearly it is impractical to es-
tablish databases with full variation of moment, rota-
tion, temperature, normal force and normal deflec-
tion for a range of typical connections. However, if
a connection is modelled as its appropriate assembly
of components, each with an established nonlinear
temperature-dependent axial force-deflection charac-
teristic, this assembly can simply be placed at the
beam-end, connecting it to the column face, and the
mathematical linkage between the rotational and
normal degrees of freedom of the connection is re-
placed by the compatibility conditions between the
beam-end and the column-face. This reduces the
problem to one of establishing, either by modelling
or testing, the normal force-deflection characteristics
at different temperatures for the relatively simple
component springs.

This was the rationale which underpinned the
work by Spyrou ez al. (2004%, 2004%) in developing
simplified force-deflection-temperature models for
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the tension and compression zones of end-plate con-
nections. He was able to demonstrate good correla-
tion with previous elevated-temperature moment-
rotation tests, but did not formulate a full connection
element, and of course at the time no test data was
available which included a net normal force on the
column through the connection. Other researchers
(Vimonsatit et al. 2006°, Tan et al. 2006) have de-
veloped complementary analytical descriptions for
primary mechanical components, so that an adequate
basis now exists for mechanical modelling of steel
beam-to-column end-plate joints, although there is
room for refinement of the component models.

Block (2006) has constructed a general compo-
nent-based connection element to be used in global
high-temperature frame analysis, using the basic
spring model shown in Fig. 11.

w
¢§—>u

Figure 11: Spring model representing a typical joint.

This was developed from a simpler model by
Spyrou (2002) to represent a real end plate joint as a
number of discrete components: endplate in bending,
column flange in bending, bolts in tension, and col-
umn web in compression. The first three compo-
nents form the tension zone of the connection and
are combined as two T-stubs in series. An addi-
tional vertical shear spring, currently assumed to be
rigid in the absence of the necessary studies to pro-
duce a component model, is included in order to
transfer the vertical load from one node to another,
leaving the vertical and horizontal stiffnesses of the
element uncoupled.

An alternative to this approach would be to use a
diagonal component spring in a beam end-panel of
finite length, and since this is a direct analogy to the
tension field which carries shear to the connection
this has some attractions. Qian (2007) has investi-
gated this shear panel experimentally, over specific
ranges of web slenderness, but at the present time



this work has not yet produced a working model for
the beam-end shear component.

7 CONCLUSION

Some experimental validation of component
methods in fire conditions has been done by Simdes
da Silva (2001b), Al-Jabri (2005) and Block et al.
(2006). A typical comparison, in this case by Block,
using the general connection element with Leston-
Jones’s tests is shown in Fig. 12.
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Figure 12: Comparison of the element with high-temperature
tests BFEP 5 and BFEP 15 by Leston-Jones.

Although similar comparisons have been done by
others, in common with Block’s comparison they
suffer from the nature of the test evidence itself. As
has been stated previously, there is currently very lit-
tle data from furnace tests which include normal
force on the connection zone; this is clearly an ex-
tremely complex and potentially expensive form of
testing which is beyond the normal capabilities of
test furnaces. The tests by Liu et al. (2002) on
“rugby-post” frames were not really intended to im-
pose restraint conditions on the connections them-
selves but on the beam members, and so the joints
were protected in these tests. There is a clear need
for properly instrumented testing of connections un-
der the full range of combinations of moment and
normal force which would be experienced in framed
structures. The use of restraint to thermal expansion
in loaded frames such as Liu’s gives too limited a
range of combinations for validation of the compo-
nent-based models, because it is unlikely ever to be
feasible to test such frames of the range of spans
which are common in contemporary steel and com-
posite buildings.

Under many circumstances it is likely that both
the types of component modelling presented above
will produce very similar results when used in struc-
tural modelling. This will not be the case when con-
nections are relatively ductile, or when the normal
force (in either direction) dominates the connection

moment. This is especially important in full-
structure or extended substructure analysis, when
connection ductility in the sense normal to the col-
umn can allow enough beam deflection to reduce the
joint force to a level which can be sustained by the
connection. If this ductility is not present beam
forces in catenary action can be extremely high. The
full component-based connection model therefore al-
lows the designer to amend the connection detail so
that the required ductility is present without causing
fracture of parts of the connection.
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Fire analysis on steel portal frames damaged after earthquake according

to performance based design

B. Faggiano, M. Esposto, F.M. Mazzolani & R. Landolfo

University of Naples Federico II, Naples, Italy

ABSTRACT: The fire resistance of structures damaged after an earthquake represents an important study
field, since earthquakes are often followed by fires. Consequently, the effects of structural damage on both the
fire resistance and the collapse modes of structures must be estimated. This paper presents a methodology for
the evaluation of the post earthquake fire behaviour of structures. It is based on coupled thermal — structural
analyses carried out by means of the sophisticated finite element program ABAQUS. The state of earthquake
induced damage on structures, corresponding to pre-fixed performance levels, is firstly evaluated by means of
nonlinear static pushover analyses. The succeeding structural analyses under fire of the damaged structures
allow to correlate the fire behaviour to the seismic performance levels. Preliminary applications have con-

cerned simple steel portal frames.

1 INTRODUCTION

The behaviour in fire of structures which have been
damaged by earthquakes represents an important in-
vestigation field since in many cases fires break out
after a seismic event, giving rise to a real catastro-
phe. In fact negative effects of fires on structures
and human lives may be comparable to those of the
earthquake itself. Moreover, even in case no fire de-
velops immediately after an earthquake, the possibil-
ity of delayed fires affecting the structure must be
adequately taken into account, since the earthquake
induced damage makes the structure more vulner-
able to fire effects than the undamaged one. This is
because the consequence of fire on a structural sys-
tem is mainly a gradual decay of the mechanical
properties as far as temperature grows. It is apparent
that the more the structural behaviour is degraded af-
ter an earthquake the more time up to collapse due to
fire is short.

In recent years, a number of studies on the behav-
iour of steel structures damaged by earthquakes and
exposed to fires have been carried out (Della Corte
et al. 2001, 2003a, b, 2005; Faggiano et al. 2005). In
this framework, a series of further more refined nu-
merical investigations is ongoing, in order to achieve
a deeper knowledge of the problem. At this aim, the
finite element multi purpose computer program
ABAQUS v.6.5 (2004) has been used, which allows
to perform coupled thermal-displacement analyses,
so giving the possibility to reproduce, in a step-by-
step process, the actual phases of the modelled phe-

nomenon, from the application of the vertical loads
and the earthquake induced damage up to the expo-
sure of the structure to fire. In this paper the general
methodology of investigation is presented and a pre-
liminary application on simple steel portal frames il-
lustrated and discussed.

2 ANALYSIS METHODOLOGY

The aim of the study is to identify a method of

analysis for the evaluation of the fire behaviour of

structures already damaged by an earthquake, in
terms of fire resistance and collapse modes.

The seismic damage on the structures is deter-
mined according to the Performance-Based Earth-
quake-Resistant Design (SEAOC 1995), which
states the acceptability of various levels of damage
on the bases of the consequences on the user com-
munity, related to the expected return period of the
earthquake. In particular, four performance levels
are considered:

1 Fully Operational (FO), in which no damage oc-
curs — consequences on the building user com-
munity are negligible;

2 Operational (O), in which moderate damage to
non-structural elements and contents, and light
damage to structural elements occurs — the dam-
age does not compromise the safety of the build-
ing for the occupancy;

3 Life Safe (LS, damage state), in which moderate
damage to structural and non-structural elements
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occurs — the structure’s lateral stiffness and abil-
ity to resist additional lateral loads is reduced, but
some safety margins against collapse remain;

4 Near Collapse (NC, extreme state), in which the
lateral and vertical load resistance of the building
is substantially compromised - aftershocks could
result in partial or total collapse of the structure.

The corresponding engagements in terms of intersto-

rey drift (&/h, where J is the interstorey lateral dis-

placement and h is the interstorey height) and plastic
rotations (®) are also indicated; they are reported in

Table 1.

Table 1. Seismic performance levels of structures (SEAOC Vi-
sion 2000).

Performance  Interstorey drifts  Plastic rotations

level (6/h) (0, rad)

FO 0.002 — 0.005 0 (elastic range)

o 0.002 - 0.01 ~ 0 (negligible damage)
LS 0.01 -0.02 0.01-0.03

NC 0.02-0.04 0.02-0.05

The analysis procedure is articulated in three differ-

ent phases:

1 Seismic pushover analysis of structures subjected
to vertical loads;

2 Identification of the performance levels, accord-
ing to the mentioned SEAOC indications;

3 Analysis under fire of the structures already dam-
aged by earthquake, starting from each previously
defined performance levels.

As examples for the application of the set up proce-
dure, simple steel portal frames are considered. In
particular, preliminary, the fire behaviour of the
study frames in presence of vertical design loads
only is analysed as reference case to be compared
with the damaged ones.

3 STUDY CASES

Four study cases are presented (Fig. 1). They are
simple steel portal frames, characterized by two dif-
ferent steel grades (S235 and S275) and different
span over height (L/H) ratios (L/H =1 and L/H = 2).

LH1 LH2
iiliiila Foyddddidd P yeiiiiiya
c D c M D
- IPE 180 | _ - IPE300 |
5 5235 5 ; 5235 g
E 5275 E E 5275 E
A B A B
35m 7.0m
Study case L H Steel Beam Column
[m] [m] grade size size
LH1S235 3.5 3.5 8235 IPE180 HEBI180
LH1S275 3.5 3.5 S275 IPE180 HEBI180
LH2S235 7.0 3.5 8S235 IPE300  HEB300
LH2S275 7.0 3.5 S275 IPE300  HEB300

Figure 1. Design data.
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The study structures are designed at both ultimate
(ULS) and serviceability (SLS) limit states accord-
ing to European standard rules for seismic design
(CEN 2004). The dead load is Gy = 4.5 kN/m? and
the live load is Qg = 2.0 kN/m®. For the seismic de-
sign, a PGA equal to 0.35g and an A-type soil are
considered. The assumed inter-axis is 3.0 m.

The design of structures is carried out considering
the steel grade S235, besides the same portal frames,
made of steel grade S275 are examined, allowing for
a larger structural overstrength. The latter is quanti-
fied as the inverse of the exploitation ratio osd/fy
(defined as the ratio between the maximum and the
yielding stresses at ULS). As long as the over-
strength is larger, the fire resistance increases. In
fact, since the fire effects on the structures mainly
consist of a strong reduction of the material me-
chanical properties, the overstrength gives a useful
information about the resistance reserves in the
structure: the more the structure is endowed with
such resistance supply, the more the resistance re-
duction (and the fire duration) must be large for
reaching the collapse. In Table 2 the exploitation ra-
tios for the study cases, calculated in the most en-
gaged section of both beams and columns, are evi-
denced.

Table 2. Exploitation ratios (csq4/fy).

Study case Beam Column
LH1S235 0.86 0.70
LH1S275 0.73 0.60
LH2S235 0.96 0.51
LH2S8275 0.83 0.44

4 FEM MODELS

The numerical analyses are carried out by means of
the sophisticated finite element program ABAQUS
v.6.5 (2004), which allows to perform fully coupled
temperature — displacement transient analyses. Con-
sequently, the mechanical and thermal aspects of the
problem can be treated simultaneously and the mu-
tual interactions can be easily caught. This proce-
dure is different from the one usually applied in
thermal analyses where, for the sake of simplicity,
the heat transfer analysis and the structural one are
performed separately (uncoupled analyses). In par-
ticular, in such cases, the heat transfer analysis is
carried out as preliminary step, in order to evaluate
the temperature — time law within the structural ele-
ments; subsequently, the structural analysis under
design loads is carried out, by imposing to the mem-
ber the temperature variation obtained in the first
step.

The materials are modelled considering the de-
pendence of their physical and mechanical proper-
ties on the temperature, according to the indications
of Eurocode 3, part 1-2, related to the structural fire



design of steel structures (CEN 2003). In Figure 2
the adimensional yield stress and Young modulus,
scaled to their values at 20°C, are plotted in function
of the temperature (T).
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Figure 2. Mechanical properties of steel as a function of tem-
perature.
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Fixed restraints are imposed at the base of the col-
umns; moreover an internal tie constraint, which
prevents relative motions between the adjacent sur-
faces, is applied to the beam-to-column connection,
in order to model a rigid node. No continuity plates
are located in the nodal area of the columns.

Tridimensional linear thermally coupled solid fi-
nite elements with reduced integration (C3D8RT)
are used in the model, which are endowed with both
translational and thermal degrees of freedom. The
finite element meshes of the study case portal frames
are shown in Figure 3.

LH2

Figure 3. FEM models of the LH1 and LH2 frames.

The vertical loads on the structures are modelled
through a uniform distributed pressure on the top
face of the beam flange (Fig. 3), whereas for the
pushover analyses increasing lateral displacements
are imposed at the top of the column.

The fire phenomenon is modelled by means of
the ISO834 standard curve (Fig. 4), which represents
the ambient temperature during the fire as a function
of time. The heat transmission due to radiation from
the ambient where the fire develops to the external
surfaces of the structural members is also modelled.
All the members surfaces are considered as exposed
to fire. The emissivity of steel is assumed equal to
0.5, which is an intermediate value between those of
zinc-plated and oxidized steel. The temperature
transmission within the structural members is mod-
elled by assigning the thermal conductivity, the mass
density and the specific heat of the material, as a
function of temperature according to Eurocode 3,
part 1-2 (CEN 2003).

1200
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Figure 4. ISO834 fire standard curve.

5 FIRE EFFECTS UNDER VERTICAL LOADS

Preliminary fire analyses of structures in presence of
vertical loads only are carried out.

Figure 5 shows the values of temperature both in
the ambient, according to the ISO834 standard fire
curve, and in two points of the mid-span cross sec-
tion of the beam (M), namely the centre of mass (G)
and a point on the top flange superior surface (F),
during the first 20 minutes of analysis. It is possible
to observe that the temperature increment in the
beam is slower than that in the ambient (as it was
expected, due to the radiation heat transfer mecha-
nism) up to reach the ambient temperature in ap-
proximately 20 minutes; moreover the temperature
in the beam centre of mass grows more rapidly than
in the beam flange, due to a lower thermal inertia in
the beam web as respect to the beam flanges.

T ambient -~ -+ TGLH1 - - - - TFLHI
1000 | T[°C] |—TGLE2 TFLH2

500
600
400
200

time [2]
0

0 240 480 720 960 1200

Figure 5. Time — temperature curves during the first 20 min-
utes of fire.
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For all the examined structures the collapse condi-
tion is the formation of three plastic hinges in the
beam (beam mechanism — Fig. 6). The fire resis-
tance is calculated as the time necessary for reaching
a 0.05 rad plastic rotation in the most engaged plas-
tic hinge.

Figure 6. Beam mechanisms for the frames collapsed in fire in
presence of vertical loads.

In Table 3 the fire resistance of the study portal
frames is reported with relation to the geometrical
ratio L/H, the overstrength f,/csq and the S/V ratios,
the latter being the massivity ratio, such as the ratio
between the lateral surface and the volume, per unit
length, of a structural member.

Table 3. Fire resistance of portal frames in presence of vertical
loads.

Study L/H S/vV fy/Cs4 R [min]
case Beam Column Beam Column

LH1S235 1 291 159 1.79  2.22 14°24”
LH1S275 1 291 159 2.10 2.60 15°20”
LH2S235 2 215 116 1.56 1.89 15°23”
LH2S275 2 215 116 1.82 222 16’10~

On the basis of the obtained results, it can be ob-
served that the fire resistance of the selected portal
frames in presence of vertical loads increases as the
L/H ratio increases and the S/V ratio decreases.
Moreover, for each frame geometry, to an over-
strength increment (due to the higher steel grade) of
about 15%, the corresponding fire resistance incre-
ment is of about 5%; for each steel grade, to a mas-
sivity ratio decrement due to larger size members
(i.e. different frame geometry) of about 35%, the
corresponding fire resistance increment is of about
5%. It is worth noticing that the larger overstrength
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in the columns than in the beams can favour the
beam mechanism collapse mode.

6 SEISMIC PUSHOVER ANALYSES

The seismic pushover analyses of the study struc-

tures in presence of vertical loads are carried out in

order to define the state of earthquake induced dam-
age corresponding to the pre-fixed performance lev-
els.

In particular, the considered performance levels
are quantitatively defined as it follows:

— Fully Operational (FO): 6/h = 0.5%;

— Operational (O): 6/h = 1.0%;

— Life Safe (LS): 6/h = 2.0%;

— Near Collapse (NC): two conditions have been
considered: 6/h = 3.0% (NC,;); maximum plastic
hinge rotation equal to 0.05 rad (NC,).

The results are presented in terms of the capacity
curve, such as base shear (V) versus lateral drift
(0/h) at the beam centre of mass (Figs. 7-10). For
each performance level, the distribution of inelastic
deformation within the frame and the amount of
plastic rotations at the nodes are indicated. Each per-
formance level is also associated with the PGA of
the earthquake inducing the corresponding damage
state.
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Figure 7. Pushover curve for the LH1S235 study case.
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Figure 8. Pushover curve for the LH1S275 study case.
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Figure 10. Pushover curve for the LH2S275 study case.

From the analysis of results it can be noticed that for
frames designed with S235 steel grade some extent
of inelastic deformation, although a very modest
one, occurs already at the FO level. This is because

the design seismic force is smaller than the one in-
ducing the Fully Operational condition and the over-
strength is not so large to allow the elastic behaviour
up to the conventional FO force.

In all cases the collapse occurs as global mecha-
nism, with the formation of plastic hinges at the col-
umn bases and at the beam ends.

7 FIRE AFTER EARTHQUAKE ANALYSES

The damaged states of the structures, characterizing
the performance levels, are considered as initial con-
figurations for the fire analysis, aiming at the
evaluation of the effect of the seismic induced dam-
age on the fire resistance and the collapse mode of
the study structures.

The seismic damage to the structure is produced
by imposing, at the top of the column, a displace-
ment corresponding to the selected performance
level. Then, the imposed displacement is removed
and the elastic part of that displacement recovered.

The fire is applied on the permanent deformed
configuration.

The performance levels considered as starting
points for the fire applications are FO, O, LS and
NC;. In all cases the collapse condition, assumed for
the determination of the fire resistance of the struc-
ture, is the NC,, i.e. achievement of a 0.05 rad plas-
tic rotation in at least one hinge of the structure.

The results of the fire analyses on the structures
damaged by earthquake are shown in Table 4. In
particular, for each performance level, the fire resis-
tance and the cross section where the 0.05 rad plastic
hinge develops are indicated.

Table 4. Fire resistance of seismic damaged structures.

Portal Performance  Fire resistance 0.05 plastic
frame level R [min] hinge
LH1S235 FO 14’ 24” M

o 14’ 22” M

LS 14° 20~ D

NC, 14> 18” D
LH1S275 FO 15° 20~ M

o 15’ 18” M

LS 15’ 15” D

NC, 15’137 D
LH2 S235 FO 15’ 23” M

o 15°23” M

LS 15° 20~ D

NC, 15’ 16” D
LH2 S275 FO 16’ 10~ M

o 16’ 10” M

LS 16’ 077 D

NC, 16’ 057 D

In all cases the collapse mechanism is a beam
mechanism. In Figure 11 the collapse conditions
achieved in fire starting from the NC; performance
level are shown.
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From the analysis of the results the following ob-
servations can be drawn:

— Fully Operational performance level: essentially
no damage is present; the fire resistance and the
collapse mechanisms are those of the undamaged
structure;

— Operational performance level: the damage is
negligible; the fire resistance and the collapse
mechanism are substantially the same as respect
to the FO level.

— Life Safe and Near Collapse (NC,) performance
levels: the damage is significant; there is a small
reduction of the fire resistance; as respect to the
undamaged structure the 0.05 rad plastic hinge
moves from the beam mid-span to the beam-to-
column node D. The small reduction in terms of
fire resistance is justified considering that, al-
though the structure presents an initial damage
state which would lead towards a global collapse
mechanism, the fire application induces a beam
collapse mode and the critical plastic hinge is the
one at the beam-to-column node D.

p———y |

l .

Figure 11. Fire after NC; earthquake collapse modes.

8 CONCLUSIVE REMARKS AND FURTHER
DEVELOPMENTS

A methodology for the analysis of the behaviour of
structures subjected to fire after being damaged by
the earthquake has been set up and proposed.

The evaluation tool, such as a refined software
for structural analysis which allows to carry out
coupled temperature — displacement analyses, has
been used. Therefore, the earthquake induced dam-
age state, corresponding to different performance
levels of the structure, has been characterized by
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means of nonlinear static pushover analyses. Then,
the effect of fire on the damaged structures, in terms
of both fire resistance and mode of collapse, has
been evaluated.

As a first step of a campaign of numerical inves-
tigations aimed at evaluating, by means of coupled
temperature — displacement analyses, the post earth-
quake fire resistance of steel frames, the methodol-
ogy has been applied to simple structural schemes
such as steel portal frames. Further studies are
needed and will be carried out, in order to have a
deeper comprehension of the study phenomenon.
First of all, parametrical analyses will be performed,
focusing on the influence of some parameters such
as the span-to-height L/H ratio, the overstrength, the
massivity S/V ratio. Then, the analyses will be ex-
tended to multi-span multi-storey moment resisting
steel frames, where also the influence of the fire po-
sition in the frame will be evaluated.
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Precious and Cossfire: Two RFCS projects on joints subjected to fire

J.-M. Franssen & F. Hanus
University of Liege, Belgium

ABSTRACT: Various experimental works have been carried out on the behaviour of steel connections for
steel and composite structures under standard fire conditions around Europe, but global systematic analysis is
still missing to give fully confident and practical design rules of steel connections exposed to fire conditions.
Moreover, the behaviour of connections could be very different from the behavior shown under standard fire,
either after seismic loading or under natural fire conditions. RFCS has funded two projects aiming at under-
standing the behavior of joints under fire and integrating some simple design rules in the fire parts of Euro-
codes 3 and 4. PRECIOUS studies the residual fire resistance of some composite connections after they have
been submitted to a seismic loading. It is intended to develop fundamental data, design procedures and pro-
motion of two types of ductile and fire-resistant composite beam-to-column joints. COSSFIRE seeks to ob-
tain a better understanding about the fire behaviour of steel connections, and to develop simple design rules
for European application on connections of steel structures when exposed to fire, covering both natural and

standard fire conditions.
1 PRECIOUS

1.1 Partners of the project

The project started in July 2003. The coordinator
is the University of Trento (Italy). The other con-
tractors are the University of Pisa (Italy), Ferriere
Nord (Italy), Arcelor (Luxemburg), the University of
Navarra (Spain), BRE (UK) and the University of
Liege (Belgium).

1.2 Objectives

Precious considers the situation of an earthquake
immediately followed by significant conflagrations.
The first step is the definition and the design of con-
figurations of joints for seismic and fire loadings.
Scope of the second step is the analysis of the me-
chanical and thermal behaviour of the chosen ty-
pologies and the extension of the numerical investi-
gation to other types of precast structural assemblies
in order to cover a broader range of structural types.
The aim of the third step is the derivation of design
procedures and the promotion of the investigated
joint solutions.

1.3 Tests procedure

Since this project intends to analyse the behaviour
of joints under fire after having been submitted to an
earthquake, fire tests have to be undertaken on dam-
aged specimens. University of Trento performed a
series of tests under monotonic and cyclic loading

tha made possible the definition of a monotonic
loading equivalent to seismic excitations in terms of
damage. Then, BRE performed fire tests under stan-
dard ISO curve on identical specimens that were
pre-damaged by a monotonic loading.

1.4 Type I joint

The original lay-out of type 1 joint is the one al-
ready defined in previous research programmes.
This choice is taken since the joint performed well
under seismic loading. Then the joint has been modi-
fied to take into account the situation in which a fire
followed an earthquake.

This joint consists in an extended end-plate with
four bolts rows connecting a composite beam to a
partially reinforced-concrete-encased column with I-
section. One bolt row is situated above the upper
beam flange and thermally protected by the concrete
slab which enable a slower decrease of resistance of
the most stressed bolt row. Stiffeners are welded be-
tween the column flanges at the same levels as the
beam flanges.

Two types of slabs were tested. The first one is a
composite steel-concrete slab with high ductile re-
bars, electrowelded meshes and profiled steel sheet-
ings (Figure 1). The second one is a prefabricated
concrete slab with high ductile rebars, electrowelded
meshes and electrowelded lattice girders (Figure 2).

Fire tests performed by BRE were simulated nu-
merically with the software SAFIR. The same

41



boundary conditions as those measured during the
experimental test were applied.

L TIME: 1800 sec

Figure 1 : Temperature after 30 minutes in joint 1 with a steel
profiled slab

Table 1 shows a good correlation between ex-
perimental and numerical results.
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Table 1 : Comparison between experimental and numerical
temperatures in joint 1 with steel profiled slab
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Table 2 : Comparison between experimental and numerical
temperatures in joint 1 with prefabricated slab

1.5 Type 2 joint

In the joint 2, a double-T profiled beam is con-
nected to a concrete filled tubular column with cir-
cular hollow steel section. A vertical fin-plate and
two horizontal triangular plates are welded to the
column by the edges.

Temperature distribution after 30 minutes in the
joint is given in Figure 3.

TIME: 1800 sec

Figure 3 : Temperature after 30 minutes in joint 2 with steel
profiled slab



2 COSSFIRE
2.1 Partners of the project

CTICM (France) is the coordinator of this project
that started in July 2006. The other contractors are
Efectis Nederland (The Netherlands), Corus (UK),
CSM (Italy) and the University of Li¢ge (Belgium).

2.2 Background

During the last decades, the fire research projects
carried out on steel buildings have been focused
firstly on the fire behaviour of single structural
members such as [1,2,3] and then on the behaviour
of global steel structures [4,5].

More recently, specific projects [6,7] have been
carried out with the intention of developing design
tools in order to provide a possibility of assessing
the global behaviour of steel structures [8,9] sub-
jected to fire, in particular under natural fire condi-
tions.

As a consequence of important findings using
global structural analysis, partially fire protected or
fully fire unprotected steel and composite structures
have been built more and more extensively around
Europe. However, in the assessment of global be-
haviour of buildings or civil works, not enough at-
tention has been paid to the behaviour of steel con-
nections under real fire conditions which is one of
the key factors to ensure the integrity function of
global steel structures during the whole period of
fire. According to available experiment data ob-
tained in recent ECSC research projects [4,5], steel
and composite connections could become a weak
point under fire situation. The natural fire tests
within a fire compartment of steel and concrete
composite floor building in Cardington (UK) [4] as
well as within an open car park (France) [5] have
clearly demonstrated the risk of connection failure
during real fires.
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Figure 4 : State of art about the existing research work on con-
nections in fire

In fact, it has been found that the forces and de-
formation of steel structures in a fire are very differ-
ent from those caused by the design load cases at
room temperature and the damage of connection
could occur particularly during the cooling stage of
the fire because the plastically deformed steel beams
contract significantly and create important tension
forces as indicated in some analytical investigations
such as in [10]. Moreover, the repair of the damaged
connections could be expensive or even impossible.
On the contrary, some types of connections behaved
surprisingly well, without any problem, during all
stages of fire. Therefore questions arise about the
appropriate type of connection to be used to get a
full performant integrated steel structure during both
heating and cooling phases of fire.

Rupture of bolts
during cooling
stage

Figure 5 : Rupture of bolts of steel connections during real
fires

The collapse of WTC Twin Towers on the 11" of
September 2001 has also left a quite important doubt
about the consequence of connection failure. Some
experts have alleged that the failure of connections
between truss beams and edge columns has played a
significant role in the final global collapse of the
above two towers. Furthermore, the damaged con-
nections (for example, distorted bolts and holes
bearing) were documented as a failure mode by the
investigating team regarding WTCS5, a 45 storey
building which collapsed several hours after WTC1
and WTC2 due to the sole effect of fire. Because of
the various questions arisen about the failure mecha-
nism of these buildings, the National Institute of
Standards and Technology (USA) has initiated an
international collaborative project in the scope of
CIB W14 [11] . In this project, it is mentioned :
“Current design methods, as the fire parts of Struc-
tural Eurocodes are mainly based on fire resistance
of single components and account very seldom for
the behaviour of inter-component connections.
Moreover, the role of structural connections to en-
able load transfer during a fire is not yet well known
and consequently generally ignored in structural de-
sign”.
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Another important parameter influencing the fire
resistance of composite floors is the connection con-
ditions between the composite or concrete slab and
edge steel members (edge beams and columns). It
has been clearly shown in a previous ECSC project
[6] by means of numerical analysis that a good con-
nection will lead to a much better fire resistance of
the floor due to the membrane effect created by this
connection. Nevertheless, how to achieve these so
called good connections under fire connections by
the most economic construction details is far from
clear. In addition, for the time being, there is an im-
portant lack of available technical data (both ex-
perimental and analytical) in this field.

2.3 Work programme and objectives

The work programme of this project includes :

- a detailed bibliographic analysis of both test
results and calculation models on connec-
tions under standard fire conditions ;

- some tests under natural fire heating condi-
tions (including the cooling phase) on con-
nection components, such as welding and
bolts, on full structural steel joints and on
connections between concrete slabs to bor-
der steel members in case of composite steel
members ;

- numerical simulations of existing available
experimental data on steel connection as
well as the fire tests to be performed within
the scope of both this project and the col-
laborative project of CIB W14 mentioned
previously ;

- development of simple design rules as well
as practical design guidance on various
commonly used types of connections for fire
situations.
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Behaviour of a cast in-situ concrete structure during a compartment fire

M. Gillie & T. Stratford
University of Edinburgh, United Kingdom

ABSTRACT: In July 2006 a full-scale compartment fire was set in an existing block of flats in Dalmarnock
Glasgow. Prior to ignition the structure surrounding the compartment was heavily instrumented and with de-
flection gauges, thermocouple and strain gauges. The fire itself was also carefully monitored. The resulting
data set is the first to describe the behaviour of a concrete structure in fire through a complete heating-cooling
cycle. This paper presents the data captured by the instrumentation associated with the structural aspects of

the test.

1 INTRODUCTION

This paper describes the structural aspects of a
fire test that took place at 4 Millerfield Place, Dal-
marnock, Glasgow on 25™ July 2006 on a cast in-
situ concrete structure. This paper is one of several
that will report on the range of experiments carried
out during July 2006 at Dalmarnock (“The Dalmar-
nock Fire Tests”).

The conventional method of testing structures for
fire resistance has been to subject single structural
elements to a Standard Fire Test (BS476, 1987) and
thus obtain a fire resistance rating in the form of a
time to failure. This approach has been severely
criticised in a number of ways, such as those dis-
cussed by Drysdale (1998), however, it is still
widely used. From a structural engineering point of
view, one of the most serious criticisms is that the
manner and time to failure of a single structural ele-
ment in a furnace test bears little relation to the time
to failure of a complete structural system. Furnace
tests therefore do not provide the information needed
to undertake performance-based designs of struc-
tures for resisting fire. Over the last ten years a con-
siderable amount of work has been undertaken into
understanding the global behaviour of steel and
steel-concrete composite structures in fire (e.g. Bai-
ley and Moore 2000; Elghazouli et al 2000, Gillie et
al 2001; Huang et al 2003). This work has included
both gathering of experimental data and analysis of
that data. As a result, the knowledge and computa-
tional tools available are now adequate for perform-
ance-based designs of this kind of structure to be
undertaken with confidence (e.g. Arup Fire, 2003).

By contrast, the understanding of the global be-
haviour of concrete structures has received relatively
little attention. This is in part due to the lack of ex-
perimental data on complete concrete structures in
fire and in part due to the difficulties associated with
numerical modelling of concrete structures. Fire
tests on complete concrete structures are infrequent.

Prior to the Dalmarnock test discussed here, the
most complete set of test data available was that
produced by a fire test on the RC frame at Carding-
ton, UK (Bailey, 2002; Canisius et al, 2003). Unfor-
tunately, however, this test suffered from instrumen-
tation failure prior to the end of the test and so the
dataset is incomplete. More recently, a number of
tests have been conducted on model-scale concrete
slabs with the aim of verifying design methods for
composite structures in fire (Bailey and Toh, 2006).

The test described in this paper is believed to be
first fire test on a concrete structure in which all of
the following applied:

o the fire load was “real”, resulting from office
furniture being burnt rather than from burn-
ing wooden cribs or gas,

e both the fire and structural behaviour were
monitored and well documented,

e the structure was a complete building rather
than a structural element or set of elements,

e data relating to the fire behaviour and struc-
tural behaviour was recorded during both the
heating and cooling phases of the fire.

The test has therefore provided both a valuable
description of the behaviour of concrete structure in
fire but also a unique set of data with which it will
be possible to benchmark numerical tools.

2 THE STRUCTURE

The Dalmarnock structure was built in 1964 as a
residential tower block. The 23-storey building was
made of cast in-situ reinforced concrete and each of
the upper floors contained 6 flats. Figure 1 gives a
general view of the structure. The fire test was con-
ducted in a flat on the fourth floor with the fire com-
partment being in the living room of the flat. A plan
view of the flat is shown in Fig. 2 and details of the
living room are given in Fig. 3. The room was in one
corner of the structure and so had two external walls.
The shorter of these was load bearing. The second
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was largely non-load bearing, although it did contain
two structural columns. Of the internal walls one
was structural and the second a light-weight partition
wall dividing the fire compartment from a kitchen of
the flat; this wall performed no structural function
but prevented high temperatures on its outer side.
The details of the support conditions of the slab
above the fire compartment were, therefore, quite
complex. However, the heated slab may be consid-
ered approximately as one-way spanning between
fixed supports. All these details are indicated in the
Fig. 3. The ceiling height was 2.4m

The nominal thickness of the slab was 150mm
and a survey using ground penetrating radar indi-
cated that it contained mesh reinforcement near its
lower surface over its entire area, with addition rein-
forcement near the top surface adjacent to the sup-
ports.

3 THE TEST SET-UP

3.1 The Fire Load

The fire load in the compartment consisted of office
furnishing, with the main fire load coming from a
sofa placed in the middle of the compartment. This
burnt in a # manner and produced a peak heat re-
lease rate of 800kW after 1300s. Other items of fur-
niture included bookshelves filled with paper, a
desk, computer and chair. The fire was started by
the ignition of a waster paper basket next to the sofa.

Ventilation to the compartment was provided by
an open door to the rest of the flat and, in the later
stages of the fire by the openings left by breaking
windows.

3.2 Instrumentation

Data recorded for the structural aspects of the test
included deflections of the ceiling and one wall of
the fire compartment; strains on the upper surface of
the ceiling of the compartment and temperatures
within the ceiling of the compartment.

Deflection measurements were taken with LVDT
displacement transducers. To monitor the deflec-
tions of the ceiling of the fire compartment an array
of 9 transducers were mounted on scaffold bars in
the room above fire. The arrangement is shown in
Fig 4 with each deflection gauge being assigned a
letter for ease of identification. Each deflection
gauge was identified by a capital letter and its coor-
dinates noted in the x-y system indicated in the fig-
ure. The scaffold bars were supported on the edge
of the floor slab in this room and so the deflections
recorded are changes relative to the edge of the slab;
any global change in the height of floor was not cap-
tured. The windows of this room were sealed to en-
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sure that hot gases did not enter and affect the in-
strumentation. Using a similar method, horizontal
deflections of the internal structural wall of the fire
compartment were monitored by three transducers
from a room adjacent to the fire (Fig. 2). As this
room filled with hot gases in the later stages of the
test, the recordings from these transducers are not
entirely reliable, however, as shown below, the de-
flections appear negligibly small.

Slab temperature measurements were taken by
means of thermocouples at six locations in the ceil-
ing above the fire compartment. At each location
temperatures were recorded at four depths in the
slab. Details are given in Fig. 5 where each group of
thermocouples are assigned a Greek letter for identi-
fication. The thermocouples were inserted in to the
slab by drilling an 18mm diameter hole through its
entire depth, inserting the thermocouples and then
filling the remaining space with cementitious grout.
Care was taken to ensure that a small layer of grout
was present between the lowest thermocouple and
fire compartment so that the temperature measure-
ments were those of the slab and not the hot gases.
The locations of thermocouples within the depth of
the slab is shown in the inset to Fig 5.

Strain measurements were taken at 22 locations
on the upper surface of the ceiling of the fire com-
partment as shown in Fig 6. Strains were recorded
by resistance strain gauges and the results later cor-
rected for temperature variations using the manufac-
turer’s correction curves. Temperatures were esti-
mated from the nearest thermocouple to each of the
strain gauges.

3.3 Test Procedure

Key events in the test are shown in Table 1.

4 RESULTS

Thermocouple readings from within the ceiling slab
are plotted in Fig 7. It is clear from these plots
firstly that the locations at which highest tempera-
tures occurred within the area of the slab were very
localized and secondly that the a steep thermal gra-
dient was produced in the slab. The readings at lo-
cation alpha are anomalous and it is suspected that
this is due to a failure of instrumentation.

The highest temperatures are recorded away from
the window of the compartment at locations delta
and epsilon. This occurred due to the ventilation to
the fire initially being supplied via the doorway; it
was only later in the fire that ventilation was avail-
able through the window of the compartment. The
localized nature of the heating is significant since it
is almost always assumed when performing calcula-
tions to determine the behaviour of heated structural
elements that there is no spatial variation of tem-



perature. These results show such an assumption
does not hold.

The high thermal capacity of concrete is illus-
trated by the manner in which the lower surface of
the slab is heated much more rapidly and to higher
temperatures than the internal part. It is also notice-
able that the temperature of the lower surface of the
slab dropped rapidly at all locations from around
1500s. This was due to fire-fighters spraying cold
water on the slab when the fire was being extin-
guished. The internal portions of the slab main-
tained their temperatures despite fire fighting activi-
ties, indeed, the upper layers of the slab continued to
get hotter even after the fire was completely extin-
guished.

The vertical deflections of the floor slab are
shown in Figs 9 where it can be seen that the peak
deflection at the centre of the slab was around 10mm
and that 4mm of this deflection was recovered on
cooling. Deflection gauges located towards each of
the walls of the compartment recorded lower deflec-
tions in each case. It is notable that gauge C re-
corded negative (upward) deflections from around
1500s. It is believed that this resulted from a crack
forming in the slab that effectively moved the sup-
port from the wall to slightly inside the fire com-
partment. The very small deflections recorded for
horizontal deflections of the internal wall of the
compartment (Fig. 9) suggest the heating of this wall
was small in comparison with the compartment ceil-
ing.

Strain gauge data is shown in Fig. 10. In general
the curves indicate similar behaviour to the deflec-
tion readings with peak strain occurring just before
fire-fighters entered the compartment. It is notice-
able that some gauges suggest increasing strains dur-
ing the cooling phase (e.g. gauges 7b andlc). The
reasons for this are not entirely clear, however, it
may be due to local thermal expansion of some areas
of the slab resulting in compression in other areas.
This is one question that future numerical modelling
of the test will aim to answer with certainty.

5 CONCLUSIONS

A full-scale fire test was undertaken on a concrete
structure and a complete set of experimental data re-
corded. The data highlights that there may be con-
siderable differences in temperature within a heated
concrete structure due to the localized nature of
compartment fires. This is in contrast to the as-
sumptions made in most design procedures.

The set of data collected will allow for future nu-
merical modelling of the test so that greater under-
standing of the behaviour of concrete structures in
fire can be obtained.
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Table 1. The timing of key events during the fire test.

[Clock Time Time from ignition (s) Event
12:23:00 0 Ignition
12:23:09 9 Cushions ignite
12:23:15 15 Researchers and firemen leave compartment, front door closed
12:26:06 186 Smoke visible in main corridor
12:27:35 275 Bookcase ignites
12:28:00 300 Aerosol Can Explodes
12:28:00-12:28:30 300-330 Flashover
12:28:15 315 Flames project to flat corridor ceiling, low visibility in main corridor
12:28:23 323 Ignition of paper lamp and table papers
12:36:21 801 Window breakage
12:41:00 1080 External flaming
12:42:00 1140 Firemen enter and tackle fire
12:45:00 1320 Mostly Smoldering

Wall deflection measured
on this wall

flat

Fire set in living room of

Non-structural  wall

be-

P tween kitchen and living room

Doors to kitchen and
hall left open during test

Figure 2. Extract from the Dalmarnock tower blueprints showing the layout of the flat in which the fire test took place.

Living room I == == Non-structural wall
— seat of fire
= Structural wall
C4.61h

I B structural column

1 Doorto kitchen I

Doot to hall
v _————

Figure 3. Plan of the fire compartment..
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Figure 8. Vertical deflections of the heated floor slab from gauges placed at the locations indicated in Fig. 4.
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Non-linear modelling of reinforced concrete beams subjected to fire

V. Gribniak, D. Bacinskas & G. Kaklauskas

Vilnius Gediminas Technical University, Lithuania

ABSTRACT: This paper presents a strategy of numerical simulation of reinforced concrete members exposed
to high temperatures and subjected to external loading. Finite element modelling of full load-deflection
behaviour of experimental reinforced concrete beams reported in the literature has been carried out. A
constitutive model based on Eurocode 2 specifications has been used in the analysis. Comparison of
numerical simulation and test results has shown reasonable accuracy.

1 INTRODUCTION

During the last 20 years, concrete have evolved to
provide better performances and also to a greater
specialization in their field of application. The
changes made in the composition of the mixes
(reduction of water content, use of superplasticizers,
optimization of grain size distribution, addition of
fibers, etc.) lead to striking improvements in many
properties such as strength, early strength increase,
rheology of fresh concrete, ductility and
compactness. The latter yields in most cases a better
durability, but it may also lead to a brittle behaviour
of such concrete in fire conditions (Kalifa et al.
2000).

There are many buildings and civil engineering
works under construction, which are at risk of fire. A
few dramatic accidents in recent past have prompted
investigations in the field of safety of reinforced

Figure 1. Fires in the Ostankino Tower (Moscow, 2000), in the
Twin Towers (New York, 2001) and in the skyscraper in
Astana (Kazakhstan, 2006).

concrete structures subjected to a fire. Fires in
railway Channel Tunnel (Fall, 1996), in the road
tunnels of Mont Blanc (France/Italy 1999), in
Ostankino Tower (Moscow, 2000), in the Twin
Towers (NY, 2001), in 32-story skyscraper in
Astana (Kazakhstan, 2006) should be mentioned
(see Figure 1). In all cases, the load-bearing capacity
of structure in the actual fire conditions is of primary
importance for the evacuation of persons, as well as
for the safety of rescue teams.

The analysis of the behaviour of load-bearing
members under high temperature conditions is very
complicated (Kaklauskas & Ghaboussi, 2001).
Various factors that influence the behaviour of the
members need to be taken into account, including:
variation of member temperature with time,
variation of temperature over the cross section and
along the member, temperature effects on material
properties, material nonlinearity and etc.
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Figure 2. The loading configurations and specimen dimensions.

Because of the nonlinear nature of the problem,
closed-form solutions usually cannot be found by the
trivial way (Bazant & Kaplan, 1996). The nonlinear
behaviour of a member under elevated temperature
conditions can be simulated using the numerical
methods (Kaklauskas, 2004; Bacinskas et al., 2004).

This paper presents a strategy of numerical
simulation of reinforced concrete (RC) members
exposed to high temperatures and subjected to
mechanical loading. Full load-deflection behaviour
of experimental reinforced concrete beams was
modelled by the finite element software MSC.Marc
(MSC.Marc, 2003). A constitutive model based on
Eurocode 2 specifications for fire design (prENV,
2001) has been used in the analysis. Comparison of
numerical simulation and test results has been
carried out.

2 FIRE TESTS OF TYPICAL RC BEAMS

Present analysis employs experimental data (Shi et
al., 2002) of RC beams subjected to external loading
at elevated temperatures. Specimens were heated on
three surfaces (the bottom and two lateral surfaces).
They were tested in the temperature-force path: first
heated up to a fixed temperature, and then loaded to
failure. As the loading time was very short compared
to its heating time, the thermal duration effect during
loading can be neglected. The paper includes
modelling results of three beams, first exposed to
temperatures of 20°, 400° and 600°C, respectively,
and then subjected to external loading.

The loading configuration and specimen
dimensions are shown in Figure 2. The mean
compressive cube strength of concrete is 29.45 MPa.
The low-carbon plain steel bars with diameter 10
mm and yield stress 270 MPa at room temperature
were used as tensile and compressive reinforcement,
while those with diameter 4 mm and yield stress 289
MPa at room temperature were used as stirrups. The
specimen tensile steel ratio was 0.95% and the
stirrup spacing was 80 mm.

The temperature distribution was measured
along the cross-section dept at 20 mm from the
lateral surface and across section width at 75 mm
from specimen soffit.
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3 THERMO-MECHANICAL PROPERTIES OF
MATERIALS

The reliability of a fire analysis results is strongly
affected by the choice of the constitutive laws of
materials and the values of their thermo-mechanical
parameters. In the present numerical model, the
material properties are considered to be temperature-
dependent. This section describes constitutive
models for concrete and steel assumed in the finite
element analysis. The constitutive relationships are
based on Eurocode 2 specifications (prENV, 2001)
and recommendations (Purkiss, 1996).

3.1 Thermal properties used in the analysis

The classical equation of heat transfer is as follows:
VT (k[VO])=6;; x=4/(pc,) (1)

where 0 = space-dependent temperature and k =
temperature-dependent thermal diffusivity. It should
be noted that the thermal diffusivity is related to the
density, p, the thermal conductivity, A and the
specific heat c¢,. In the present analysis, density for
concrete as well as for steel was taken as a constant
value.

3.1.1 Concrete

Thermal properties of concrete are dependent on the
mix proportions, the type of aggregate, the moisture
content and age of concrete. The specific heat was
calculated by the following equation (Purkiss, 1996):

~ 0 o) [ J
cv(e)_900+80(120j—4(120] Lg"c} )

and the thermal conductivity (prENV, 2001) was

taken as
2
2_24[_9 jm(_e j [W} 3)
1200 12000 m°C

3.1.2 Reinforcement

The values of the properties concerned are sensibly
independent on the strength or grade of the steel.
The specific heat and the thermal conductivity as

1 (0)=



functions of temperature (MSC.Marc, 2003) are
shown in Figure 3.

3.2 Mechanical properties used in the analysis

To determinate the structural response in a fire, it is
necessary to be able to formulate constitutive laws
for the mechanical behaviour of the relevant
materials at elevated temperatures. A complete
formulation is required only where a full analysis is
undertaken to  calculate = deformations and
displacements. Where it is only necessary to
calculate load capacity then a more limited data set
can be utilized. Indeed, much early work on
evaluating material behaviour was directed to
determining specific properties such as tensile
strength of steel or compressive strength of concrete
at elevated temperatures. It was only much later that
the need for numerical models was appreciated.

3.2.1 Concrete

The material model describes the behaviour of
heated and loaded concrete in mathematical terms. It
is based on the stress-strain relationships of heated
concrete. The strain components can be modelled
using the superposition theory whereby the total
strain is considered to be the sum of various strain
components:

=¢,(0',0,0)+¢,(0)+e, (0,0,)+¢, (0,0) (4)

Erot

where €;,; = total strain; &, = stress-related strain; g,
= thermal strain; g, = creep strain; g, = transient
strain; 6 = temperature; ¢ = time; ¢ = stress; ¢’
stress history. The superposition theory has been
particularly useful in the analysis of the strain

components at high temperature and has been found
to be applicable experimentally (Bazant & Kaplan,
1996). Each of the terms of Equation 4 is described
below.

The model of the stress-strain relationships is
given in Figure 4. On the compression side, the
curve consists of a parabolic branch followed by a
descending curve until crushing occurs. On the
tension side, the curve consists of a bilinear diagram.
An initial stiffness of concrete in tension is equal to
that in compression. At tensile strains greater than &,
the concrete is assumed to follow the descending
branch of the stress-strain curve. Once the concrete
has crushed, it is assumed to have no residual
strength in either compression or tension.

The free thermal expansion is predominantly
affected by the aggregate type. Transient stress is the
hindered part of thermal expansion for loaded
concrete structures exposed to heating. It is an
irreversible process and occurs only during the first
heating. In present analysis the free thermal strain
was given by the following equation (Purkiss, 1996):

23x10720° +9%x107°0-18x107,
200C <0< 700°C;
14x107, 0>700°C.

)

gth,c =

The reduction of concrete compressive strength
and Young’s modulus at elevated temperatures
(prENV, 2001) is shown in Figure 5. Full stress-
strain-temperature relationships are constructed on a
basis of the curves shown in Figure 4.
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Figure 3. The specific heat and the thermal conductivity of
reinforcement steel.
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Figure 4. Model of stress-strain relationship of concrete.
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Figure 5. Reduction coefficients allowing for decrease of
concrete compressive strength and Young’s modulus at
elevated temperatures.
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Figure 7. Reduction of strength and Young’s modulus of steel
at elevated temperatures.

3.2.2 Reinforcement

The constitutive model describes the behaviour of
heated and loaded steel in mathematical terms. Since
transient strain does not exist for steel the model is
simpler than for concrete and is described as the sum
of three terms (Purkiss, 1996):

€0t = &5 (6,9)+ € (9)+ €cr (Gﬁe’t) (6)

where g;,; = total strain; &, = stress-related strain; &,
= thermal strain; g, = creep strain; 0 = temperature; ¢
= time; ¢ = stress.

The free thermal expansion of steel is relatively
independent of the type of steel (Purkiss, 1996). The
value was taken by following formula:
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As shown in Figure 6, the behaviour of
reinforcement in the numerical analysis is taken as
elastic up to yielding. Variations of the strength and
Young’s modulus with respect to temperature used
in the present analysis are shown in Figure 7
(prENV, 2001).

ey =4x10770% +12x107°0-3x107"

4 NUMERICAL MODELLING OF TEST BEAMS

Numerical modelling of full load-deflection
behaviour of experimental reinforced concrete
beams has been carried out by the finite element
(FE) software MSC.Marc (2003). Since 1971, Marc



has been known for its versatility in helping market
leaders in various industries to design better
products and solve simple to complex real-world
engineering problems. Today MSC.Marc is an
advanced finite element system focused on nonlinear
design and analysis. MSC.Marc is known for great
depth in solution procedures and material models.

4.1 Finite element (FE) model

FE model of beams was considered in the three-
dimensional stress state with non-linear constitutive
laws for concrete and reinforcement which were
described above. The finite element model used for
the beams is shown in Figure 8a. Due to symmetry
conditions, only half of the beam was modelled.
Isoparametric hexagonal FE with eight integration
points was used for the modelling.

4.2 Numerical analysis

The complex thermo-mechanical FE 3 D, nonlinear
analysis has been carried out. MSC.Marc handles the
coupled thermo-mechanical analysis using a
staggered solution procedure. Using this approach,
the thermal problem is solved to obtain the nodal
temperatures. Next, the mechanical problem is
solved for the nodal displacements.

Test specimens (Shi et al., 2002) were heated on
three surfaces by the electric furnace, i.e., the bottom

and two lateral surfaces. Figures 8b, ¢ shows the
temperature fields calculated by software package
MSC.Marc at temperature of 400°C and 600°C.

As mentioned above the temperature distribution
was measured along the cross-section depth at 20
mm from the lateral surface and across section width
at 75 mm from experimental specimen soffit. The
comparative temperature distributions along cross-
section diagrams are presented in Figure 9. Good
agreement was achieved between the calculation
results and the experimental data.

The calculated load-deflection diagrams are
presented in Figure 10 along with the experimental
curves. The modelling has included two stages:
temperature exposure was followed by mechanical
loading. The load-deflection diagrams correspond to
three stages of structural behaviour. In the first stage
corresponding to zero mechanical loading, the beam
deflect downwards due to temperature differences in
the bottom and top parts of the section (Figs 8b, c).
In the second, the pre-yielding stage, the deflections
increase with increasing load. In the third, the failure
stage, corresponding to yielding of reinforcement,
large deflections were caused by small load
increments. As shown in Figure 10, the calculated
deflections were in good agreement with the test
results. The shape of experimental load-deflection
diagrams has been both qualitatively and
quantitatively captured in the FE analysis.

400°C 600°C
362°C 555°C
324°C 510°C
286°C 465°C
246°C 420°C
211°C 375°C
173°C 330°C
135°C 285°C [ | |
97°C 240°C ] u
59°C 195°C
21°C _ 150°C [T
a) b) c)
Figure 8. a) FE model of experimental beam; temperature
distribution in a cross-section: b) at 400°C (after 4.5 min of
heating) and c) at 600°C (after 20 min of heating).
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Figure 9. Experimental (dotted curve) and calculated (solid
curve) temperature distribution along (left) and across section
(right) of the beams exposed to temperature of 400°C and
600°C.
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Figure 10. Experimental (dotted curve) and calculated (solid
curve) load-deflection diagrams.

5 CONCLUSIONS

The paper deals with numerical modelling of
reinforced concrete members exposed to high
temperatures and subjected to mechanical loading.
Generally the numerical modelling of the behaviour
of such members is very complicated. Various
factors that influence the behaviour of the members
(such as variation of member temperature with time,
variation of temperature over the cross section and
along the member, temperature effects on material
properties, material nonlinearity, section shape and
etc.) need to be taken into account.

In the present numerical analysis the load-
deflection behaviour of reinforced concrete beams
subjected to high temperatures (up to 600°C) has
been modelled by the finite element package
MSC.Marc. A constitutive model based on
specifications of Eurocode 2 has been used in the
analysis. Comparison of the experimental and
modelling results has shown that MSC.Marc has
satisfactorily captured the load-deflection behaviour
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of the beams and it can be used for modelling of
bearing reinforced concrete tunnel members.
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Numerical analysis of beam to column connection

at elevated temperatures

L. Kwasniewski
Warsaw University of Technology, Poland

ABSTRACT: The paper presents the first step of a feasibility study on a coupled structural thermal analysis
of a beam to column connection subjected to fire. Finite Element (FE) analysis is conducted using commer-
cial program Ls-Dyna. Numerical results in the form of moment-rotation characteristics are compared with
the published results for a selected flush end-plate connection. The study shows potential of the numerical
analysis in dealing with many of complex features describing the problem. Developed FE models are sup-
posed to bring into account: nonlinear material properties subject to degradation due to elevated temperature,
contacts between bolts, column flange, and end plate, prestressing forces, nonuniform heating represented by
convection and radiation boundary conditions, and fully coupled structural thermal analysis.

1 INTRODUCTION

The experimental and numerical studies show im-
portance and complexity of beam to column connec-
tions in structural analysis Galambos (2000). The
flexibility and strength of a connection pay impor-
tant role in overall behavior of many steel structures.
At the same time the great variety of joint types re-
quire complex and unique analyses. The connections
are also critical for the resistance of steel structures
subjected to elevated temperatures Franssen & Za-
haria (2006). Precise numerical analysis is complex
as it should take into account many parameters such
as contact between bolts, column flange, and end
plate, stress concentration around bolts, prestressing
forces. Material degradation and elongation caused
by elevated temperature additionally complicates the
study.

Experiments are the most reliable source of in-
formation on responses of real structures, and the
only method of final validation of the finite element
(FE) analysis. However, the high cost of full scale
laboratory tests and difficulties with collecting ex-
tensive data lead to growing interest in analytical
and computational methods. With the increasing
computing capabilities nowadays, it is possible us-
ing the Finite Element Method to simulate complex
real cases and consider wide range of parameters. A
reliable, analytical investigation can reduce costs
dramatically and allow for faster introduction of new
design improvements and maintenance decisions.

The paper presents the first phase of a feasibility
study on a coupled structural thermal analysis of en-

gineering structures subjected to fire. At this stage
numerical results in the form of moment-rotation
characteristics are compared with the published re-
sults for a selected flush end-plate connection, Al-
Jabria, Seibib & Karrechc (2006). The Finite Ele-
ment (FE) analysis is conducted using commercial
program Ls-Dyna.

2 FINITE ELEMENT MODEL DEVELOPMENT
2.1 Geometry and FE meshes

The considered connection consist of two
254x102UB22 beam segments connected to a
152x152UC23 column using 8 mm thick flush end
plate and six M16 bolts. The test setup and all di-
mensions are provided in Al-Jabria, Seibib & Kar-
rechc (2006). Several three dimensional FE models
were developed using 8 — node brick elements. The
model, shown in Figure 1, represents one forth of the
configuration. This model is appropriate for sym-
metrical loading and temperature conditions. To re-
duce number of elements only part of the column
and a 444 mm long segment of the beam is repre-
sented in the simplified model, shown in Figure 2.
The free cross section of the beam is rigidly con-
nected with the rigid segment located at the distance
of 1423 mm from the face of the column flange (see
Figure 2). The rigid segment is used for visualiza-
tion purpose and serves for application of loading.
The model representing half of the connection, pre-
sented in Figure 3, will be used in future for simula-
tion of nonuniform heating and loading conditions.
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Comparison of the results for the FE models pre-
sented in Figures 1 and 2 shows close similarity due
to concentration of the deformation in the plastic
zones located in the connection area.

Figure 1. FE model representing one forth of the test configu-
ration.

Figure 2. Simplified FE model representing one forth of the
test configuration with rigid segment.

Figure 3. Simplified FE model representing half of the test
configuration with rigid segment.

2.2 Loading and boundary conditions

Depending on the considered case, the loading can
be performed as a predefined displacement or con-
centrated force applied to a selected node (marked in
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Figure 2) in the middle of the rigid segment. Rota-
tion of the connection ¢ is calculated as:

d
¢=tan-‘(72j (1)

where d. = vertical displacement of the marked node
in the rigid segment and L = distance of 1423 mm
from the face of the column.

The top and the bottom the column and the mid-
dle section of the column web are constrained. For
the model of one forth of the test configuration addi-
tional constraints are applied on the vertical symme-
try plane. Included in the FE model segments of the
beam and the column represent regions with the
maximum deformation, where the influence of the
assumed boundary conditions can be neglected.

In the FE model the beam is connected to the col-
umn through contact between column flange, end
plate and bolts. Due to internal complexity of con-
tact algorithms incorporated in the FE programs, an
analysis including contact is usually challengeable,
can affect results and even lead to problems with
convergence, especially for implicit solvers. In the
presented FE model a new, recommended feature of
Ls-Dyna was applied, the automatic single surface
contact algorithm, Ls-Dyna (2006). Only slave sur-
face was defined as a set of all free surfaces formed
by finite elements representing the bolts, the end
plate, and the column flange. This option is efficient
and has proven to give stabile solution.

A special Ls-Dyna material model called “cable”,
was used to introduce prestressing forces to the bolts
at the beginning of the analysis. The prestressing
forces are applied through structural 1D elements
connected to the nodes at the ends of a bolt.

2.3 Material models

At this stage of the research a simple material model
ELASTIC PLASTIC THERMAL was used, Ls-
Dyna (2006). It allows for relating material parame-
ters such as: elastic modulus, Poisson’s ratio, coeffi-
cients of thermal expansion, yield stress, and plastic
hardening modulus to temperature, represented at
maximum eight points. This material model allows
only for biliniar approximation of the stress-strain
relationship through specification of the hardening
modulus. All components of the tested connection,
except the bolts, were made of steel S275. Figure 4
shows stress-strain relationships of the steel S275 at
elevated temperatures, calculated based on the stan-
dard EC3: Part 1-2, and bilinear approximations ap-
plied in the model. For coupled structural thermal
and thermal only analyses, thermal properties such
as heat capacity and thermal conductivity are speci-
fied in the additional material model THER-



MAL ISOTROPIC. All parameters can be defined
as temperature dependent.

For the bolts assumed yield and ultimate stresses
were 480 and 600 MPa, respectively, Al-Jabria,
Seibib & Karrechc (2006). Constant thermal expan-
sion coefficient of 12x107° °C for the steel was ap-
plied.

300

o [MPa]

i, -7 20-400°C

Figure 4. Stress — strain curves for steel S275. Solid lines indi-
cate relationship according to EC3, dotted lines represent bilin-
ear approximations.

3 COMPARISON WITH EXPERIMENT

3.1 Temperature versus rotation

The calculated results were compared with the ex-
perimental data presented in the paper, Al-Jabria,
Seibib & Karrechc (2006). All structural analysis
presented here are based on static calculation using
implicit solver, where instead of physical time a
loading parameter is applied, Ls-Dyna (2006). The
transient heat transfer was not considered here, al-
though it is planned for the next step of the study.
The temperature is applied uniformly to all the
nodes. Depending on considered case during the
simulation temperature is constant or increases with
the loading parameter.

Curves in Figure 5 show calculated relationships
between temperature and rotation, for four loadings
giving moments at the connection M=4, 8, 13, and
17 kNm. The loading is applied gradually at the beg-
ging of the simulation and then kept constant while
the temperature is increased from 100 to 800 °C (in
relation to the loading parameter). Points in Figure 5
represent experimental values. Numerical and ex-
perimental results are also compared in Table 1, in
terms of the temperatures corresponding to selected
values of rotation. Comparison with the experiment
shows higher resistance of the FE model, mainly due

to overestimated material parameters for larger
strains.

Temperature [°C]

£13 KNm

: N : Mh
: a 2 2 3 17kNma
ok : ,
a : —4KNm
400 74 : — 8 kNm
K/ : —13kNm
300 :

: —17 kNm
¢ exp 4kNm

200 O exp 8 kNm
H 0 1 illi
} : - exp m Rotation [millirads ]
0+ T T T
0 20 40 60 8

Figure 5. Stress — strain curves for steel S275. Solid lines indi-
cate relationship according to EC3, dotted lines represent bilin-
ear approximations.

Table 1. Comparison of calculated temperatures for selected
rotations with experimental data, Al-Jabria, Seibib & Karrechc
(20006).

p 4 kNm 8 kKNm

X103 eexp(oc) ecal(oc) eexp(oc) ecal(oc)
5 599 720 504 558

10 643 773 560 634

20 683 796 591 681

30 697 N/A 606 703

40 706 N/A 617 718

50 712 N/A 623 730

60 747 N/A 629 739

70 N/A N/A 636 746

@ 13 kNm 17 kKNm
X103 eexp(oc) ecal(oc) eexp(oc) ecal(oc)
5 343 340 94 176

10 485 524 438 386

20 532 567 481 486

30 550 585 507 520

40 562 597 521 538

50 571 613 530 553

60 578 628 537 566

70 584 641 544 577

3.2 Moment versus rotation

Figure 6 presents stiffness characteristics of the con-
nection at different temperatures. The moment—
rotation curves were calculated for constant tem-
peratures. The concentrated force was applied at the
tip end of the beam, in the middle of the rigid seg-
ment. Ordinates in Figure 6 represent the total value
of the bending moment for one beam. The moment
resistance of the connection decreases rapidly above
400 °C. As the material failure was not considered
here the calculated results are valid only for limited
values of rotation.
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Figure 6. Stiffness characteristics of the connection at different
temperatures.

3.3 Modes of deformation

Figures 7, 8, and 9 present contours of effective
stress and deformation modes for selected states
taken from the simulations represented by previous
diagrams. In all figures the Mises effective stress is
mapped with the same color scale for the range from
0 to 275 MPa.

Figure 7 refers to the case presented by the upper
curve in Figure 6, where the connection is loaded
with the increasing moment at constant, ambient
temperature. Four states are shown for four loading
levels 13, 17, 28.5, and 35 kNm. Details of the stress
distribution for the moment 35 kNm are presented in
Figure 8.

Four snapshots in Figure 9 show stresses and de-
formation for four selected temperatures and the
same loading with moment M=17 kNm (compare
Figure 5). In all cases where due to large loading
(Figure 7) or high temperature (Figure 9) large rota-
tion is reached, most of the deformation affects the
end plate and the column flange. The upper bolts,
under maximum tension, experience minimum elon-
gation due to much higher yield stresses comparing
to the steel S275. Obtained deformation modes show
good correlation with the experimental results, how-
ever numerically predicted values of loading are
higher than reported from the experiment, Al-Jabria,
Seibib & Karreche (2006).

62

Fringe Levels Fringe Levels

27506402 2750602
24756402 2475602
22006+02
19250402 _
16500402 _
13750402 _
11000402

22000402 _
19250402 _
16500402 _
13750402 _
11006402

8250¢401
5500¢401
2750601
00006400

82500401
55000401
27500401
00006400

13kNm  ¢=2.6 millirads 28.5kNm  ¢=10.6 millirads

Fringe Levels
2750402
2475402
22006402
1925¢402_
16506402 _
13756402 _
1.100e+02

Fringe Levels
27506402
24756402
22006402 _|
19256402 _
16506402 _
13756402 _
11006402
82506401
5500¢+01

8.250e+01
5500401
2750401
00006400

27500401
00008400

17 kNm  ¢=3.8 millirads

Figure 7. Contours of effective Mises stress for temperature 20
°C and increasing loading.
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Figure 8. Deformation at the connection components for mo-
ment M=35 kNm and 20 °C .
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4 CONCLUSIONS

The main objective of the presented work was to ex-
amine the capabilities of computer simulations for
coupled structural thermal analysis of a beam to col-
umn connection in elevated temperatures. The paper
presents the first step of the feasibility study where
using the general purpose program Ls-Dyna, simpli-
fied FE models developed for the selected connec-
tion were analysed. The whole research is oriented
to more complex steel and concrete structures and
their elements. The problem of moment resistance
degradation in elevated temperatures was simplified
in terms of material representation and heat transfer.
Chosen material model allows only for bilinear ap-
proximation of stress — strain relationships through
specification of hardening modulus. This approach
leads to overestimated stresses for higher strain val-
ues and results with higher loading values compar-
ing to the experimental data. Due to high value of
thermal conductivity of steel temperature distribu-
tion during fire can be assumed as uniform and heat
transfer does not have to be considered. For concrete
and composite (concrete and steel) structures such
approach can be insufficient. For future investiga-
tion a fully coupled structural thermal analysis is
planned with new material models such as thermal
visco-plastic material model available in Ls-Dyna.
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ABSTRACT: The Eurocode 3 states that stainless steel structural members, subjected to high temperatures,
must be designed with the same expressions used on carbon steel members. However, as these two materials
have different constitutive laws, it should be expected that different formulae for the calculation of member
stability should be used as for the case of room temperature design.

It will be shown a study made on the flexural buckling resistance of stainless steel columns at high tempera-
tures and on the behaviour of stainless steel beam-columns subjected to fire.

The present work was based on numerical studies using the program SAFIR, which was modified to take into

account the material properties of the stainless steel.

1 INTRODUCTION

For more than three decades, there has been an
enormous research effort, by the steel industry and
the academics, to investigate the behaviour of steel
structures under fire conditions, resulting in the de-
velopment of a number of design rules (CEN,
2005a), which were incorporated within the struc-
tural Eurocodes. More recently, research works have
been oriented towards stainless steel structures.

The use of stainless steel for structural purposes
has been limited to projects with high architectural
value, where the innovative character of the adopted
solutions is a valorisation factor for the structure.
The high initial cost of stainless steel, associated
with: (1) limited design rules, (ii) reduced number of
available sections and (iii) lack of knowledge of the
additional benefits of its use as a structural material,
are some of the reasons that force the designers to
avoid the use of the stainless steel in structures
(Estrada, 2005) and (Gardner, 2005). However, a
more accurate analysis shows a good performance of
the stainless steel when compared with the conven-
tional carbon steel.

The biggest advantage of stainless steel is its
higher corrosion resistance. However, its aesthetic
appearance, easy maintenance, high durability and
reduced life cycle costs are also important proper-
ties. It is known that the fire resistance of stainless
steel is bigger than the carbon steel usually used in
construction.

Thinking in economic terms, it would be improb-
able that stainless steel could be chosen instead of
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carbon steel, due to its higher fire resistance. How-
ever, for designers that value the appearance and the
durability of stainless steel, the additional benefit of
having a significant fire resistance, can reverse the
choice in favour of this material. In fact the stainless
steel can be an excellent solution, in application
where corrosion resistance and fire resistance are
demanded at the same time.

The high corrosion resistance of the stainless steel
in most of the aggressive environments has been the
reason for its use in structures located near the sea,
and also in oil-producing, chemical, nuclear, residual
waters and food storage facilities. Its corrosion resis-
tance results in a well adherent and transparent layer
of oxide rich in chromium that forms itself sponta-
neous on the surface in the presence of air or any
other oxidant environment. In case it is crossed, or
has some cut damage, the superficial layer regener-
ates itself immediately in the presence of oxygen.

Although its use in construction is increasing, it is
still necessary to develop the knowledge of its struc-
tural behaviour. Stainless steels are known by its
non-linear stress-strain relationships with a low pro-
portional stress and an extensive hardening phase.
There is not a well defined yield strength, being usu-
ally considered for design at room temperature the
0.2% proof strength, f,=fo2pr00r In fire situation
higher strains are acceptable than at room tempera-
ture and so Part 1-2 of Eurocode 3 suggests the use
of the strength at 2% total strain as the yield strength
at elevated temperature 6, f,, 7/> 4, for Class 1, 2 and
3 cross-sections and f,, =f0.2 proor 0 for Class 4, cross-
sections.



Studies have shown that at elevated temperatures,
stainless steel offers better retention of strength and
stiffness than carbon steel (Gardner, 2006).

Figure 1 shows the stress-strain relationships of
carbon steel S235 and stainless steel 1.4301 (also
known as 304) at 600 °C.

o (MPa) 600°C

—— Stainless Steel

= Carbon Steel

Figure 1. Stress-strain relationships of carbon steel S 235 and
stainless steel 1.4301 at 600 °C.

Codes of practice are aimed at providing safe,
competitive and, as far as possible, simple proce-
dures for the design of structures. Drafting and im-
plementing a consistent set of Structural Eurocodes
involving a large number of groups of experts is
naturally a recursive task where each Part must re-
flect the scientific advances and design options of all
other related parts.

The program SAFIR (Franssen, 2005), a geomet-
rical and material non linear finite element code, has
been adapted according to the material properties de-
fined in prEN 1993-1-4 (CEN, 2005c) and EN 1993-
1-2 (CEN, 2005b), to model the behaviour of
stainless steel structures (Lopes et al, 2005). This
program, widely used by several investigators, has
been validated against analytical solutions, experi-
mental tests and numerical results from other pro-
grams, and has been used in several studies that led
to proposals for safety evaluation of structural ele-
ments, already adopted in Eurocode 3. In the nu-
merical simulations, geometrical imperfections and
residual stresses were considered.

The prEN 1993-1-4 “Supplementary rules for
stainless steels” gives design rules for stainless steel
structural elements at room temperature, only mak-
ing mention to its fire resistance by doing reference
to the fire part of the Eurocode 3, EN 1993-1-2
(CEN, 2005b).

In this paper the accuracy and safety of the cur-
rently prescribed column and beam-column formu-
lae are evaluated. These evaluations were carried out
by performing numerical simulations on welded
stainless steel H-sections at high temperature.

2 CASE STUDY
An axially loaded column was chosen to explore the
validity of the column safety verifications of the

Eurocode 3. The following welded cross-sections
were used: equivalent HEA 200 section and equiva-
lent HEB 280 section. The stainless steel grades
1.4301 and 1.4401 were studied for each cross-
section. It was also tested buckling around the strong
and around the weak axis.

Beam-columns submitted to combined axial
compression and uni-axial major and minor uniform
moment, have been also studied. The equivalent
welded HEA 200 cross-section of the stainless steel
grade 1.4301 was used in the numerical simulations.

A uniform temperature distribution in the cross-
section was used so that comparison between the
numerical results and the Eurocode could be made.
In this paper, the temperatures chosen for the col-
umns were 400, 500, 600 and 700 °C, deemed to
cover the majority of practical situations, while for
the beam-columns was only used a uniform tempera-
ture of 600°C.

Due to the size limit of this paper, only some of
these tests will be shown.

In the numerical simulations, a sinusoidal lateral
geometric imperfection was considered (Vila Real
and Lopes, 2006). The adopted residual stresses fol-
lows the typical pattern for carbon steel welded sec-
tions (Chen and Lui, 1991), (Gardner and Nethercot,
2004) and (Greiner et al, 2005), considered constant
across the thickness of the web and flanges.

3 COLUMNS

3.1 Prescribed formulae in Eurocode 3 for the
flexural buckling of stainless steel columns in
case of fire

For stainless steel columns subjected to high tem-
peratures, Part 1-4 of Eurocode 3, refers that the
same formulation prescribed for carbon steel ele-
ments should be used, following EN 1993-1-2
(CEN, 2005b), where the flexural buckling resis-
tance for class 1, 2 and 3 sections, is given by

1
Ny firra =X pdkyofy —— (1)
VM. fi
where
1
Xp= — (2)
Pp + \/¢92 -6
with
¢9 :%[lﬁ‘aﬂ_/g +Zgzj| (3)

In this expression the imperfection factor « is a
function of the steel grade and is given by

a=0.65,/235/ f, (4)
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The non-dimensional slenderness, Ao, for flex-
ural buckling at high temperatures depends on the
non-dimensional slenderness at room temperature,
A and is given by

0.5
Ao =2 |:ky_0:| (3)

kEﬁ

where k, o=f, of, and kg ¢=E¢E, being f, ¢ and f, the
yield strength at elevated temperature and at room
temperature respectively, and Ey and the E, the
young’s modulus at elevated temperature and at
room temperature. kg is given on table C.1 of
EN1993-1-2 (CEN, 2006b), while £, y must be de-
termined with the expression

1
kyo= [fo.zp,e +koy0 (fu,e —fo.zp,e) A (6)
y
where
k29, 0 1s the correction factor for determination of the
yield strength £, g;

fu01s the tensile strength, at temperature 6.

3.2 New proposal for the flexural buckling of
stainless steel columns in case of fire

As it can be observed in figure 2, the curve resulting
from the application of Part 1.2 of Eurocode 3 is not
on the safe side. To improve these results, a new im-
perfection factor «, different from the one defined
for carbon steel, given in Eq.(4), is proposed for the
flexural buckling of stainless steel columns:

o =14,235/f, (7)

The reduction factor yj; is also changed according

to

- L (8)
o+ " — BAo”

with

Po =%[1+aﬂ_,9 +ﬁ192] ©)

where the factor S should take the value 1.5.
The accuracy of this new proposal can be

checked in figure 2.
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Figure 2. HEA200 columns in stainless steel at high tempera-
tures, of the stainless steel grade 1.4301.

4 BEAM-COLUMN

The accuracy and safety of the Eurocode 3 design
formulae for the evaluation of the fire resistance of
beam-columns will be assessed. Numerical simula-
tions on equivalent welded stainless steel H-
columns at high temperature have shown that the
formulae from Eurocode 3 are not safe.

In this section a brief description of the pre-
scribed formulations in Eurocode 3, for the evalua-
tion of the resistance of stainless steel beam-
columns, in case of fire, is presented as well as some
proposals for the design of these type of structural
members.

Regarding bending and axial compression of
stainless steel members at room temperature, Part
1.4 of Eurocode 3 has two notes mentioning that the
national annexes may give others interaction formu-
lae and others interaction factors, suggesting that the
formulae for beam-columns and the interaction fac-
tors were not well established for stainless steel
members at the time of the conversion from ENV to
EN. These formulae for cold design adapted to high
temperatures will be tested in this paper.

Two new formulae for the design of carbon steel
beam-columns at room temperature are proposed on
Part 1.1 of Eurocode 3 (CEN, 2005c¢), which are the
result of the efforts made by two working groups
that followed different approaches (Boissonnade et
al, 2006), a French-Belgian team and an Austrian-
German one. In this section it will be checked if
these two procedures can also be used in stainless
steel elements in case of fire.

In the context of Eurocode 3, and under fire load-
ing, its Part 1.2 adopts the old interaction formulae
for beam-columns proposed in the European pre-
standard for cold design, ENV 1993-1-1 (CEN,
1992).

In section 3 of this paper, the authors propose
new formulae for the safety evaluation of stainless
steel columns in case of fire, which improves the
formulae from Eurocode 3. Its influence in the be-
haviour of the beam-column design curves will be
taken into account here.



4.1 Room temperature

Part 1-1 and Part 1-4 are the parts from Eurocode 3
dedicated to the design of carbon steel and stainless
steel structural elements, at room temperature respec-
tively. In this section a brief description of the methods
for cold design of steel elements subjected to combined
bending and axial compression will be made.

4.1.1 Eurocode 3 carbon steel interaction curves
Two alternative proposals (Boissonnade et al, 2006)
were adopted for the interaction formulae at room tem-
perature (CEN, 2006a) that specifically implement the
concepts of amplification factor and equivalent uniform
bending moment, namely “method 1 and “method 2”.
The procedure for the determination of the inter-
action factors for “method 1” is reported in Annex A
of Part 1.1 of EC3 and was developed by a French-
Belgian team by combining theoretical rules and
numerical calibration to account for all the differ-
ences between the real model and the theoretical
one. “Method 2” is described in Annex B of Part 1.1
of EC3 and results from an Austrian-German pro-
posal that attempted to simplify the verification of
the stability of beam-columns, all interaction factors
being obtained by means of numerical calibration.

4.1.2 Eurocode 3 stainless steel interaction curves
Part 1-4 of Eurocode 3, gives the following interac-
tion formulae

M.
Nea g, 205 < (10)
N iRa W, Iy

Ki

"

where, i = yorz, and

- N
k =1.0+2(2; —0.5)—£L_
Ny ra.i (11)
N
but 12<k, <12+2—L4_
Ny, Rra.i

It should be pointed out that in the parametric
study the possibility of not limiting the factor &; to a
minimum value of 1.2 was tested so that the plastic
moment could be reached when no axial force is act-
ing, 1. e. k~=1.0.

4.2 High temperature

In this section a brief description of the methods
tested for the design of stainless steel elements sub-
jected to combined bending and axial compression
under high temperature will be made.

4.2.1 Eurocode 3 proposal for interaction curves in
case of fire

The Eurocode 3 states that the safety evaluation

should be made with the same expressions used in

carbon steel elements, which are:

N 4 Ea M; i Ea

: <1 (12)
Ny fira IW Jyo
pl,i
YM,fi
where, i = yorz, and
N
k=11 S <3 (13)
;(i,ﬁAky,é’ >
YM.fi
and

u, = (1284, 3y +0.448), , —0.29<0.8 (14)

p, =28y . —5)hz0 +0.44p,, . ~0.29<0.8

with 1,0 <1.1

(15)

The curves obtained with these formulae are de-
noted “EN 1992-1-2” in figures 3 and 4.

4.2.2 Eurocode 3 proposal for carbon steel interac-
tion curves at room temperature adapted for
fire situation

Vila Real et al (2003) studied the use of the interac-

tion formulae for beam-columns, from Part 1.1 of

Eurocode 3 (method 1 and method 2), for fire situa-

tion, by changing all parameters that are usually

changed at high temperatures. Here a same approach
was adopted using expressions (2) and (8) with the
interaction formulae from Part 1.1 of EC3, denoted

“Method 1 fi” and “Method 2 fi” or “Method 1 fi

NP” and “Method 2 fi NP” respectively, in figures 3

and 4.

4.2.3 Eurocode 3 proposal for stainless steel inter-
action curves at room temperature adapted for
fire situation

The formulae, for the beam-column safety evalua-

tion, from Part 1.4 of Eurocode 3 were also tested,

but adapted to consider high temperatures. The same
approach presented in the previous section has been

adopted being the correspondent curves in figure 2

denoted by “prEN 1993-1-4 fi” (using eq. 2) and

“prEN 1993-1-4 fi NP” (using eq. 8). In this figure a

curve denoted “prEN 1993-1-4 fi NP+NK” is also

plotted which corresponds to do not consider the
minimum limiting value of 1.2 for k; in equation

(11).
4.3 Parametric study

Figures 3 and 4 show the comparison made at 600 °C
for all the procedures presented before.. The interaction
curves chosen for this parametric study were obtained
using: the Eurocode 3 “EN 1993-1-2”; the Eurocode 3
with the new proposal made for stainless steel columns
in case of fire, equations (7), (8) and (9) “EN 1993-1-2
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NP”; the procedure for stainless steel beam-columns at
room temperature from Part 1.4 of the Eurocode 3 with
and without the new proposal for stainless steel col-
umns “prEN 1993-1-4 fi”, “prEN 1993-1-4 fi NP” and
“prEN 1993-1-4 fi NP+NK”. The formulae on Part 1.1
of Eurocode 3 for carbon steel beam-columns with and
without the new proposal for stainless steel columns
“Method 1 fi” “Method 1 fi NP”, “Method 2 fi” and
“Method 2 fi NP” adapted to fire situation, are also
plotted in figures 3 and 4.
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a) Part 1.2 of EC 3 with and without the new proposal for col-
umns;

b) Part 1.4 of EC 3 with and without the new proposals, plus
a);

¢) Part 1.1 of EC 3 for carbon steel with and without the new
proposal, plus a).

Figure 3. Beam-column interaction curves for a length of 3 me-
ters at 600°C for the bending in the strong axis.
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¢) Part 1.1 of EC 3 for carbon steel with and without the new
proposal, plus a).

Figure 4. Beam-column interaction curves for a length of 3 me-
ters at 600°C for the bending in the weak axis.

5 CONCLUSIONS

In this paper a new proposal for the flexural buck-
ling resistance of stainless steel elements under fire
conditions was presented.

Figure 2 show that the new proposal for the design
buckling resistance of stainless steel compression
members at high temperatures is in good agreement
with the numerical results obtained with the program
SAFIR, in opposition to the results obtained with the
formulae of the Part 1-2 of Eurocode 3, which are not
on the safe side.

For beam-columns with bending in the strong
axis and buckling around the yy-axis, the curves ob-
tained with the new proposal for columns shows a
better approximation to the numerical results. The
method that approximates more closely the real be-
haviour of stainless steel beam-columns under fire
conditions is “EN 1993-1-2 NP”. However, for the
case of bending around the weak axis there is not a
curve that provides a good approximation to the nu-
merical results, which means that new interaction
factors should be developed. Nevertheless “EN
1993-1-2 NP” sill remains the best method.

The results presented in the paper show that
Eurocode 3 formulae for the evaluation of the fire
resistance of columns and beam-columns need to be
improved.
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Some remarks on the simplified design methods for steel and
concrete composite beams

E. Nigro & G. Cefarelli
University of Naples Federico 11, Italy

ABSTRACT: The present paper recalls the main characteristics of a general numerical approach to assess the
ultimate bearing capacity of steel and concrete composite beams in fire conditions. The behaviour of the
composite beams during a standard fire exposure is investigated. It is shown the comparison of resistance be-
tween steel beam, composite beam and composite beam with partial concrete encasement. The following fea-
tures affecting the resistance of the composite beam with partial concrete encasement are firstly investigated:
influence of the beam dimensions and effectiveness of the reinforcing bars in concrete encasement. Moreover,
it is shown a comparison between the general numerical approach and the simplified method proposed in EN
1994-1-2 for evaluating the sagging moment resistance of the composite beam with partial concrete encase-
ment. Finally, it is proposed a simplified plastic method for evaluating the sagging moment resistance of the

composite beam with partial concrete encasement in fire conditions.

1 INTRODUCTION

It is well known that while structural reinforced con-
crete members, for their insulating properties, can
withstand fire for a long time with small loss of
strength, steel members can endure fire exposition
for very short time if not suitably protected by insu-
lating coatings. The coupling of steel and concrete to
build composite components is a promising solution
which can take advantage of the favourable proper-
ties of both materials: like concrete it has insulating
properties, like steel it can carry relevant loads at
room temperature. Moreover the composite system
displays a behaviour in a fire environment that is
better then those of its components. In fact the com-
posite steel and concrete members are characterized
by a decrease of the bearing capacity under fire that is
more gradual and smoother than that of the structural
concrete members themselves.

The typologies of composite beams may be clas-
sified following EC4 (see Figure 1)
1. composite beam comprising steel beam with no

concrete encasement;
2. composite beam comprising steel beam with

partial concrete encasement;
3. steel beam partially encased in slab.

J—gFlzn
3 i

Figure 1. Tipologies of steel and concrete composite beams.
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Some interesting remarks on the composite beam
behaviour, with protection and without protection, in
fire conditions, are proposed in Kruppa & Zhao
(1995). In this publication the thermal fields within
the cross section, both for bare steel and for pro-
tected steel, are analyzed. Moreover, it is analyzed
the mechanical behaviour of steel to concrete slab
shear connectors. Another interesting typology is the
slim floor system. The behaviour of slim floor beam
in fire conditions is widely studied in the papers of
Newman (1995) and Makelainen & Ma (2000).
Their publications show the good behaviour of the
slim floor beam during a fire event, thanks to the
concrete protection of top flange and web.

2 DESCRIPTION OF AN ACCURATE PROCE-
DURE TO ASSESS BEARING CAPACITY OF
COMPOSITE BEAMS

The bearing capacity of a composite beam subjected
to bending moment M in case of fire is evaluated by
computing the moment-curvature diagram. The pro-
cedure for evaluating the moment-curvature dia-
gram, for each time of fire exposure, is based on the
following steps.

a) Evaluation of the thermal field induced by the fire
into the sections. For this purpose the hypothesis
of decoupling the thermal behaviour of the
materials from the mechanical behaviour may be
usually accepted. The thermal field may be



determined by solving the Fourier equation in
terms of the space (x, y) variables and time t,
after having imposed suited space-time boundary
conditions. Unfortunately closed form solutions
for the thermal problems are known only in few
elementary cases. In general numerical methods,
such as the finite elements technique must be
used. For the considered time of fire exposure,
the thermal analysis gives the thermal field within
the cross section.

Figure 2. Cross-section discretization.

b)An unique c-¢ law (see EC4, part 1-2, 2005),
which is a function of the local temperature and
takes into account the decrease of mechanical
strength with the temperature, can be linked to
every element of the mesh into which the section
has been divided, for each time of fire exposure.
Naturally, different laws are employed for steel,
rebars and concrete (see Fig. 3.,4).

c) The external axial force Nexy (Next = 0 in pure
bending) and the distribution of the temperatures
Ti(t) within the section, related to the assigned
exposure time t, are known and fixed for each
moment-curvature diagram (M-y ; Nex; t).

d)For an assigned curvature y; , a tentative value
for the average strain gneq of the cross-section is
initially assumed and the corresponding
distributions of strain g; and stress c; = o(&j)
within the section are determined on the basis of
the temperature-dependent stress-strain laws.

e) The internal axial force Njy is then evaluated
starting  from  the  stress  distribution:

N :ZAi 0.

f) Iterations varying the average strain gpeg of the
section need up to satisfying the longitudinal
equilibrium equation within a suitable error.

g)Then the bending moment M; corresponding to
the assigned curvature y; may be determined.

If the maximum deformations of both steel and
concrete is blocked at some stipulated value dependent
on the local temperature (greater than the usual values
in cold conditions), a deformation ultimate limit state
may be specified easily. On the contrary, if the maxi-
mum elongation of steel is unlimited, as in a plastic
analysis, a slightly different procedure must be used to
compute a point of failure. In this case, for a specified
value of the ultimate axial load N, = 0, the entire mo-
ment-curvature law must be evaluated; then, the

maximum of the moment-curvature diagram is the re-

quired ultimate bending moment M,,

In Figure 5 is shown a moment-curvature diagram
utilized for evaluating of ultimate bending moment
capacity M,, for the composite beam of the same fig-

ure, for various time of fire exposure.
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Figure 5. Typical moment-curvature laws of a composite beam

varying fire exposure time.
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3 STEEL-CONCRETE COMPOSITE BEAMS
DURING STANDARD FIRE EXPOSURE

3.1 Comparison between various types of beams

The numerical procedure, described before, may be
used to study the behaviour of steel and concrete
composite beams in a fire environment. Both com-
posite beam comprising steel profile with no con-
crete encasement and composite beam comprising
steel profile with partial concrete encasement, sub-
jected to the standard fire ISO 834, have been stud-
ied.

concrete

steel beam

——

concrete

steel beam

(b)
Figure 6. Example of composite beam comprising steel beam
without concrete encasement (a) and with partial concrete en-
casement (b).

For cross-section types in Figure 6, the thermal
field induced by fire has been evaluated through
suitable discretization of the sections. The thermal
analysis results can be synthesized representing the
temperature in some significant points of the cross-
section.

20.6 28.5,20.4 29.6
454 709
456 5208756 718 729

|
| |
‘40,& 37.1495.,6 doz,w
‘ 512
\ \

607 598828 830

15 min 30 min

Figure 7. Temperature distribution for composite beam with no
concrete encasement.
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116,262

| |
‘40,8. 25¢53,64 Jd02,7
‘512 ‘
| |

448352620 711
15 min

30 min

Figure 8. Temperature distribution for composite beam with
partial concrete encasement.

The analyses have been performed for the two
following typologies:
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« Composite beam with steel profile IPE240, no
concrete encasement, reinforced concrete slab
130 mm high and effective width of 1500 mm
(Fig. 7).

« Composite beam with steel profile IPE240, par-
tial concrete encasement, reinforced concrete slab
130 mm high and effective width of 1500 mm
(Fig. 8).

For each time of fire exposure, based on the ther-
mal field, the reduction of beam bearing capacity has
been evaluated applying the described procedure
(see Figure 9). Fire is regarded in the Eurocode’s de-
sign philosophy as an accidental situation or an ac-
cidental action. Therefore, the characteristic value of
the relevant material properties (strength) are
adopted in fire design and the partial safety factors
are accordingly assumed as unity (1.0), when the
moment capacity under fire conditions is analyzed.

250

sagging moment resistance (kN*m)

time (min)

Figure 9 Comparison in terms of resistant moment reduction
with fire exposure time for various beam types.

The behaviour of ‘“non-composite beam” has
been calculated neglecting the collaboration between
concrete slab and steel beam. The thermal field of
composite beam and non-composite beam is the
same.

In Figure 10 the reduction in moment capacity for
each type of beam, expressed in terms of the load ra-
tio, is plotted versus time of fire exposure.

1,200 4

1,000 +

0,800 -

0,600

load ratio

0,400

0,200

0,000

time (min)

Figure 10 Comparison in terms of load ratio varying fire expo-
sure time for various beam types.

The load ratio is defined as the ratio between
moment capacity at time ¢ of fire exposure and ulti-
mate moment capacity at 20 °C. The ultimate mo-
ment capacity at 20°C is calculated by using the par-



tial safety factors presented in Eurocode 4 part 1-1.
In the case that ultimate moment capacity at 20°C is
equal to design moment at 20°C (M ,, =M, ) and
moment resistance under fire conditions is equal to
design moment in fire situation (M, ,, =My ; ),
the load ratio is equivalent to the ratio between de-
sign bending moments in the case of fire and at
20°C. Therefore, by knowing this design bending
moment ratio, it can be evaluated the endurance to
fire exposure.

The comparison in resistance field (Fig. 9) shows
the better behaviour of composite members; how-
ever, in load ratio field (Fig. 10), the composite
beam without concrete encasement shows a similar
behaviour to non-composite beam. This is due to,
both in the composite beam without concrete en-
casement and non-composite beam, the moment ca-
pacity depends on loss of strength of metallic part
exposed to fire. In the case of composite beam with
partial concrete encasement, it is shown a quite bet-
ter behaviour, thanks to lower temperature values in
the steel beam.

3.2 Influence of the beam dimensions

The beam dimensions have a significant influence
on the composite beam with partial concrete en-
casement behaviour in fire conditions. In fact, in the
analyzed cases, in which the concrete encasement is
in the whole space comprising between the flanges,
the encased parts are highly protected in relation to
the larger flanges dimension.

In Figure 11 is shown the better behaviour, in
load ratio field, of the composite beam with partial
concrete encasement with steel beam IPE 360 com-
pared to the same with steel beam IPE240; the mate-
rial properties and geometry are the same.
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Figure 11. Load ratio for two types of composite beam.

3.3 Effectiveness of the reinforcing bars

It’s clear that for increasing the beam moment ca-
pacity, it is possible to place additional reinforcing
bars in the concrete between flanges. This rein-
forcement could be placed on various levels. By
placing it near the bottom flange, its effect in normal
temperature condition would be highest. However,
this position would be penalizing in fire condition;

in fact, the reinforcement, placed in this way, would
tend to reach high temperatures in a little time. By
placing it near the central zone of beam web, its ef-
fect is higher in fire condition.
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Figure 12. Additional reinforcing bars in concrete encasement

A parametric analysis has shown that the per-
formances of composite beams with partial concrete
encasement depend mainly on:

a) mechanical ratio of reinforcement with regard of
the bottom flange of steel beam:

®. = A . Sk
¢ =

Ar Tk

Ay 1s bottom flange area, fy is the characteris-

, where A is reinforcement area,

tic value for yield stress of rebar steel, f); is the

characteristic value for yield stress of structural

steel;

b) distance d between the centroid of reinforcement
and the bottom flange.

Fixed the beam cross-section and the reinforce-
ment level, the ratio between the moment resistance
of beam at ¢ time of fire exposure and the resistance
moment at ¢y time (evaluated with partial safety fac-
tors assumed as unity) depends only on mechanical
ratio of reinforcement w, .

In Figure 13 is shown the comparison between
two possible reinforcement levels, with a geometric
ratio of reinforcement equal to 100% of bottom
flange area and the same beam geometry.
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Figure 13. Influence of the level of the reinforcing bars.

It is clear how the reinforcement to level 1 pro-
vides a better performance in ambient condition, but
it provides a worth performance in fire condition,
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compared to the case of reinforcement placed to
level 2. In fact, for a time exposure of about 20 min-
utes, the resistance of beam is the same for both the
reinforcements; but, for higher time of exposure, the
resistance of beam with reinforcement to level 2 is
always greater than the resistance of beam with rein-
forcement to level 1. This is due to higher suscepti-
bility of the reinforcement to level 1 to reach ele-
vated temperature, because it’s nearer to bottom
flange, directly exposed to fire.

4 SOME REMARKS ON THE APPLICATION OF
THE SIMPLIFIED DESIGN METHODS

4.1 Design methods suggested by EN1994-1-2.

For the evaluation of the bending moment capacity
of the composite beam, Eurocode 4 provides various
simplified methods:

a) General method: thermal analysis followed by me-
chanical analysis led according to plastic theory;

b) Simplified method type I: mechanical analysis led
according to plastic theory and assuming simpli-
fied temperature field, based on the split of the
cross-section in uniform temperature parts;

¢) Simplified method type 2: mechanical analysis led
according to plastic theory, but with temperature
effects on the materials properties taken into ac-
count either by reducing the dimensions of the
parts composing the cross-section or by multiply-
ing the mechanical properties of materials by re-
duction factors.

The general method can be applied for each beam
type. The simplified method type 1 is proposed for
the composite beam with no concrete encasement.
The simplified method type 2 is proposed for the
composite beam with partial concrete encasement.

4.2 Proposed simplified plastic method

The general method results very expensive in terms
of calculations. In fact, the discretization of cross
section utilized for thermal analysis can be the start
point for the plastic method. Therefore, as much as
this discretization is dense, the calculation of the
plastic moment is more expensive.

However, a simplified method type 1 is not yet
available for the composite beam with partial con-
crete encasement.

The proposed simplified method, explained be-
low, tries to be similar to the simplified method type
1, for avoiding the discretization of the cross section
that has to be utilized for plastic analysis. But, it is
always necessary a suitable thermal analysis of the
cross-section.

It’s firstly assumed for concrete the simplification
suggested within the so-called “500°C isotherm
method” (see Eurocode 2, part 1-2): concrete with
temperatures in excess of 500°C is assumed not to
contribute to the load bearing capacity of the mem-
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ber, whilst the residual concrete cross-section retains
its initial values of strength.
The cross-section of the beam is divided in 5
main parts:
e concrete slab;
upper flange of steel beam,;
upper half of the web steel beam;
bottom half of the web steel beam,;
bottom flange of the steel beam.
Moreover, the flanges are further divided in 3
parts, as can see in Figure 14 .
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Figure 14. Cross-section subdivision within the proposed sim-
plified method.

A uniform temperature, equal to average tem-
perature of the same part, is assigned to each of this
parts. The average temperature is evaluated from the
thermal analysis.

At this step it is possible to utilize the plastic the-
ory, as proposed in EC4 part 1-2, par. 4.3.1.

In table 1 a comparison is shown between the ac-
curate general procedure (par. 2) and the proposed
simplified method for the composite beam with steel
profile IPE240 and partial concrete encasement.

Table 1. Comparison between general procedure and proposed
simplified method.

Ultimate Resistant Ultimate Resistant
Moment - general Moment - proposed
time procedure - simplified moment - MimpMgen
min KN*m KN*m
0 208,33 208,279 1,00
15 205,35 208,279 1,01
30 139,31 130,256 0,93
60 73,75 73,313 0,99
90 31,69 31,406 0,99
120 16,79 16,856 1,00
150 9,98 10,024 1,00
180 7,16 7,510 1,05

The results show that the proposed method gives
very close estimation of the beam sagging bending
moment resistance. This accordance has been
checked also with reference to other composite
beams characterised by different geometry. There-
fore, the proposed method is a promising simplified
method; further studies need to deduce approximate
formulations for the thermal field in the relevant
parts of the cross-sections.



4.3 Application of the simplified method type 2
suggested in EN1994-1-2 (Annex F)

In the Annex F of Eurocode 4, part 1-2, a simplified
method type 2 is proposed for evaluating the sagging
and hogging moment resistances of a partially en-
cased steel beam connected to a concrete slab and
exposed to fire beneath the concrete slab according
to the standard time-temperature curve.

The application of EC4 method is limited from
the thickness of slab and from the dimension of steel
beam against concrete encasement. In order to show
the reliability of this method for evaluating the sag-
ging moment resistance of composite beams, two
beams have been examined:

1) composite beam with steel profile IPE240, partial
concrete encasement, reinforced concrete slab
130 mm high and effective width of 1500 mm,;

2) composite beam with steel beam IPE360, partial
concrete encasement, reinforced concrete slab
130 mm high and effective width of 1500 mm.
The comparison between the accurate general

procedure and simplified method of EN 1994-1-2

(Annex F) is shown in table 2a (typology 1) and ta-

ble 2b (typology 2).

Table 2. Comparison between general procedure and proposed
simplified method of EC4-1-2 Annex F.

Ultimate Resistant Ultimate Resistant
Moment - general Moment - EC4 simplified
time procedure - procedure - Mgimpl EC4/Mgsn
min KN*m KN*m
0 208,33 / /
30 139,31 154,566 1,11
60 73,75 99,986 1,36
90 31,69 71,592 2,26
120 16,79 50,904 3,03
180 7,16 39,674 5,54
(a)
Ultimate Resistant Ultimate Resistant
Moment - general Moment - EC4 simplified
time procedure - procedure - Msimpt eca/Mgen
min KN*m KN*m
0 471,12 / /
30 346,27 393,132 1,14
60 229,76 248,103 1,08
90 168,34 205,694 1,22
120 101,62 176,921 1,74
180 37,23 137,667 3,70
(b)

Fire classes highlighted in the tables correspond to
fire classes for which this method is not suitable (see
EN 1994-1-2). It is possible noticing how the simpli-
fied method suggested by Eurocode 4 is not on the
safe side, also within its field of application; in fact, it
always provides higher resistance values with respect
to the general procedure based on the moment-
curvature diagram (par. 2). The scattering becomes
very high outside the declared application field.

5 CONCLUSIONS

With reference to composite beams with concrete
encasement, the application of a general accurate

procedure to assess ultimate bending moment in fire
conditions has pointed out that the simplified plastic
method suggested by EN 1994-1-2 (Annex F) may
result on the unsafe side.

A simplified plastic method has been also pro-
posed, based on a suitable subdivision of the cross-
section in few relevant parts. The obtained results
are in good agreement with the accurate procedure.
Further studies will be devoted to deduce approxi-
mate formulations for the thermal field in the rele-
vant parts of the cross-sections.
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Fire design of composite steel-concrete columns under natural fire

D. Pintea & R. Zaharia

Politehnica University of Timisoara, Romania

ABSTRACT: The fire resistance of composite structures may be determined using simplified methods, based
on analytical formulas or tables, provided in the corresponding Eurocode for fire design. For special situa-
tions or for complex structures it may be necessary to perform an advanced analysis, using special purpose
programs for the analysis of structures under ambient and elevated temperature conditions, as well as to es-
tablish a realistic fire scenario, based on ,,natural fire* models. The paper presents an example of application
of the advanced methods, to determine the fire resistance of the composite steel concrete columns for an ex-

isting building in Romania.

1 INTRODUCTION

The basic principle in determining the fire resistance
of a structural element is that the elevated tempera-
tures produced by the fire reduce the materials
strength and stiffness until possible collapse. When
the temperatures on the cross-section of a structural
element produce the reduction of the element resis-
tance bellow the level of the effect of actions for fire
design situation, it is considered that that element
lost its load-bearing function under fire action.

The fire resistance of composite steel-concrete
structures is calculated according to EN1994-1-2
(EN1994 2005). Three methods are available in or-
der to evaluate the fire resistance: the tabulated data
method, the simple calculation models and the ad-
vanced calculation models.

The advanced calculation models suppose an ad-
vanced numerical analysis of the elements or of the
entire structure under fire, using specialized soft-
ware for the mechanical analysis of structures under
elevated temperatures.

There are several fire models, accepted by the
European Standard EN1991-1-2 (EN1991 2005),
which describes the thermal and mechanical actions
to be considered for a structure under fire.

The nominal standard temperature-time ISO
model does not take into account any physical pa-
rameter, and can be far away from reality. From the
beginning, the nominal model supposes that the en-
tire compartment is in the flashover phase and the
temperature is increased continuously, without tak-
ing into account the cooling phase.
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A modern fire model approach is the “Two Zone”
model. In this natural fire model, in the pre-
flashover phase, the fire compartment is divided in a
hot upper zone and a cold inferior one. For each
zone, with uniform temperature, mass and energy
equations are solved. Complex equations describe
the air movement in the fire plume, the radiative ex-
changes between the zones and the gas movements
on the openings and adjacent compartments. After
the flashover, the temperature is considered uniform
and is determined by solving the equations of mass
and energy of the compartment, taking into account
the walls and openings. In the frame of the ECSC re-
search "Natural Fire Safety Concept" (CEC 2001) it
was considered necessary to develop a computer
program for this model. This objective is now
reached, a computer program called OZone is avail-
able in order to determine the temperature-time
curve by means of the “Two Zone” model, and was
built at the Liege University, Belgium, in collabora-
tion with the “Politehnica” University of Timisoara
(Cadorin et al 2003).

The fire is considered an accidental situation
which requires, with some exceptions, only verifica-
tions against the ultimate limit state. The combina-
tions of actions for accidental design situations are
given in the European Standard for basis of struc-
tural design EN1990 (EN1990 2004).

A structure, substructure or element in fire situa-
tion may be assessed in the time domain, where the
failure time must be higher than the required fire re-
sistance time. The failure time is the time for which
the resistance of the structure (or substructure, or
element, as considered) under elevated temperatures



reach the effect of actions for the fire design situa-
tion, considering the combination of action in fire
situation.

2 COMPOSITE STEEL-CONCRETE STRUCTURE
ANALYSED

The paper presents the calculation of the fire resis-
tance for one of the composite columns of ,,Bucha-
rest Tower Centre® structure, which will be the tall-
est building in Bucharest for the moment. The
building has 3 basements, one ground floor, 21
floors, 3 technical floors at a total height of 106.3m.

The columns are made by cruciform cross sec-
tions made of hot rolled European profiles, partially
encased in reinforced concrete, in order to increase
strength, rigidity and fire resistance. According to
Romanian fire regulations, considering the specific
and particularities of the building, the columns must
have 150 minutes of fire resistance.

Figure 1 shows the cross sections types of the
columns: octagonal sections with identical steel pro-
files 2HEB500, 2HEA800, 2HEB800, 2HE800x373
(a), octagonal sections with different steel profiles
HEM800 HEM700, HEB800 HEB700, HEA800
HEA700 (b) and rectangular sections HEB1000
HEB500, HEB1000 HEMS500 (c).

The rebars have 25 mm diameter and the concrete
is C30/37.

For the purpose of this paper, only the 2HEB500
cross-section will be presented, as it has the lowest
fire resistance under ISO fire from the set of col-
umns.
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Figure 1. Composite cross-sections

3 THERMAL ANALYSIS UNDER ISO FIRE

For the calculation of the fire resistance of the
composite column, the SAFIR computer program
was used (Franssen & Kodur & Mason 2004), which
is a special purpose program for the analysis of
structures under ambient and elevated temperature
conditions. The analysis of a structure exposed to
fire consists of two steps. The first step involves
predicting the temperature distribution inside the
structural members, referred to as “thermal analy-
sis”. The second part of the analysis, termed the
“structural analysis” is carried out to determine the
structural response due to static and thermal loading.

Figure 2 shows the temperature distribution on
the cross section of the considered column, after 150
minutes of ISO fire. Due to symmetry, only a quarter
of the cross-sections was modeled. The round rein-
forcing bars are represented by quadrilateral ele-
ments, with equivalent area. After 150 minutes of
ISO fire, the steel profiles flanges exhausted practi-
cally their load capacity, having temperatures
greater than 900°C, while the profiles webs and the
reinforcing bars have lower temperatures and there
is an important core of concrete with quite low tem-
peratures.
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Figure 2. Temperature distribution on the 2HEB500 column
under ISO fire at 150 minutes.

4 MECHANICAL ANALYSIS UNDER
ELEVATED TEMPERATURES

The column, considered as an isolated element,
loaded with the axial force and the bending moments
on both principal cross-section axes (efforts corre-
sponding to the fire combination of actions), was
modeled with 3D beam elements. The buckling
length of the column was considered conservatively
as the system length. Equivalent imperfections ac-
cording to EN1994-1-1 (EN1994 2005) were im-
posed on both directions of the principal cross-
section axes.
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The horizontal displacement evolution at the mid
height of the column 2HEB500 of ground floor is
presented in figure 3. As the characteristic time-
displacement demonstrates, the column of the
ground floor does not resist to 150 minutes of ISO
fire under the imposed static loads, having a resis-
tance time of only 70 minutes.
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Figure 3. Displacement evolution under ISO fire.

The fire resistance of the 2HEBS500 column
grows with each floor, as the stress level in the col-
umns decrease on the height of the building. The
R150 fire resistance requirement is fulfilled only
from the 11" level forth.

5 THE NATURAL FIRE SOLUTION

Since the ISO fire solution is much too conservative,
an approach based on the Natural Fire concept was
considered. The same element was subjected to a
natural fire curve, obtained using the OZone v2
computer model (Cadorin et al 2003).

Several assumptions must be made when dealing
with the natural fire scenario, like the maximum fire
area, the fire load, and the surface of the openings.

The most challenging is to establish how the cur-
tain walls will behave in a fire situation. The rate of
heat release of fires is limited by the flow of oxygen
available to it. In all except very rare circumstances,
the flow of oxygen into a room comes largely from
open doors and open windows and to a slight extent
from any mechanical ventilation systems and from
building leakage. Once a fire gets going, however,
windows previously closed may crack and break out.
The results will often be drastically different, de-
pending on whether the windows break or not. Thus,
it becomes of significant interest to be able to pre-
dict if, and when, glass may break out.

Here, an important distinction needs to be made.
When a window pane of ordinary float glass is first
heated, it tends to crack when the glass reaches a
temperature of about 150 - 200°C. The first crack
initiates from one of the edges. At that point, there is
a crack running through the pane of glass, but there
is no effect on the ventilation available to the fire.
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For the air flows to be affected, the glass must not
only crack, but a large piece or pieces must fall out.

Understanding the conditions under which pieces
actually fall out has been of considerable interest to
fire specialists. Since the fire ventilation openings
need to be known in order for fire models to be used,
glass breakage has been of special interest to fire
modelers. This has prompted a number of theoretical
and simplified studies and a few empirical ones as
well.

The only probabilistically-based results concern-
ing glass exposed to a uniform hot temperature come
from the Building Research Institute (BRI) of Japan
(Tanaka et al. 1998). In that study, researchers used
a large-scale high-temperature door-leakage testing
apparatus that resembles a large muffle furnace.
Only single-glazed, 3 mm thick window glass was
studied. For this type of glass, however, enough tests
were run so that a probability graph could be plotted.

The results are presented in terms of a probability
of glass breaking out, as a function of temperature
rise above ambient (Fig. 4).
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Figure 4. Probability of glass breaking.

The Gaussian fit that can correlate this data cor-
responds to a mean temperature rise of 340°C, and a
standard deviation of 50°C.

The fire compartment can be modeled as a square
of 20m x 20 m, with three walls made of bricks and
a fourth wall entirely made of curtain wall. A linear
variation of the openings was considered, i.e. the
curtain wall. Based on the research mentioned
above, at 300°C 30% of the windows were consid-
ered broken, while at 500°C all the windows are
broken.

The fire load inside the compartment was the one
for office occupancy, with a rate of heat release of
250 kW/m®. All the other parameters were consid-
ered (automatic water extinguishing systems, fire
detection, etc). The evolution of the temperature in
the upper layer is presented in Figure 5.

The temperature distribution on the 2HEBS500
column cross section under natural fire at 55 minutes
(corresponding to the peak temperature in figure 3)
is presented in Figure 6. The horizontal displace-



ment evolution at the mid height of the column
2HEBS500 of ground floor is presented in Figure 7. It
may be observed that the column is stable; there is
no collapse of the element under natural fire.
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Figure 5. Temperature distribution in the upper layer.
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Figure 6. Temperature distribution on the 2HEB500 column
under natural fire.
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Figure 7. Displacement evolution under natural fire.

6 CONCLUSIONS

Natural fire solutions must be adopted to the fire de-
sign of steel and composite steel concrete structures.

Careful consideration of the occupancy of the fire
compartment and that of the materials that make out

the fire compartment walls lead to a more realistic
behavior of the structural elements under fire.
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Variations of forces in a real steel structure tested in fires

Z. Sokol & F. Wald

Czech Technical University in Prague, Czech Republic

ABSTRACT: During an accidental situation of fire, a structure is exposed to additional loads in addition to
the loads considered for the standard design situation. These loads result from thermal expansion of the
structural members, membrane action and internal forces redistribution. Progressive collapse of the structure
should be avoided. The tension/compression forces in the beams and beam to column joints (tie forces)
should be resisted. This is ensured by robustness of structure. This paper presents some fire test results.

1 INTRODUCTION

At present, accurate models are used to predict
resistance, stiffness and deformation capacity of
joints. The component based joint analysis method
may also be extended joints at high temperature
(Spyrou et al, 2002). However, evaluation of internal
forces acting in the joints and elements at fire can be
difficult. The tie forces which should be resisted by
the joints cannot be evaluated by analysis of single
structural elements. Global analysis of part of the
structure or complete structure is necessary to take
into account interaction of the structural elements
(O’Connor & Martin, 1988), (Wang, 2002).
Nonlinear analysis including thermal expansion,
temperature-dependent material properties and
plasticityis necessary for accurate results. This paper
presents some experiments for calibration of
numerical models and to develop simple prediction
models for tie forces at fire.

2 DESCRIPTION OF THE EXPERIMENT
2.1 Steel structure

The structure used for the experiment is a 3 storey
administrative building attached to a single storey
framed building, see Figure 1 (Kallerova & Wald,
2006). The load-bearing structure consists of steel
columns and beams supporting concrete slabs of 130
mm (including the ribs). No shear connection
between the steel beams and the slab was designed.
The beam to column and beam to beam connections
were designed as simple end plate connections using
2 or 6 bolts M20, see Figure 2.

80

2.2 Fire compartment

The fire compartment sized 3,80 x 5,95 m x 2,78 m
height was located on the 2" floor. The walls were
made from hollow ceramic bricks except the front
wall which was made from light weight concrete.
One window of width 2,40 m and height 1,40 m was
located in the front wall, see Figure 3.

Figure 1. The fire compartment on the 2™ floor of the building.

The steel columns were partially encased in the
walls and only the flange was exposed to fire.
During the fire test, the exposed column flanges



were protected by fibre-silicate boards. The beams
and connections were not protected during the test.
Mechanical load was introduced on the 3™ floor.
The total load (including self weight of the structure)
was 5,7 kKN/m”. Wooden cribs were used as fire load,
60 kg/m” floor area (1060 MJ/m?) being used for the
compartment fire test and 170 kg located on an area
1 x 1 m was used for the local fire (Fig. 5, 6).
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Figure 2. The concrete slab, beam to beam and beam to column
connections.
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Figure 3. Dimensions of the fire compartment.
2.3 Measuring devices

Thermocouples, strain gauges and displacement
transducers were used to record behaviour of the
structure during the fire test. In total there were 42
thermocouples to measure the temperatures of the air
in the fire compartment, of the structural elements
and beam connections. Vertical deformations were

measured by 5 transducers located on the 3™ floor at
mid-span of the primary and secondary beams.
In addition, the relative horizontal displacement of
the columns A2-D2, D1-D2 a D2-D3 were measured
by 3 transducers. Strains in the columns were
measured by 16 strain gauges attached to the column
flanges on the 1 and 3™ floors. The fire and smoke
development was recorded by five video cameras
and one thermo imaging camera.

tion of thermocouples on

! s

Figure 4. Loc floor of 6lumn D2.

2.4 Fire tests

The fire compartment was used for two fire tests.
The local fire test (performed on 15 June 2006) was
designed to measure the temperature in steel beams
and column close to the fire. The fire was located in
the middle of the compartment just below the
primary beam A2-D2, see Figure 5. A column was
erected in the middle of the compartment. It did not
support any load but was used only for measurement
of temperatures along its length.

The compartment test was designed to obtain the
gas temperature, temperatures of the structure
including the joints, the tie forces and temperatures
of steel structure in front of the compartment
window.

No collapse occurred during the tests, however,
deformations and lateral-torsional instability of the
beams was observed, see Figure 7.
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4 :
Figure 7. Beams after the compartment fire test.
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3 EVALUTION OF TIE FORCES
3.1 Method of analysis

The tie forces were derived from the strains
measured by the strain gauges attached to column
flanges, see Figure 8 (Sokol & Wald, 2005).
Standard strain gauges were used for measurement
as they were located outside the fire compartment. In
addition, the columns were fire protected therefore
the temperatures of the columns at location of the
strain gauges were low and no correction of modulus
of elasticity for the temperature was necessary, see
(Sokol & Wald, 2005).

The measured strains can be transformed to stress
increments induced in the column during the fire.
The stress was calculated as the average of the pair
of the strain gauges at the flange to take into account
bi-axial bending of the column. The pairs of the
strain gauges are in the following table.

Table 1. Strain gauges for calculation of the average stress.

Strain gauge location ~ Bending of column

y-axis Z-axis
3" floor, +3,0 m ST13 -ST14 ST13 - ST15
ST15-ST16 ST14 - ST16
3 floor, +3,0 m ST9 —ST10 ST9 —STI11
ST11-STI12 ST10-ST12
1* floor, +4,2 m STS —ST6 STS —ST7
ST7 —ST8 ST6 —ST8
1* floor, +1,5 m ST1 —ST2 ST1 —ST3
ST3 —ST4 ST2 —ST4

The stress in the column flanges was transferred to
corresponding bending moment using section
modulus of the column, see Figure 8. The following
values were used for the calculation.

W, =994 900 mm’,
W, =186 800 mm’, (1)

W, =233 500 mm”.

The tie forces were obtained from continuous beam
model representing the column D2, see Figure 9. It
is assumed the bending moment diagram is linear
along the column and the beam to column
connections and column base are designed as simple
connections. The shear force diagram can be derived
from the bending moments by differentiation of the
bending moment function. Finally, the tie forces can
be calculated.
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Figure 9. Placement of strain gauges on column D2 and model
for evaluation of tie forces.

3.2 Tie forces for the compartment fire

3.2.1 Bending of column about y-axis

The maximum tie forces measured in the 1* and 3™
floors were +215 kN (tension) and -50 kN
(compression). The tie force in the 2" floor was
-300 kN (compression) and +65 kN (tension). The
average stress, bending moments and tie forces are
plotted in Figures 10-12. Relative displacement of
the columns A2-D2 is plotted in Figure 13. The
maximum displacement was 21 mm.
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Figure 10. Average stress in column D2, bending about y-axis.
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Figure 11. Bending moments in column D2, bending about
y-axis.
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Figure 12 Tie forces in column D2, bending about y-axis.
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Figure 13. Relative displacement of columns A2-D2.

3.2.2 Bending of column about z-axis

Tie forces measured in the direction of the
secondary beams were much smaller than the forces
in direction of the primary beam. This was caused
by fire protection of the secondary beams attached to
column D2 by the partition walls thus preventing
thermal expansion of these beams. The behaviour
was also influenced by the walls acting as a bracing
of the structure and by location of the column in the
middle of the wall. The maximum forces were
+8,4 kN (tension) in the 1** and 3™ floor beams and
-10,5 kN (compression) in the 2™ floor. The stress,
bending moments, tie forces and relative
displacement of the columns during the fire are
plotted in Figures 14-17.
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Figure 14. Average stress in column D2, bending about z-axis.

-5

Moment, KNm

3" floor +0.0m

3" 06T 1.0m

1% floor +1.5m
3" floor +3.0m

240 270
Time, min

90 120 150 180 210
1% floor +4.2m
1 floor +5.1m

-10
Figure 15. Bending moments in column D2, bending about
Z-axis.
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Figure 17. Relative displacement of columns D1-D2 and
D2-D3.
3.3 Tie forces for the local fire

3.3.1 Bending of column about y-axis

The tie forces measured during the local fire were
smaller than the forces during the compartment fire
because of smaller thermal load during the local fire.
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This resulted in non-uniform heating of the beams
along the length, lower temperature and thermal
elongation of the beams. The maximum force was
+116 kN (tension) and -156 kN (compression). The
stress, bending moments, tie forces and relative
displacement of the columns during the fire are
plotted in Figures 18-21.
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Figure 18. Average stress in column D2, bending about y-axis.
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Figure 19. Bending moments in column D2, bending about
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Figure 20. Tie forces in column D2, bending about y-axis.
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Figure 21. Relative displacement of columns A2-D2.



3.3.2 Bending of column about z-axis

The tie forces are almost negligible and reach
+4 kN. This is the result of local fire which had
influence on the primary beam just above the the fire
but very small heating was observed on beams D1-
D2 and D2-D3 which were encased in the wall. The
stress, bending moments, tie forces and relative
displacement of the columns during the fire are
plotted in Figures 22-25.
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Figure 22. Average stress in column D2, bending about z-axis.
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Figure 23. Bending moments in column D2, bending about
Z-axis.
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Figure 24. Tie forces in column D2, bending about z-axis.
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Figure 25. Relative displacement of columns D1-D2.

4 CONCLUSION

Results of fire tests performed on a 3 storey
administrative building are summarized in this
paper. The tie forces at three levels of the building
are derived from the measured data. The tie forces
reached up to 300 kN depending on the type of fire
(local or compartment fire). No collapse of the beam
to column connections was observed, but small
deformations of the end plates due to the tie forces
were found.
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Class 4 stainless steel box columns in fire
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ABSTRACT: A study of stainless steel cold-rolled box columns at elevated temperatures is presented,
which is a part of an on-going RFCS project Stainless Steel in Fire”. Experimental results of six, class 4, stub
columns at elevated temperature, tested by Ala-Outinen (2005), were used to evaluate the FE model. The FE
analysis obtained using the commercially available software, ABAQUS, shows that the critical temperature
was closely predicted. Further, a parametric study was performed using the same numerical model. This was a
basis to check the quality of prediction of a newly proposed improvement for design rules of class 4 cross-
sections in fire according to EN 1993-1-4 (2006) and EN 1993-1-2 (2005).

1 INTRODUCTION

Several recent research RFCS projects and published
results in Karlstrom P. (2004), Ng & Gardner
(2006), have shown that stainless steel performs bet-
ter than carbon steel at elevated temperatures. The
improved behaviour is mainly explained by the en-
hanced material properties and a favourable relation-
ship between strength and stiffness that makes
stainless steel less prone to buckling in fire. For
flexural buckling this behaviour is taken into ac-
count in EN 1993-1-2 (2005) but not for local buck-
ling. This makes the Eurocode treatment inconsistent
and it leads to conservative results especially for
slender cross-sections.

Ng & Gardner (2006) have presented recommen-
dations for design guidance that include the relation-
ship between strength and E-modulus for both local
and global slenderness as well as for the cross-
section classification. All available test results have
than been used to propose a revised semi-empirical
buckling curve.

2 EXPERIMENTS

Four cold rolled stainless steel stub columns,
A <0.1, with cross-section class 4 were tested at the
ambient temperature, Ala-Outinen (2005). Four
strain-gauges were used to measure stresses at mid-
column. The material properties were determined
from tensile coupon tests of the flat faces of the col-
umns. The geometry of the columns and local imper-
fections were measured. The material used in the
columns was EN 1.4301. Fully restrained ends were
achieved in experiments.

86

Table 1. Results from tests at the ambient temperature.

No. specimen Cross-section Length  Failure load
mm kN

1. 150x150x3 900 398

2. 150x150x3 900 393

3. 200x200x5 900 1129

4. 200x200x5 900 1118

Six unprotected columns were tested at elevated
temperatures, Ala-Outinen (2005). The test set-up
was equivalent to the ambient temperature tests.
Hence, the same material and cross-section charac-
teristics were used. The temperatures were measured
with twelve chromel-alumel thermocouples and the
axial deformation was measured using transducers.
The transient procedure was applied, meaning that
the axial load was kept constant and the furnace
temperature was raised in a controlled way, at the
rate of 10°C/min. The columns were tested at three
different load levels.

The results from the tests at elevated temperature
are presented in Table 2.

Table 2. Results from tests at elevated temperatures.

No. specimen  Length Load Loadlevel Failure temp.

Cross-section mm kN °C
1. 150x150x3 900 203 0.51 676
2. 150x150x3 900 165 0.42 720
3. 150x150x3 900 248 0.63 588
4. 200x200x5 900 694 0.62 609
5. 200x200x5 900 567 0.50 685
6. 200x200x5 900 463 0.41 764




3 FE-MODEL

There are several important aspects of FE-
modelling, addressed in the modelling of experimen-
tal results both at ambient and elevated temperature.
A suitable element type and its size is analysed in so
called, sensibility analysis. FEA capability to predict
the failure mode, as well as, the maximum load and
stiffness of the column are prerequisites for a reli-
able model. The input data are of great importance
including the material properties. The influence of
different parameters was studied and expected re-
sults were confirmed. The major findings were as
follows. Increasing the slenderness of the cross-
section, the size of the local imperfections increases
which affects the failure load and the critical tem-
perature significantly. The global imperfections play
a more important role for slender columns.

3.1 Elements

A general-purpose shell element, called S4R, within
Abaqus/Standard were used in order to avoid limita-
tions of plate thickness chosen for the modelling of
the experiments. S4R is a 4-node element with 6 de-
grees of freedom per node and it is suitable for thick
and thin shell element applications. An element size
of b/6 was chosen based on the results from the sen-
sitivity study, Table 3.

Table 3. The model’s sensitivity to different element sizes.
Analysis was performed at ambient temperature and on speci-
men No. 1.

Element type Element size Element size” N,  CPU time
mm s

S4R 25 ~b/6 396 127

S4R 12.5 ~b/12 387 474

S4R 6.125 ~b/24 385 2227

:Belative to side length of the cross-section, b=side length.
Failure load from non-linear analysis

3.2 Material

It is well established that the mechanical properties
of stainless steel are strongly influenced by the level
of cold-work. This results in significantly higher
0.2% proof strength in the corner regions compared
to the flat faces. Ashraf et al. (2005) have proposed a
formula, Eq. (1), to predict the strength of cold-
formed corner regions op2c. This equation is inde-
pendent of the production route, and it can be used
both for roll-formed and press-breaked columns.
Prediction is based on 0.2 % proof strength of virgin
sheet, op2y, inner corner radius of the cross-section
ri; and cross-section thickness, ¢ see also Figure 1.

1.8810,,,

0.194
h
( t]

The extent of the corner properties, in addition to
the importance of the material properties in the cor-

(1)

Op2c =

ner regions, is essential for the FE models to predict
the critical temperature. Gardner & Nethercot (2004)
have found that extending the corner properties to 2¢
beyond the curved portions of the cross section, Fig-
ure 1, give the best agreement with test results.

2t
_ Corner region

Figure 1. Corner regions

Zhao & Blanguernon (2004) have defined reduc-
tion factors for cold worked material and concluded
the following.

For temperatures below 700°C the use of the re-
duction factors of the annealed material lead to con-
servative results. For instance, at 600°C the 0.2 %
proof strength differs more than 20% for EN 1.4571
C850 compared to the annealed grade. These large
differences for cold-worked material indicate that
cold-forming affects the material properties at ele-
vated temperatures.

Ala-Outinen (1996) tested both virgin sheet and
corner material from cold rolled square hollow sec-
tions made of EN 1.4301. It was concluded that the
cold-formed material performs better at elevated
temperatures compared to annealed material, Table
4. A comparison of experimental results and results
of FE predictions with different corner properties is
presented in Table 5.

For the FE-model the reduction factors from EN
1993-1-2 (2005) were used for the material in the
flat faces and the reduction factors derived from
tests by Ala-Outinen (1996) were used for the corner
regions.

Table 4. Comparison of reduction factors.

Temperature koz,p,e* ko.z,p,e** k042,p,9***
°C

20 1.00 1.00 1.00
100 091 0.83 0.82
200 0.88 0.74 0.68
300 0.83 0.69 0.64
400 0.80 0.66 0.60
500 0.70 0.59 0.54
600 0.64 0.52 0.49
700 0.42 043 0.40
800 0.28 0.30 0.27
900 0.10 0.18 0.18

"Reduction factor for 0.2 % proof strength of cold-formed cor-
ner regions of EN 1.4301 according to Ala-Outinen (1996)
“Reduction factor for 0.2 % proof strength of virgin sheet of
EN 1.4301 according to Ala-Outinen (1996)

""Reduction factor for 0.2 % proof strength of annealed mate-
rial according to EN 1993-1-2 (2005)
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Table 5. Comparison between test and FEA with different as-
sumptions for material properties in the corner regions. Analy-
sis performed on specimen No. 5.

FE-Analysis
Ny Temp. Temp.* Temp.** Temp.**
kN °C °C °C °C
200x200x5 567 685 520 625 645
"No strength enhancement of corner regions.
" Assumed corner material properties from cold forming, re-
duction factors the same as for annealed material according to
EN1993-1-2 (2005)
Assumed corner material properties from cold forming, re-

duction factors for cold formed material according to Ala-
Outinen (1996)

Section Experiment

*

The temperature dependent thermal elongation
given in Annex C in EN 1993-1-2 (2005) was im-
plemented in FE model. Engineering stresses and
strains were used to calculate true stresses and loga-
rithmic strains necessary for ABAQUS input data.

3.3 Imperfections

The two types of geometrical imperfections that
have to be considered are, global imperfections and
local imperfections.

The most common way to model geometrical im-
perfections is by using a shape obtained from eigen-
value buckling analysis adjusting the amplitude of
the relevant imperfection and implementing it in
non-linear analysis. The eigenvalue analysis gives a
shape corresponding to global and local instability
mode. It is assumed that combination of eigenmodes
to model the imperfections will lead to conservative
results of non-linear analysis.

A sensitivity analysis was performed in order to
evaluate the influence of geometrical imperfections
on the maximum load. The magnitudes of both the
local and global imperfections were varied. Table 6
and 7 presents the results of the sensitivity analysis.

Table 6. Sensitivity analysis of different imperfections at ambi-
ent temperature. Analysis performed on specimen No. 1 from
Table 1.

Local imperfection

Global imperfection

L/500 L/1000  None
b/100 382kN 382 kN
b/200 398 kN 401 kN 401 kN
None 486 kKN 489kN  610kN

Table 7. Sensitivity analysis of different imperfections at
800°C. Analysis performed on specimen No. 4 from Table 2.

Local imperfection ~ Global imperfection

L/500 L/1000  None
b/100 114kN 114 kN
b/200 125kN 126 kN 126 kN
None 151 kN 156 kN 172 kN

The level of the global imperfections on the
maximum load is negligible because of the small
differences in maximum load computed as long as
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the magnitudes of the local imperfections exist. Jo-
hansson & Veljkovic (2004) have shown that by us-
ing the lowest eigenmode and the measured magni-
tude of the local imperfections for the modelling of
carbon steel plates in fire give a good prediction of
the failure load. The small variations in failure load
with different magnitudes of imperfections seen in
Table 7 imply that this conclusion also holds for
stainless steel at the elevated temperature.

For the modelling of the tested stub columns the
measured local imperfections were used and no
global imperfections were introduced.

3.4 Residual stresses

Gardner & Nethercot (2004) concluded that residual
stresses causes a small reduction in stiffness but
have little influence on the overall behaviour or on
the ultimate load carrying capacity for stub columns.
Therefore, no residual stresses were introduced in
the modelling of the tested columns.

3.5 Validation

Results obtained from FE predictions were com-
pared to the results from the experiments, Table 8.

Table 8. Validation of the FE-model

No. specimen Experiment FEA Temprea/Tempey,
Cross-section Temp. Temp.
OC OC

1. 150x150x3 676 716 1.06

2. 150x150x3 720 758 1.05

3. 150x150x3 588 593 1.01
4.200x200x5 609 482 0.79
5.200x200x5 685 645 0.94

6. 200x200x5 764 732 0.96

It is concluded that the FE-model predicts the
failure temperatures with good accuracy for all tests
but specimen No. 4 and the general conclusion is
that the model is reliable for parametric study.

4 PARAMETRIC STUDY

More general behaviour of thin walled stainless steel
columns was further investigated performing a pa-
rametric study. The applied load levels, as well as,
the global and local slenderness were varied and the
results were compared to the predicted strengths ac-
cording to the EN 1993-1-2 (2005) design model.

To investigate a possible practical application of
class 4 stainless steel columns the parametric study
was extended to include the length L=3100mm for
all cross-sections and load levels.

4.1 FE-model

The validated FE-model was used for the parametric
study. However, due to the greater slendernesses
simulated than in the experiments the global imper-



fections has to be taken into account. The local im-
perfections were taken as b/200 and the global im-
perfection were taken as L/1000 in accordance with
the allowed tolerances in prEN1090-2 (2005). With
nominal material properties, including the corner
properties, and cross-sectional dimensions the fail-
ure loads from the FE-simulations at room tempera-
ture were compared to the ultimate loads calculated
in accordance with EN1993-1-4 (2006), see Table 9.

Table 9. Results from FEA at ambient temperature compared
to predicted failure loads according to EN 1993-1-4 (2006)

Table 11. Results from FEA compared to predicted failure
loads according to the design model proposed by Ng & Gard-
ner (2006) for different slendernesses. Load level 30% of ulti-
mate load at the ambient temperature.

Cross-section Failure load

Ng & Gardner (2006)/FEA

A=05 A=08 A=12
200x200x4 1,02 1,02 1,02
200x200x5 1,00 1,03 1,01
300x300x5 0.97 0.96 0.96

Failure load
EN 1993/FEA

Cross-section

A=05 A=08 A=12
200x200x4 1.06 1.06 0.96
200x200x5 1.05 1.10 1.00
300x300x5 1.08 1.04 0.95

It can be seen that the FE-model gives good
agreement with the design method in EN1993-1-4
(2006) for class 4 sections at room temperature. Ng
& Gardner (2006) have shown that using a global
imperfection of L/2000 in FE-analysis give the best
prediction of all available test results. However, the
use of a smaller imperfection than the allowed toler-
ances in prEN 1090-2 (2005) seems unjustified for a
parametric study.

The end constraints were pinned for all columns,
both at ambient temperature and at elevated tem-
perature. It was assumed that the temperature distri-
bution was uniform across and along the column.
The failure loads from the FE-simulations at ambient
temperature were used to calculate the appropriate
loads for each load level, cross-section and slender-
ness used in the simulations at elevated tempera-
tures.

4.2 Results

The results from the parametric study were com-
pared to the design model in EN 1993-1-2 (2005),
Table 10, as well as the design model proposed by
Ng & Gardner (2006), Table 11.

Table 10. Results from FEA compared to predicted failure
loads according to EN 1993-1-2 (2005) for different slender-
nesses. Load level 30% of ultimate load at the ambient tem-
perature.

It is clear that the design model according to the
EN 1993-1-2 (2005) predicts the failure load at ele-
vated temperature with varying results depending on
the cross-section slenderness. Greater local slender-
ness leads to more conservative results. This is fully
consistent with the conclusion by Ng & Gardner
(2006) and is a result of the Eurocode method ne-
glecting the more favourable relationship between
strength and stiffness at elevated temperatures for
local buckling. When applying the Ng & Gardner
(2006) approach the results show that this model
predicts the failure load much less dependent on the
local slenderness. When comparing the results from
different load levels it is clear that it is important to
account on this influence, Table 12.

Table 12. Influence of load level on results for cross-section
300x300x5 for the Ng & Gardner (2006) approach.

Load level Failure load

Ng & Gardner (2006)/FEA

2=05 2=0.8 A=12
30% 0.97 0.96 0.96
40% 0.93 0.91 0.91
50% 0.91 0.88 0.88

Failure load
EN 1993/FEA

Cross-section

A higher load level gives lower critical tempera-
tures. From Table 12 it is obvious that the results ob-
tained by the Ng-Gardner (2006) design model scat-
ter more from the FE results as the load level
increases.

Furthermore, FEA of the columns with
L=3100mm were considered due to practical reasons
and results are shown in Table 13.

Table 13. Failure temperature from FEA with load level equal
to 0.3 and failure times calculated with the standard fire curve
(ISO 834)

Cross-section Failure temperature Failure time

2=05 A=08 A=12
200x200x4 0.76 0.74 0.73
200x200x5 0.81 0.82 0.79
300x300x5 0.71 0.69 0.67

200x200x4 810°C 28.1 min
200x200x5 790°C 27.0 min
300x300x5 816°C 30.5 min

It is clear that it is possible to use unprotected
stainless steel columns for fire resistance class R30.
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5 DEVELOPMENT OF IMPROVED DESIGN

MODEL FOR CLASS 4 CROSS-SECTIONS
The intention of the design model proposed for ele-
vated temperatures is that it is valid even for the am-
bient temperature. Therefore the buckling curve with
imperfection factor, ¢, and the limiting slenderness,
4, are taken as 0.49 and 0.4 respectively as it is
given in EN 1993-1-4 (2006). The results from the
parametric study clearly indicated the importance of
taking the temperature dependent relationship be-
tween strength and stiffness into account for local
buckling as well as for global buckling.

The basic form of the buckling curve given in EN
1993-1-4 (2006), Equation 2, is used to further im-
prove the design model. Apart from the local and
global slenderness being temperature dependent as
proposed by Ng & Gardner (2006), Equation 3-4,
the limiting slenderness are suggested to depend on
the strength — stiffness ratio according to Equation 5.

1

— <1 (2a)
¢+(¢2_12)

X:

¢:o.5[1+a(z—/@)+z] (2b)
where «a is a imperfection factor; A is the non-
dimensional slenderness; and 2, is the non-
dimensional slenderness where the reduction of the
strength starts due to the slenderness.

T . bt
" 28,46, k,

where b is the relevant width; ¢ is the relevant
thickness; and k; is the buckling factor.

0,5
] ke
& =€
kO.Zp,9

where ¢ 1s the material factor; kgp is the reduction
factor for Young’s modulus; kooppe 1s the reduction
factor for 0.2 proof stress.

(3a)

(3b)

k

E0

=1 {k—} )

90

0,5
— _ |k
20,0 = ﬂo |:ﬂ} (5)

The results for the proposed revised design model
are given in Table 13-15 and in Figure 2.

Table 13. Results from FEA compared to the proposed design
model at 30% load level.

Cross-section Failure load

Proposed/FEA

A=05 A=08 A=12
200x200x4 1.06 1.06 1.07
200x200x5 1.04 1.08 1.06
300x300x5 1.01 1.00 1.01

Table 14. Results from FEA compared to the proposed design
model at 40% load level.

Cross-section Failure load

Proposed/FEA

2=05 2=08 A=12
200x200x4 1.01 1.01 1.00
200x200x5 1.04 1.06 1.02
300x300x5 0.98 0.95 0.96

Table 15. Results from FEA compared to the proposed design
model at 50% load level.

Cross-section Failure load

Proposed/FEA

2=05 2=08 A=12
200x200x4 1.00 1.00 0.94
200x200x5 1.02 1.06 1.00
300x300x5 0.97 0.94 0.93

The results give a mean value of Proposed/FEA =
1.01 with a coefficient of variation (COV) of 0.08.
When comparing to the design model in EN 1993-1-
2 (2005) that give a mean of EN 1993/FEA = 0.73
and COV=0.09. It is clear that the proposed design
model gives improved predictions of the failure
loads.
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Figure 2. Comparison of proposed design model with FE-simulations

6 CONCLUSIONS

Comparison between experiments at the elevated
temperature and results obtained from FEA indicates
that

- assumptions for influence of material proper-
ties in the corners according to Eq. (1) and
Fig.1 are realistic and necessary for a reli-
able FE parametric study;

- assumptions for the shape and level of the
local buckling, b/200, and global imperfec-
tions, L/1000, are consistent with assump-
tions according to the established routines
for non-linear analysis of columns at ambi-
ent temperature.

The analysis of 3.1 m long pinned columns in a
standard ISO834 fire shows that it is possible to use
unprotected stainless steel columns and fulfil re-
quirement for resistance, R30.

Design recommendations for class 4 cross sec-
tions made of austenitic stainless steel presented are
fully coherent with EN 1993-1-2 and EN 1993-1-4.
This means that:

- the proposed model takes into account better
retention of strength and stiffness of stainless
steel than carbon steel, and

- the same buckling curve used at ambient
temperatures, with & = 0,49 and 4, =0,4, is
used at elevated temperatures.

Furthermore, the relationship between strength and
stiffness in case of local buckling is taken into ac-
count by Eq. 3b.

The proposed design model gives a consistent ap-
proach regarding buckling at ambient temperature.
The failure loads are predicted with a mean value of
1.01 with the coefficient of variation equal to 0.08.
This is an improvement compared to the design
model that is based on EN 1993-1-2 (2005) and EN
1993-1-1 (2005) as it is proposed by Ng & Gardner
(2006) where the mean value of the prediction ver-

sus test resistance was 0.96 and the same coefficient
of variation 0.08 was obtained.
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Analytical model for the web post buckling in cellular beams under fire

O. Vassart
Arcelor Profil Luxembourg, Luxemburg

A. Bouchair & J.-P. Muzeau

Blaise Pascal University, Clermont-Ferrand, France

ABSTRACT: A part of an analytical model representing the web-post buckling for cellular beams in case of
fire is described. It is based on the Arcelor web post buckling model developed for cold conditions and some
experimental results for full scale composite floor cellular steel beams at ambient and elevated temperatures.
A finite element model using shell elements was developed considering both material and geometrical non-
linearity. It is calibrated on the basis of experimental results. The comparison between the finite element pre-
diction and the experimental results showed a good agreement in terms of failure modes, load deflection rela-
tionship and ultimate loads. At fire tests for cellular beams, the failure arose by web-post buckling. The tem-
perature measured during the tests showed that it can not be simply estimated by applying temperature
dependent reduction factors on stiffness, as given in codes. So the Arcelor web post buckling model was
adapted in case of fire and was justified using a parametrical study using FEM analysis.

1 INTRODUCTION

The fire resistance of cellular beams has been
very controversial in recent years, with most of the
debate being concerned with their requirements for
intumescent protection. A rather conservative pre-
scriptive “rule” (ASFP 1992), without direct me-
chanical basis, for beams with web openings, requir-
ing 20% extra coating thickness compared with
solid-web beams, has recently been much discussed
on the basis of thermal tests using beams coated with
specific intumescent products. This previously men-
tioned approach was followed by a more recent pub-
lications (Bailey 2004, SCI 2004, Newman et al.
2006) justifying the traditional prescriptive fire pro-
tection rules. They are based on some principles of
structural mechanics applied to analyse the behav-
iour of cellular beams under fire.

Some experimental and numerical aspects (Nad-
jai 2006) have the potential to provide essential data
in several areas currently lacking systematic re-
search results. It will underpin the current lead in
expertise which is held by European fire engineering
designers, and will assist European-based fabricators
who have made cellular beams the most popular
long-span system in current construction.

In this paper, a part of an analytical model repre-
senting the web post buckling for cellular beams in
case of fire is described. It is based on the Arcelor
web post buckling model developed for cold condi-
tions (Bitar et al. 2005) and some experimental re-
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sults for full scale composite floor cellular steel
beams at ambient and elevated temperatures (Nadjai
et al. 2006). To check the validity of the analytical
model, a finite element model using shell elements
was developed considering both material and geo-
metrical non-linearity.

2 FINITE ELEMENT MODEL DESCRIPTION

The finite element model was built using the soft-
ware SAFIR (Franssen et al. 2005), developed at the
University of Li¢ge (Belgium), in order to simulate
the complete behaviour of cellular beams taking into
account local instabilities. This model was calibrated
on the basis of a large number of different cold tests
performed over the past few years (Bitar et al. 2005,
ECSC 2004). This model was then used to simulate
the behaviour of cellular beams in case of fire.

Figure 1. FEM model for a tested cellular beam (initial and de-
formed shapes) under fire.



The same model is used to simulate the cold tests
and the tests at elevated temperature. An example of
comparison between FEM Model and test at ambient
temperature for the evolution of the applied load in
versus the deflection at the mid-span is showed in
Figure 2. The results show that the FEM model is
well representing the experimental results.
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Figure 2. Comparison between FEM and Test results at ambi-
ent temperature

The FEM model was calibrated on the basis of
two tests in fire of different geometrical configura-
tions (Nadjai et al. 2006). The different temperatures
measured during the two tests at elevated tempera-
ture were directly introduced in the FEM model to
simulate the behaviour of the cellular beams in high
temperature conditions. As the evolution of the tem-
perature along the beam is not constant for a given
section, an average value was taken for each geo-
metrical property. Different time-temperature curves
were introduced for the bottom flange, web, upper
flange and concrete slab (for composite beams).
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Figure 3. Comparison between FEM and Test results in fire
conditions

These results (Nadjai et al. 2006) were conclud-
ing that the numerical model simulates well the me-
chanical behaviour of composite cellular beam sec-
tions in both cold and at elevated temperature
conditions with a relatively high accuracy. An ex-
ample of the numerical model results showing the
instability of the web-post and the lateral displace-

ment of the beam is given in Figure 1. It shows that
the model is well representing the common failure
mode for steel cellular beams under high tempera-
ture, observed during tests, which is the web-post
buckling.

The FEM model is well representing the evolu-
tion of the mid-span deflection under fire for a com-
posite beam (Fig. 3) at least for the first part (till 60
minutes). At the end of the curve, a small difference
is observed between the model and the test.

3 WEB POST BUCKLING ANALYTICAL
MODEL

The analytical method for the web post buckling
in cold condition has been developed by CTICM on
behalf of Arcelor, as part of the ACB design optimi-
sation study. It is described in many references (Bi-
tar et al. 2005, Martin 2003, Galéa et al. 2003, Bitar
et al. 2006).

This method was adapted for the cellular beam
calculation in fire conditions. It concerns, for the
moment, the steel cellular beams but the same basis
has to be used to extend the analytical model to con-
sider the composite beams. The method developed is
presented hereafter.

The criterion for resistance to buckling of an in-
termediate web-post at elevated temperature is given
by Equation 1. It is based on the calculation of
Owfird, the principal stress resistance in fire situation
for the half post being studied and oy g4, the princi-
pal compressive stress in fire situation in the half
post being studied (owfirdup for the upper half post
and Oy 4 ow fOr the lower half post).

These stresses are calculated for the critical sec-
tion of the member being verified, adjacent to the
opening where compression is at a maximum (Fig.
4).

I, = M (1)
K O\ fird
Where k = the factor for post critical reserve of
strength, taking into account failure by a mechanism
that occurs after the appearance of local buckling of
the web post (Equation 21).

Throughout the following parts of this paper, the
parameter a defines the width of the critical section
in the web-post. It can be written as presented in
Equation 2.

oa=1+w/ag 2)
The critical section of a half post is the section
where the horizontal shear Vi fgq gives the maxi-
mum bending stress in the plane of the web. This
section is defined in terms of its distance d,, from the

joint between the two half posts, given by the Equa-
tion 3 based on geometrical considerations.
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Figure 4. Definition of critical section used for the stability of
an intermediate web-post.
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The width ¢, of the critical section is obtained by
considering the following relationship (Equation 4).

2
ly=ay | o — 1—£ﬂJ 4)
dp

The principal compressive stress in case of fire at
the critical section due to local bending moment
(Fig. 5) is given by Equation 5.

6 Mc.ﬁ.Ed
e, 1-4(d,/a,))

Ow.fiEd = (5)

where

M. sigg¢ =Bending moment in the critical section
in fire situation.

Upper member: Mc £ gd.up = Vhfied dw - Mhfikd

Lower member: M¢ figdiow = Vh.fid dw + Mh.figd(6)

Nunfi.updy Nonfiuptist)
Vo fiupisn)
£
Vhsika
Miigage
Viiedaan
dg
dow
Vi sitowiiet)
Nonisonty Nimitowii+1)

Figure 5. Forces acting on typical T sections.
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The shear area of a T is given by the following
relationship (Fig. 6):

t. _
Avo=|h B Ul r s 2270
2 2 2

Figure 6. Shear area of a T at the location of an opening.

The forces in the web post are given by the fol-
lowing relationships:

th.ﬁ = Nm.ﬁ.up(i-H) - Nm.ﬁ.up(i)

= N.filow(i+1) — Nm.filow()
Mim.fi = (Vi fitowii+1) T Vimfitow()) €/ 2 — Vim.fi diow

where

diow = Distance between the centre of gravity of
the lower T (at the opening centre line)
and the line of the joint between the half
posts (Fig. 3).

The principal stress resistance is calculated using
Equation 7 based on Eurocode 3 approach (CEN
2004).

Gufird = M (7)

Ymi
where
¥ =Reduction factor for out-of-plane buckling of
the web-post adapted for fire situation fol-
lowing the Eurocode 3 (CEN 2004), and cal-
culated using the formulae presented hereaf-

ter.
1
= — and 35 < 1,0 ®)
s +(¢9 _26’)
é, = 0,5[1+aks + o] 9)
o= 0,65 % (10)

y

& : Shape factor for the critical section, given by

-5
2.10 (1

(1-a)

E=1,5+



The reduced slenderness Ao of the web-post be-
ing considered in case of fire is given by Equation

12.
_ \/ E.-fyw \/ky,e
O_W.ﬁ.Cr k E,0

Ao =N \/ ky,e

kE,e
where
kye and kgp are the reduction factors for steel
strength limit and young modulus respectively, at
elevated temperature.

(12)

The critical principal stress for instability oy ficr
in fire condition is given by Equations 13.

Uppel‘ half pOSt: Ow.fi.Crup — Ocrup Ow.fiup
Lower half post: Gy fi.criow = Ocrlow Ow.filow (13)
where

Gw.fiup» Ow.filow = Principal stresses in fire situa-
tion in the upper and lower half posts respectively,
due to the shear force Vyn 5 alone and calculated us-
ing the formula given by Equation 5.

Olcr.fiups Ocrfilow = Critical coefficients for the up-
per and lower half posts respectively, taking into ac-
count interaction between the two members and
given by Equations 14.

. 2 ﬂCrAﬁ.up ﬂCn_/iJowJ

Qcr.fiyp = MAax (ﬁCnﬁ.up > IB +ﬂ
Cr, fiup Cr. fi.low

. 2 ﬂCrA_/iAup ﬁCr.ﬁ.low J (14)

Olcr.filow = Max ﬂCr.ﬁ.low >
ﬂCr.ﬁ.up + ﬁCr.ﬁ.low

Where

Ber.fiups Perfilow = Critical coefficients for the up-
per and lower half posts respectively, taking into ac-
count only compression in the member and shear in
the web post, given by Equations 15.

It is important to note that these coefficients are
calculated assuming that the lower member is in ten-
sion and the upper member is in compression.

B B 1
crfiup hpisd_ N, faup
I//LCr.ﬁ.up m.Cr.fiup
Ber fitow = ! (15)
o Vh._/i.Sd _ l Nm.ﬁ.low
Vier. fidow 2N, fidow
Where

Vhcrfiup, Vherfilow = Critical shear forces in fire
condition for out-of-plane buckling of the upper and
lower half posts respectively (definition given by
Equations 18).

Nim.cr.fiups Nmcrfilow = Critical axial forces in fire
condition for local buckling of the web of the upper

and lower members respectively (definition given by
Equations 19).

N fiup, Nm.filow = Axial forces in fire condition in
the webs of the upper and lower members respec-
tively, given by Equations 16.

_ Pwap . .
Nmfigp = —— min (Nm‘ﬁ‘up(i) ; Nm.ﬁ.up(i+1))

0.up

A
_ w.low : .
N filow = —- min (Nm.ﬁ.luw(i) 5 Nm.ﬁ.luw(i-*—l) )(16)

0.low

Where

Ag.up, Aglow = Areas of the upper and lower T sec-
tions respectively, at the location of the openings.

Ay up, Awlow = Areas of the webs of the upper and
lower T sections respectively, at the location of the
openings, given by Equations 17.

Aw.up = AO.up - bup tf.up

Aw.low = AO.low - blow tf.low (17)

The critical forces, Vicrsi for shear in the web
post and Ny, crs for compression in a member, are
given by Equations 18 and 19.

Vhcrti =Pe (Co+ Ci ty)
Nm.cr.fi = Pg (Do + Dy tw)

(18)
(19)
where

Pr = Reference Euler buckling load, given by
Equation 20.

2
E
Pr="2ewe (20)
a,

Expressions for the coefficients Cy, C;, Dy and
D,, are based on experimental and numerical cali-
bration (Martin 2003).

The factor for post critical reserve of strength « is
given by Equation 21.

k=1+0,625(y —-0,3) (21)
Where
v =Non-dimensional factor given by the follow-
ing formulae.

Upper T: yw =Mpirdup / € Vup
Lower T:y = Mpird.iow / € Viow

Where

Mpirdup, Mplralow = Plastic moment resistances
of the upper and lower T respectively, at the location
of an opening.

Viiups Viilow = Shear forces in the upper and lower
members respectively. The lower value for v ob-
tained from the right part and the left part of the
web-post is to be used.
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4 PARAMETRICAL STUDY USING FEM
MODEL

A parametrical study was carried out in order to
compare the critical temperature given by the cali-
brated FEM Model (SAFIR) and the simplified ana-
lytical model. The Figure 7 shows the difference be-
tween the critical temperatures of the web post given
by SAFIR and the analytical simplified model. All
the results are on the safe side and the maximum
value of the difference is less than 5%.

Delta between SAFIR and simplified model [%]

WWWWHP Il

1.2 3 4 5 6 7 8 9 10 11 12 13 14 15 16 17 18 19 20 21 22 23 24 25 26 27 28 29 30 31 32 33 34
Studied cases

Figure 7. Difference of the critical temperature between the
FEM and the analytical model.

Analysing this graph, it can be seen that the sim-
plified calculation model is always on the safe side
and that the difference between the FEM model
SAFIR and the simplified method is rather low.

This parametrical study was made varying the
following parameters:

- steel profile geometry

- geometry of the web-post
- steel strength limit

- loading intensity

The Figure 8 shows the out-of-plane displace-
ment of a web-post versus the time of heating for a
steel cellular beam heated using the ISO-curve. This
type of curve is used to define the beam failure
(critical temperature) considering the instability rep-
resented by a large lateral displacement.
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Figure 8. Evolution of the lateral displacement in a critical
point versus time of exposure to fire
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In fact, the web-post buckling is a kind of insta-
bility. Thus this instability is observed on the curve
of the lateral displacement evolution versus time of
heating in some critical points. When this displace-
ment becomes high, we consider that the beam
reached its critical temperature (Fig. 8).

5 CONCLUSION

The aim of the analytical model presented in the
paper is to calculate the web-post buckling resis-
tance for cellular beams in case of fire. The study
suggests the following:

- The experimental results compared with the
results from the Finite Element Modeling,
showed a good agreement, giving confidence
that the FEM modeling can be used for further
parametric studies.

- The numerical model is able to simulate the
mechanical behaviour of composite cellular
beam sections in both cold and elevated tem-
perature conditions with a relatively high ac-
curacy.

- The simplified model developed for the
evaluation of the critical temperature of the
web-post gives accurate and safe sided results
compared to the experimental tests and FEM
model for cellular steel beams.

Further improvement must be done in order to
take into account the composite cellular beams in the
analytical simplified model. The limits of applica-
tion must also be defined considering a wide range
of steel profiles.

6 REFERENCES

ASFP/SCI/FTSG, 1992. Fire Protection for Structural Steel in
Buildings, Second Edition, (1992).

Bailey, C.G. 2004. Indicative Fire Tests to Investigate the Be-
haviour of Cellular Beams Protected with Intumescent
Coatings. Fire Safety Journal, Vol. 39, 2004, pp. 689-709.

Bitar, D.; Demarco, T.; Martin, P.O. 2005. Steel and non com-
posite cellular beams — Novel approach for design based on
experimental studies and numerical investigations, Proc.
4th Eurosteel Conference, Maastricht, june 2005, Vol. B
part 10.1, pp. 1-8.

Bitar, D. ; Martin, P.-O. ; Galéa, Y. & Demarco, T., 2006.
Steel and composite cellular beams — Part 1 : proposal of a
model for the web-post resistance, Revue Construction
Métallique n°1-2006, CTICM (in French).

CEN, 2004. Eurocode 3 — Design of steel structures - Part 1-2 :
General rules — Structural fire design.

ECSC, 2004. Large web Openings for service integration in
composite floor, ECSC contract 7210-PR-315, 2004

Franssen, J.M.; Kodur, V.R.K; Mason, J., 2005. User’s manual
for SAFIR 2004 a computer program for analysis of
strutures subjected to fire, March 2005.



Galéa, Y. & Martin P.-O., 2003. ACB Design optimisation —
displacement calculation, Research report (confidential),
CTICM, Décembre 2003.

Martin, P.-O., 2003. ACB Design optimisation — web-post
buckling, CTICM, Research report, November 2003 (in
French).

Nadjai, A.; Vassart, O.; Faris, A.; Talamona, D.; Allam, A. &
Hawes, M. 2006. Performance of cellular composite floor
beams at elevated temperatures, Proc. SIF 2006, pp. 813-
823.

Newman, G.M.; Robinson, J.T. & Bailey, C.G., 2006. Fire
Safe design - A New Approach to Multi-Storey Steel-
Framed Buildings, Second Edition, SCI Publication, P288,
The Steel Construction Institute, Ascot, 2006.

SCI, 2004. RT1006 Version 02 - Fire Design of Cellular beams
with Slender Web Posts, SCI, Ascot, 2004.

97



Temperature of the header plate connection subject to a natural fire

F. Wald, J. Chlouba & P. Kallerova
Czech Technical University in Prague, Czech Republic

ABSTRACT: To study global structural and thermal behaviour, a research project was conducted on the three
storey steel frame building at the Mittal Steel Ostrava before demolition. The main goal of the experiment in
Mittal Steel Ostrava was to verify the prediction method of the joint temperature and its improvement during
the cooling phase. The fire compartment of floor area of 24 m? was build at second floor with. This paper
summarises the experimental programme and presents the time-temperature curves development in the fire
compartment and in the primary and secondary beams and its header plate connection. Comparisons are also
made between the test results and the temperatures predicted into connections by the structural Eurocodes.

1 INTRODUCTION

The tests of separate structural elements, e.g. beams,
columns and joints in furnaces helped to prepare the
prediction design models of elements, see (Bu-
chanan, 2003). The behaviour of the whole structure
under a natural fire may be evaluated during the
natural fire only. The knowledge related to the struc-
tural integrity depends on element stiffness, resis-
tance and deformation capacity of elements and
connections. The main aim of the fire test in Mittal
Steel Ostrava was to learn more about the connec-
tion temperatures and the internal forces into struc-
ture. The behaviour of restrained beams during
compartment fire at elevated temperatures, the heat-
ing of external element as well as column during lo-
cal fire and the temperature of sandwich panels, light
timber based panels and timber concrete element
was studied under the heating by natural fire as well.

Simplified design of structure in fire is based on
the design of structure at ambient temperature. The
advanced design takes into account the structure
loaded by a temperature fire curve and the joints are
exposed to forces caused by the elongation during
the warming and by the contraction during the cool-
ing phase as well. In this field is the knowledge lim-
ited to a few experiments on real structures, e.g.
Cardington experiment (Moore & Lennon, 1997).
During the fire situation, the temperature develop-
ment in the joint is different from the temperature
development in the adjacent members. The tempera-
ture in the joint increases slower than the tempera-
ture in the attached members and during the cooling
phase is the temperature higher than in the adjacent
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members. The highest temperature reached in the
joint is lower than the highest temperature of the
gas. This is caused by the mass concentration in the
joint, see (Wald et al., 2006).

The standard for fire safety of steel structures EN
1993-1-2:2005 for joints recommends usage of the
same fire protection for joints as for the adjacent
structure. Alternatively it provides the prediction of
the temperature distribution within the connection,
the reduction of the material properties of connectors
by elevated temperature, and the analysis of the
structure using the component method (Spyrou et al.,
2002).

Into the connection behaviour prediction and the
structural integrity under fire conditions are at Czech
Technical University focussed activity under the re-
search centre CIDEAS and project of Czech Grant
Agency GACR 103/07/1142.

2 NATURAL FIRE TEST

2.1 Fire compartment

A local fire test was performed on June 15, 2006 and
a compartment fire test on June 16 on structure of
Ammoniac Separator II in company Mittal Steel Os-
trava, see (Kallerova & Wald, 2006). The structure
was composed of tree storey steel structure with the
composite slabs, steel beams of hot rolled sections
IPN160, IPN180 and IPN300, the beam-to-beam and
beam-to-column header plate connections, and the
diagonal wind bracings. Internal size of fire com-
partment was designed 3,80 x 5,95 m with height of
2,78 m. The structure of enclosure was made from



the light silicate and ceramic bricks. Opening of
2400 x 1400 mm ventilated the room during the fire.
The doors of fire compartment 1400 x 1970 mm and
columns were equipped by the fire isolation by
boards. The mechanical load on the floor above the
fire compartment was composed of the dead and life
load. The life load was simulated by about 1 m of
water, which was placed into 26 steel barrels and 50
plastic boxes equally distributed on the floor. One
box was stored on each barrel and the rest of boxes
placed at the ends of floor. The barrels and boxes
were thermo isolated from the floor by 50 mm of
a miner wall and were placed on the timber pallets.
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Figure 1. Geometry of the fire compartment.

2.2 Fire load

Fire load was represented by the unwrought timber
bars 50 x 50 mm of length 1 m from softwood with
moisture till 13% For the compartment fire were the
bars placed into eight piles, see Figure 2. A pile con-
sists of 13 rows with ten bars each plus two bars on
the top, which means 132 bars per pile. The simulta-
neous ignition of piles was reached by its connection
by the steel thin walled channels filled by a mineral
wall and penetrated by paraffin. The channels lo-
cated onto second layer of bars connected by four
piles together.

2.3 Measurements

The gas temperature in the fire compartment was
measured by four thermocouples 300 mm below
ceiling, marked at Figure 3 as TGi. Two thermocou-
ples were placed in front of the fire compartment
0,5 m and 1 m from front wall. On steel were located
sixth thermocouples, and on joints next seven, in
Figure 4 marked as TCi. The position of thermocou-
ples on the lover flange of beams at their mid span is
documented on Figure 3. Two thermo imagine cam-
eras and seven video cameras scanned the experi-
ment. Two video cameras were installed behind
thermo resistant glass in the additionally prepared
windows into the compartment internal wall.

D H - b
,350 1000 350
;

350 1000

*350‘ 1000, 550, 1000

1 H—l"
— It —
A A

— T

Figure 2. Distribution of the timber bars in the plan of the fire
compartment.

2.4 Gas and beam temperatures

The comparison of the development of the gas tem-
peratures show, see Figure 4, that at the beginning of
the fire, till 30 min about, was warmer the gas in the
front part of the compartment of about 200 °C, TG3
and TG4. During the full developed fire, after
30 min, were the highest temperatures recorded in
the back of the fire compartment, max 1050 °C, TG1
and TG2. In the front part was measured only
920 °C. The Figure 5 shows that the beam lower
flange temperatures correspond to the beam posi-
tions in the fire compartment. The front beam,
TC16, reached maximum temperature of its lower
flange of 775 °C compare to the secondary beam in
the back of the fire compartment with the measured
maximal 970 °C, TC2. The temperature of the
beams is at Figure 5 compared to the average tem-
perature of the gas (TG1 + TG2 + TG3 + TG4) / 4.
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Figure 5. Measured temperatures on the top of the beam lower
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Figure 6. Comparison of the measured temperatures on the
header plate connection to the gas and beam mid span connec-
tion.
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Figure 7. Measured temperatures over the height of beam-to-
column header plate connection.
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3.2 Temperature prediction

For the temperature development in the connection,
there are predicted two analytical methods, see
(EN 1993-1-2. 2005). In the step by step method is
the temperature calculated as element, where the
heat is brought in/brought out by the member sur-
face and the member volume is heated/cooled.
Geometrical characteristic of the section is the sec-
tion factor A,/V of the steel parts of which the joint
is composed. The section factor indicates the rela-
tion between the surface area of the connection A,
per unit of length exposed to the fire and the volume
of the connection V per unit length which is being
heated. The temperature of the unprotected inner
steel structure is given by

A, /Vtht (1)
capa

where A4,,/V 1s the section factor in m'l, ¢, the spe-
cific heat depending on the temperature in J kg 'K,
pa the volume weight of steel in kg m™, 4, the de-
sign value of the net heat flux per unit area in W m™,
At the time increment in s, and £, the correction fac-
tor for the shadow effect which is used by the heat-
ing using the nominal fire curve. The temperature of
a joint may be assessed using the local section factor
A,/V, the value of the parts forming the joint. As
simplification, it is possible to consider uniform
temperature distribution within the section and to
take into account the biggest 4,,/V value of the steel
parts connected into the joint.

The temperature of either beam-to-beam or beam-
to-column connection covered with a concrete slab
can be determined from the temperature of the beam
flange in the middle of the span. It is assumed, that
the temperature of the particular parts of the connec-
tion depends directly only on the distance from the
lower edge of the connected beam and indirectly on

AQ

at

= ksh

the prediction of the temperature of the lower flange
calculated usually by the step by step procedure. If
the height of the beam is smaller or equal to 400 mm
(hx < 400 mm), the temperature is given by

0,=0886,[1-03(h, /h)] ()

where 6, is the temperature in the height /; of the
beam, ) is the lower flange temperature in the mid
span and /4 is the overall beam height.

3.3 Beam-to-column connection

Figure 8 shoes the comparison of the predicted gas
temperature in the fire compartment by parametric
fire curve according to EN 1993-1-2.2005 Annex A,
see (Kallerova & Wald, 2006) and of the predicted
primary beam temperature to the measured values.
The temperature of the beam-to-column connection
was calculated from the measured temperature of the
beam’s lower flange in the mid span, see Figure 9
according to eq. (2). The highest temperature is con-
servative but in the cooling phase is the predicted
temperature lower than the actually measured. By
applying the section factor may be taken into ac-
count the highest value of section factors of the con-
nected members, eg. 4,/V =138 m™, the results are
conservative for the maximum temperature. If the
section factor of the head plate is considered, e.g.
An/V =105 m’! only, the results are less conserva-
tive. The difference between these two considera-
tions is 20°C. On Figure 10 there is a comparison of
the predicted and the measured temperatures calcu-
lated from the temperatures predicted by the para-
metric fire curve.

A Temperature, °C

10001 Calculated gas temperature, EN 1993-1-2, Annex A
| Calculated temp.
800 lower flange
of primary beam
600
| Measured
400 average gas temperature

TG1, TG2, TG3 and TG4

Measured temperature,
lower flange of primary beam, TC1

0 I I I I I =
Time, min

Figure 8. Comparison of the predicted temperature by the pa-
rametric fire curve according to EN 1993-1-2.2005 Annex A,
see (Kallerova & Wald, 2006) to the measured average gas
temperature and primary beam temperature.
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Figure 9. Comparison of the predicted temperatures from gas
temperature to measured temperatures at the beam to column
connection.
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0 1 T T
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Figure 10. Comparison of the predicted temperature by the pa-
rametric fire curve to the measured temperatures at the beam to

column connection.

3.4 Beam-to-beam connection

Figure 11 shows the comparison of the prediction of
the temperature in the beam-to-beam connection,
which was calculated by section factor of the con-
nected beam from the measured gas temperature.
The prediction is rather conservative during the heat-
ing phase and in the maximal temperature. The pre-
diction based on the measured temperature of the
beam’s lower flange in the mid span gives lower
temperature compare to the measured one. The re-
duction 1,0 instead of 0,88 in eq. (2)

0,=100,[1-03(h, /1) 3)

gives closer prediction of the maximal temperature.
The comparison of the predicted and the measured
temperatures calculated from the temperatures pre-
dicted by the parametric fire curve is shown at Fig-
ure 12. The application of the reduction factor 1,0 is
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in this case conservative, and factor 0,98 gives the
closer solution.
A Temperature, °C

1000 A temp.
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g at the mid span of the beam,
200 €. (2)
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at the mid span of the beam, eq. (3)
0 —
0 30 60 90 120 Time, min

Figure 11. Comparison of the predicted temperatures from gas
temperature to measured one at the beam-to-beam connection.
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Figure 12. Comparison of the predicted temperature by the pa-
rametric fire curve to the measured one at beam to beam con-

nection.

3.5 Connection resistance

At elevated temperature the material properties re-
duced. The reduction may be introduce by factor ex-
pressing the ratio between the property under ele-
vated temperature to property at ambient
temperature, see Tables 3.1 and D1 in (EN 1993-1-
2:2005). On Figure 13 is shown the reduction of the
plate in connection A2 close to lower bolt row ac-
cording to thermocouple TC9, of the plate according
to thermocouple TCS, and of the weld according to
thermocouple TCS. E.g. in 45 min the resistance de-
crease compare to the measured values in plate to
71 %, in the welds to 57 % and in the bolts to 48 %.
The sensitivity of the prediction may be expressed
by the reduction of the resistance of bolts, see Fig-
ure 14. The bolt resistance decrease in 45 min of fire



to 19 % in case of prediction by lower flange tem-
perature and to 6 % by prediction from section fac-
tor of connected beam, but the reduction to 48 %
only was evaluated based on the measured values of
temperature.

A Reduction factor

1,07
reduction
0.871 according to TC8
Tl
0,67 037 ____ reduction
0.48 according
ST | to TCY
|
0,47 !
| Weld
| reduction
i [ according to TC8
0,2 :
|
l
0,0 T : T T T T >
0 30 60 90 120 Time, min

Figure 13. Reduction of the resistance of components in con-

nection A2 according to the measured temperatures.
A Reduction factor for bolt
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020,19 From temperature
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0,0 " \ \ \ =
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Figure 14. Reduction of the resistance of bolts in the lower row
of the connection A2 according to the different models com-
pared to the reduction obtained form measured temperature.

4 CONCLUSION

On the June 15, 2006 a full-scale fire test was car-
ried out at the Ammoniac Separator II in company
Mittal Steel Ostrava. One of the main aims of this
fire test was to collect data on the distribution of
temperatures within the connections. In this paper a
comparison is also made with the analytical methods
given in EN 1993-1-2: 2005 for calculating the tem-
perature and temperature distributions in the struc-
tural steel members. From these comparisons it can
be concluded that:

The methods for calculating the compartment
temperature given in EN 1991-1-2: 2003 for para-
metric fire curve in Annex A compare well with the
measured data. The incremental analytical models
allow presuming temperatures of the unprotected
beams with a good accuracy.

Calculating the temperature of the beam-to-
column connection from the measured gas tempera-
ture in the fire compartment based on the mass of
the connection parts is to conservative during the
heating phase, see Figures 9 and 10. A calculation
based on the bottom flange temperature of the sup-
ported beam is less conservative.

The prediction of the temperature of the beam-to-
beam connections using the measured gas tempera-
ture in the fire compartment, based on the mass of
the connection parts, during the heating phase is
conservative, see Figures 11 and 12. The calculation
based on the bottom flange temperature of the sup-
ported beam may be improved by factor 1,0 instead
of 0,88, see eq. 3.

The relatively high sensitivity of the temperature
prediction was shown on the reduction of the resis-
tance of bolts for different temperature prediction
models, which was compared to the measured val-
ues. The next generation of analytical prediction
models brings more economical design into highest
temperatures and closer prediction into the cooling
phase of the fire.
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Temperatures in unprotected steel connections in fire

Y. C. Wang, J. Ding, X. H. Dai & C. G. Bailey
University of Manchester, United Kingdom

ABSTRACT: Two research projects have recently been started at the University of Manchester to investigate
the behaviour and robustness of connections in steel framed structures in fire. One is concerned with connec-
tions between steel beams to concrete filled tubular (CFT) columns and one with connections between I-
beams and H-columns. The latter includes a composite floor slab whilst the former does not. This paper will
present some measured temperature results, in particular, temperature distributions in various connection
components. Analytical work is currently being carried out to develop a simple method to calculate connec-
tion temperatures and this paper will summarize the results obtained so far.

1 INTRODUCTION
1.1 Fire Research at the University of Manchester

For many years, fire research has been conducted at
the University of Manchester, the main emphasis be-
ing on the fire performance of various types of struc-
tures (steel, concrete and steel/concrete composite
structures and their various components) and materi-
als (fibre reinforced polymer composites, fire protec-
tion materials). The fire testing laboratory of the
University possesses a range of fire testing furnaces
and elevated temperature mechanical testing de-
vices. The poster presentation accompanying this
paper gives a more detailed summary of fire re-
search activities at the University of Manchester.

1.2 Robustness of connections in fire

This paper will present some results of temperature
distributions in connections in steel framed struc-
tures, as part of the research on robustness of con-
nections in fire, based on recent fire tests conducted
in the fire testing laboratory at the University of
Manchester.

These fire tests form part of two projects, one for
connections between steel beams and concrete filled
tubular (CFT) columns and one for connections be-
tween steel beams and steel columns. The project
involving CFT columns is sponsored by CIDECT
and Corus Tubes and the project on steel beam to
steel column connections is in collaboration with the
University of Sheffield, funded by the UK’s EPSRC.
The overall objective of these two projects is to in-
vestigate the structural behaviour and robustness of
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connections in steel-framed structures in fire. The
results presented in this paper represent the first part
of these projects; to determine temperature distribu-
tions in the various components of connections.

2 DESCRIPTION OF FIRE TESTS

The fire tests have been carried out in two different
fire testing furnaces of the University of Manchester.
These two furnaces have different characteristics
which should be taken into account when analyzing
the test data.

2.1 Fire tests on connections to CFT columns

Fire tests on connections to CFT columns were con-
ducted in the ‘long’ furnace. This furnace is a rec-
tangular box having internal dimensions of
3000mmx*1600mmx*900mm. The interior faces of
the furnace are lined with ceramic fibre materials of
thickness 200mm that efficiently transfer heat to the
specimen. An interior full-height honeycomb ce-
ramic wall, as shown in Figure 1, was constructed to
ensure uniform heating near the specimen. A gas
burner and an exhaust are connected to the furnace.
The firing and control equipment is installed with
the gas burner. Before actual fire testing of the
specimens, a number of trial fire tests without a test
specimen were carried out. In these tests, the hole
positions in the interior wall were adjusted until the
most uniform temperature distribution inside the
specimen zone was reached. The burner system is
fully computer-controlled to follow any required
time-temperature curve, with automatic recording of
the results and a runtime display. The furnace tem-



peratures were recorded by six conventional bead
thermocouples.

The furnace consists of 6 panels bolted at their
junctions for easy assembly. It can accommodate
frames with 2m beam length and 3m total column
height and accommodate the large displacements as-
sociated with high-temperature testing.

Furnace insulation

NSNS RSN ).‘ji&‘i‘i‘i‘&‘iﬁ )
Interior wall 1600 L Burner
B2
T o 3 ® 3000 Dy b
R 2
® 6 @ 4 ®5 | Exhaust
STy, ST,

Figure 1. Plan schematic arrangement of the furnace

The arrangement of the members to be tested is in
the form of a complete ‘Rugby goalpost’ frame as
shown in Figure 2. The steel beam was mainly un-
protected. In order to simulate the heat-sink effect
due to the concrete slab in realistic structures, the
top flange of the beam was wrapped with 15mm
thick ceramic fibre blanket. The columns were un-

i W l‘!&
WA .

protected.
Figure 2. Connection to CFT column test setup
In total, 10 fire tests were conducted. Figures

3(a)-3(d) show typical arrangements of the four
types of connection tested in this series.
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Figure 3: Typical CFT connection details

The tests on connections to CFT columns in-
volved loading the steel beam to study robustness of
the connections. The structural behaviour results and
complete details of the connections and fire tests are
given in Ding (2007). This paper will only present
some connection temperature results.

2.2 Fire tests on connections to steel columns

This series of tests are specifically designed to in-
vestigate temperature distributions in connections.
Therefore, the test specimens will not be loaded.
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However, to obtain realistic temperature distribution
in the connections, all the test specimens include a
nominal composite slab connected to the beams of
the specimen via shear connectors through profiled
steel decking.

In total, 14 tests will be conducted on four types
of connection (fin plate, web cleat, flexible end-plate
and flush end-plate).
Four of the tests will
be unprotected and 10
of the tests will be
protected with intu-
mescent coating with
different coating
schemes. So far, only
one test has been con-
ducted on the unpro-
tected flush end-plate
connection, which is
shown in Figure 4.

Figure 4: Sketch of flush
end-plate connection

The fire test was conducted in the large furnace,
with internal dimensions of 3.5mx3.5mx2.5m. The
furnace temperatures were recorded by six conven-
tional bead thermocouples. There was no access to
the top of the furnace, therefore to ensure that the
top concrete surface was exposed to ambient tem-
perature air, the test specimen was rotated by 90° in
the vertical plane as shown in Figure 5.

(b) View of test specimen from outside
Figure 5: Position of test specimen

A large number of thermocouples will be used in
all tests to give extensive measurement of tempera-
tures in different components of the connections.
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3 ANALYSIS OF TEST RESULTS

Complete results of the analysis will be presented in
other more detailed publications. This paper will
only present the methodology of analysis and the
main results.

3.1 Methodology of analysis

The main objective of the temperature study is to
develop a simple method of calculation for design
purpose. At present, the following approximate
equation may be used to calculate the temperature of
unprotected steelwork exposed to fire:

AT = A (1)

pC. V

N

where Ay/V is the section factor, h the overall heat
transfer coefficient, pC, the thermal capacitance of
steel, Ty the fire temperature, T the steel tempera-
ture, At the time step and AT, the change in steel
temperature during the time step.

In EN 1993-1-2 (CEN 2005), a shadow factor has
been introduced. However, a close examination of
the background references (Franssen 2006) leading
to this shadow factor appears to indicate that the in-
troduction of this shadow factor is the result of a
change in the resultant emmissivity from a value of
0.5 in ENV 1993-1-2 to a value of 0.7 in EN 1993-1-
2. Since the resultant emmissivity of the fire test fur-
nace will be explicitly assessed in this paper, the
shadow factor in EN 1993-1-2 is not included in
equation (1).

In equation (1), “h” is the total heat transfer coef-
ficient, containing both convective heat transfer and
radiant heat transfer. This is a simplification of the
complex heat transfer processes in any furnace.
Nevertheless, this simplification is necessary for de-
sign purposes. In EN 1991-1-2, the overall heat
transfer coefficient “h” is given by:
h=h.+h, (2)
where h; is the convective heat transfer coefficient
and h, the radiant heat transfer coefficient. In EN
1991-1-2, h, is taken as 25 W/(m?.K) and h, is:

h, = ®s,o(T - T/ /?Tﬁ -T)) 3)
where @ is the configuration factor, ¢, the resultant
emmissivity and o the Steffan-Boltzmann coeffi-
cient. Assuming that the steel section is fully sur-
rounded by fire as in the beam and column locations
remote from the connection, ®=1. So the first task of
the analysis is to obtain the effective convective heat
transfer coefficient h, and resultant emmissivity &,
for the specific furnace. This can be done by com-
paring the measured temperatures in the connected
beam and column remote from the connection region
with the calculated results using different values of
convective heat transfer coefficient and resultant
emmissivity until the calculation results give close



agreement with the measured results. This is on the
assumption that, except for the values of h. and ¢,
other values in equations (1)-(3) are well defined
when applied to the steel sections remote from the
connection region.

EN 1993-1-2 suggests that equation (1) may also
be used to calculate temperatures in different con-
nection components provided an effective section
factor for the connection component is used. The
implicit assumption is that the connection compo-
nent has an uniform temperature distribution. Analy-
ses of the test results will check whether the above
assumption is valid and if so, recommend section
factors for different connection components.

3.2 Connections to CFT columns (without slab)

For the furnace used in this series of fire tests (Fig-
ures 1 and 2), calculations using equation (1) for the
steel section remote from the connection region were
performed by using a convective heat transfer coef-
ficient of 25 W/(m”K), as recommended in EN
1991-1-2 and different values of resultant emmissiv-
ity ranging from 0.1 to 0.5. It was found that a resul-
tant emmissivity of 0.2 gave the best fit between the
calculated and measured results, as shown in Figure
6 for one of the tested CFT connections.
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Figure 6: Comparison between test and calculated results
using convective heat transfer coefficient 25 W/(m”K) and re-
sultant emmissivity 0.2, test 2
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Figure 7: Measured temperatures in reverse channel, test 4

Comparison between calculated and test results
for other tests using the above heat transfer charac-
teristics show very similar results.

Results of test 4 (reverse channel connection) will
be used to present the main points from thermal
analysis of connections to CFT columns. Only re-
sults for connection components on the beam side
will be presented in this paper.
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Figure 8: Measured temperatures in end-plate and bolts, test 4

Figures 7 and 8 show measured temperatures at
different locations of the channel, end-plate and
bolts. Although it is inevitable that different tem-
perature values were measured at different locations,
it is acceptable to consider that the temperatures in
the reverse channel, in the end-plate and in the bolts
are uniform.
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Figure 9: Measured average temperatures in different connec-
tion components, test 4

Figure 9 compares the measured average tem-
peratures in the reverse channel, in the end-plate, in
the bolts and in the welds connecting the reverse
channel to the column. The weld temperature is dis-
tinctively lower and other temperatures may be con-
sidered to be the same for practical design purpose.
From the discussions above, it may be considered
that all the connection components on the beam side
have the same temperature and only one section fac-
tor is necessary to be used in equation (1) to calcu-
late the connection temperatures.

The section factor for the end-plate/reverse chan-
nel/bolts assembly may be calculated in two ways:
(1) as a plate with combined thickness of the reverse
channel and the end-plate, exposed to fire on two
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sides; (2) that of the shaded area in Figure 10. Usin%
the dimensions of test 4, section factor 1 is 138.9 m’
and section factor 2 is 174.6m™".

11

/ endplate

] v beam web

Figure 10: One possible method of calculating effective
section factor for reverse channel connection
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Figure 11: Comparison between test results and calculations
using equation (1) and two different section factors, test 4

Figure 11 compares the average test results for the
end-plate/reverse channel/bolts with the calculated
results using the aforementioned two section factors.
Clearly, section factor (1) gives steel temperatures
that are far too high and section factor (2) gives nu-
merical results in close agreement with the test re-
sults. This suggests that because the reverse channel
i1s much thinner than the combined thickness of the
reverse channel and the end-plate, the contribution
of heat conduction from the thin flanges to the thick
combined plate is small and it is acceptable to treat
the reverse channel/end-plate/bolts assembly simply
as a plate with combined plate/channel thickness.

The same exercise has been carried out for other
connections and the results are similar. Detailed re-
sults are presented in Ding (2007).

3.3 Connection to steel column, with slab

Figure 12 compares the temperatures in the col-
umn flange and web remote from the connection re-
gion between the test results and ABAQUS simula-
tions in which the resultant emmissivity was 0.5 and
the convective heat transfer coefficient was 25
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W/(m?.C). The two upper curves are for the web and
the two lower curves are for the flange. These results
indicate that using the above effective heat transfer
coefficients is appropriate for this furnace.
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Figure 12: Comparison between test and ABAQUS predicted
column temperatures

Figure 13 further compares test and ABAQUS
predicted temperatures for the beam flange and web
remote from the connection. Again the upper two
curves are for the web and the lower two curves for
the flange. Again, the resultant emmissivity used in
ABAQUS prediction was 0.5 and the convective
heat transfer coefficient was 25 W/(m”.C) and these
values are appropriate.
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Figure 13: Comparison between test and ABAQUS predicted
beam temperatures
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Since this fire test contained a composite slab on top
of the steelwork, temperature distributions in the
connection components appear to be non-uniform.
Figure 14 compares the measured and predicted
temperatures in the end-plate. For clarity, only the
maximum (towards bottom of end-plate) and mini-
mum (towards top of end-plate) test temperatures are
shown. These two curves show large temperature
differences of about 100°C, which suggests that it is
not appropriate to assume uniform temperature dis-
tribution in the end-plate. This large temperature dif-
ference may be explained by the fact that the end-
plate was subjected to radiant heat loss to the cooler
composite slab. Even though the concrete slab was
small in size, because the end-plate was very close
to the composite slab, radiant heat exchange be-
tween the end-plate and the composite slab was sub-
stantial. The configuration factors between the com-
posite slab and the top and bottom thermocouple
locations on the end-plate were estimated to be
about 0.33 and 0.1 respectively. Various prediction
results are shown in Figure 14, including (from the
highest to the lowest curve): ABAQUS simulation
with he=25 W/(m .C) and €=0.5; ABAQUS simula-
tion with he=10 W/(m® C) and &~0.5; Eqn (1) pre-
diction with he=10 W/(m’ C) and €=0.5; Eqn (1)
prediction with h.=10 W/(m>.C), £=0.5 and ®=0.1
for radiation between the slab and end-plate; Eqn (1)
prediction with he=10 W/(m*.C), £=0.5 and ®=0.33
for radiation between the slab and end-plate. When
using equation (1) for prediction, the equivalent sec-
tion factor for the end-plate/column flange compo-
nent is calculated using the shaded area in Figure 15.
When including radiant heat exchange between the
composite slab and the end-plate, the measured
composite slab temperature was used. It can be seen
that by including radiant heat exchange between the
slab and the end-plate, the measured temperature
difference can be predicted. By comparing
ABAQUS predlctlon with Eqn (1) prediction for
he=10 W/(m*.C), &=0.5 and ®=0, it can be seen that
the equlvalent section factor for the shaded area in
Figure 15 is appropriate. Finally, using a convective
heat transfer coefficient of he=25 W/(m>.C) as rec-
ommended in EN 1991-1-2 predicts hlgher tempera-
tures than test results and instead using a value of
he=10 W/(m>.C) gives
better correlation between
test and prediction results.
This indicates that for
convection, the fire gas  coma
near the connection re- \ l
gion was almost stagnant
and natural convection - [
may be assumed, under ¢
which the maximum con- AN
vective heat transfer coef-
ﬁc1ent is just under 10
W/(m>.C) (Wang 2002).

Figure 15: Section factor
for end-plate

4 SUMMARY AND PLANNED FUTURE WORK

This paper has presented some results of fire tests
and associated calculations for two series of unpro-
tected steel beam to column connections. The first
series used concrete filled tubular columns and had
no composite slab. The second series had steel col-
umns and had a composite slab on top of the connec-
tion. Based on preliminary analysis of the results,
the following conclusions have been drawn: (1)
without a concrete slab, the different connection
components developed reasonably uniform tempera-
tures so that it is possible to use equation (1) to cal-
culate connection temperatures. A method for calcu-
lating the equivalent section factor was proposed
and was shown to be valid; (2) with a concrete slab,
the effect of radiant heat exchange between connec-
tion components and the slab can introduce large
variations (about 100°C) in temperatures in the same
connection component. This can be included in con-
nection temperature calculations; if not, calculations
will tend to predict higher temperatures; (3) without
a slab, fire gas circulation in the connection region is
similar to that remote from the connection region
and the same convective heat transfer coefficient of
he=25 W/(m”.C) used for predicting steel beam and
column temperatures may be used for the connection
region (4) with a slab, the fire gas in the connection
region may be considered to be stagnant and a con-
vective heat transfer coefficient of he=10 W/(m>.C)
for natural convection is more appropriate for pre-
dicting temperatures in the connection region.

Related on-going fire tests and analytical studies
include more unprotected beam to steel column con-
nections with a slab; protected connections with dif-
ferent intumescent fire protection schemes; loaded
beam to column connections.
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Heat transfer in fire safety engineering

U. Wickstrom

SP Technical Research Institute of Sweden, Bords, Sweden

ABSTRACT: A basic and common understanding of heat transfer in fires is of great significance for the de-
velopment of fire safety engineering. Nevertheless often confusions occur because various researchers have
deviating and sometimes vague understandings of fundamental concepts like heat flux by radiation and con-
vection, and how these quantities can be measured and how they influence temperatures in fire exposed struc-
tures. This paper is intended to shed some light on these issues. Heat transfer under fire conditions is in gen-
eral very complex, and both heat flux measurements and temperature calculations are troublesome. Therefore
simplified methods are needed. A set of equations and theories presented in this article are general may be
found in textbooks on heat transfer, see e.g. Holman', but they are mainly recommended to be used when cal-
culating temperature in structures exposed high temperatures like in post flash-over fires. The theories are
relevant for heat transfer obtained from numerical fire modelling as well as for heat transfer based on meas-

urements'.

1 TOTAL HEAT TRANSFER TO FIRE
EXPOSED SURFACES

Heat is transferred from fire hot gases and flames to
structures by radiation ¢,,; and convection ¢.,,. The
two contributions can be added as

qtot :qrad +qcon (1)
where ¢, 1s named the total heat transfer.

2 RADIATION

The radiation term in the above equation is the dif-
ference between the absorbed incident radiation and
the emitted radiation from the surface. The heat en-
ergy being transmitted through the surfaces is here
neglected, and no consideration is given to the influ-
ence of various wavelengths. Thus as the absorptiv-
ity and emissivity are equal, the net heat received the
surface may be written as

Qs =€E—- 50T;‘ (2)

where E is the incident radiation, o the Stefan
Boltzmann constant and 7, the surface temperature.
The emissivity ¢ is a property of the material sur-
face. It can be measured but can in most cases of
structural materials be assumed equal 0.8 except for
shiny steel where it can be much lower.
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As fires are characterized by non-homogeneous
temperature distributions, radiative heat transfer
should ideally include contributions from nearby
flames, gas masses and surfaces for which view fac-
tors corresponding to the surface analyzed is greater
than zero. Then the incident radiation may be written
as the sum of the contributions from several surfaces
and gas volumes as

4
E= lzgl.F[O'T,. 3)

where ¢; is the emissivity of the i:th flame or surface,
F;and T; the corresponding view factor and tempera-
ture, respectively. Eq. 3 is in general very compli-
cated and therefore approximations must be intro-
duced in practice. Ideally the incident radiation to a
surface is calculated as

E = eoT! 4)
where 7, is identified as an effective black body
temperature or “the radiation temperature”.

The incident radiation term E can be measured
with a radiometer calibrated accordingly.

3 CONVECTION

The heat transfer by convection to a surface from ad-
jacent gases depends on the temperature difference
between the gas and the surface. It depends also on
the gas velocities and the geometries of the target



body. In general the heat transfer by convection can
be written as

Qe =T, =T,)" ®)
where a is a coefficient and T, the gas temperature
adjacent to the exposed surface. The exponent 7 is
in general equal unity for forced convection, and
greater than unity for free or natural convection. In
fire safety engineering n is in most cases assumed
equal unity, and the convective heat transfer is writ-
ten as

qcon = h(Tg - Ts) (6)
where £ is denoted the heat transfer coefficient.

4 TOTAL HEAT TRANSFER

As the convective heat transfer depends on surface
temperature as well as on gas velocity and geometry
and varies with position it cannot be measured di-
rectly in practice. Consequently that is the case for
the total heat transfer as well although some instru-
ment are called total heat flux meters. The most fre-
quently used are of the Gardon or the Schmidt-
Boelter type. These instrument measures the total
heat flux to a water cooled surface of a given ge-
ometry. That value is of course not the same as to a
normal surface of a structure exposed to fire. Such a
surface will of course not absorb as much heat as its
temperature will adjust depending on the boundary
conditions.

The total heat transfer to a surface may be ob-
tained by combining Eq. 1 to 5 and get

Qi = ‘C“J(Tr4 - Ts4) + a(Tg - T.s- )n (7)

Most often fire safety engineering the radiation tem-
perature T, and the gas temperature T, are assumed
equal a fire temperature Tr and the heat transfer by
convection is assumed proportional with the tem-
perature difference (n=1). Thus the heat transfer
from a fire with a temperature T to a surface may be
calculated as

qt()t = SO-(T/4 - T€4) + h(Tf - Ts‘) (Eq' 8)

The convective heat transfer coefficient depends
on gas velocities and may vary considerably and is
therefore in general hard to determine. But as stated
above it is in most cases not so important to know
with a high accuracy as the radiant term is dominat-
ing at high temperatures. A value of 25 W/m’K is
generally recommended at surfaces exposed to fully
developed fires. At unexposed surfaces a lower
value should be used. In Eurocode 1 (EN 1991-1-2)
a value of 4 W/m’K is specified.

5 HEAT TRANSFER IN FURNACE TESTS

In general the radiation temperature and the convec-
tive/gas temperature in fire resistance furnaces are
more or less different. As a matter of fact that dif-
ference makes their thermal characteristics. There-
fore different results are in many cases achieved
when the furnaces are controlled mainly by gas tem-
perature measurements, in practice with small ther-
mocouples which are more sensitive than the speci-
men to convective heat transfer, i.e. the gas
temperature level.
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Figure 1 The plate thermometer according to ISO 834 and EN
1363-1

Therefore the plate thermometer, see Figure 1,
has been introduced in ISO 834 and the correspond-
ing European standard EN1363-1 to harmonize tests
in furnaces of various characteristics. The plate
thermometer is a thin steel plate insulated on the
back side. It yields approximately an “effective” or
“equivalent” fire temperature which is between the
radiation temperature and the gas temperature. This
temperature has also been named the “adiabatic sur-
face temperature” AST which is the temperature a
surface of a perfectly insulating material would ob-
tain.

6 CALCULATING TEMPERATURE IN
STRUCTURES EXPOSED TO
EXPERIMENTAL FIRES

When calculating temperature in structures exposed
to fire in tests or ad hoc experiments the heat trans-
fer may in general be obtained from (Eq. 8. The ra-
diation temperature 7,, as defined by Eq. 4, is in
general different from the adjacent gas temperature
T,. A very good approximation is obtained by re-
placing 7, and 7, with the adiabatic temperature ap-
proximated by plate thermometer temperature read-
ings Tpr in (Eq. 8. A very simple and accurate
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expression is then obtained of the heat transfer to a
fire exposed surface as

Gy = €0(Tpr =T )+ h(Tpy = T,) (Eq.9)
In particular this equation is recommended when
analyzing structures exposed to standard fire resis-
tance tests but it may also be used in ad hoc fire
tests. At a surface on the unexposed side of a struc-
ture the above equations may also be applied by re-
placing the fire temperatures with the ambient tem-
perature and choose appropriate emissivities and
convective heat transfer parameters.

Eurocode 1 recommends values for the convec-
tive heat transfer coefficient 4, 25 W/m’K at a fire
exposed surface and 9 W/m’K at an unexposed sur-
face. The emissivity ¢ is a material property which
can be measured or obtained from the literature. It
may be assumed equal 0.8 for most building materi-
als unless other values are known.

7 CALCULATING TEMPERATURE IN
STRUCTURES EXPOSED TO NOMINAL
FIRES

Nominal fire time-temperature curves are given in
for example Eurocode 1 for design purposes. An as-
sumed uniform fire temperature 7; can then be used
in (1 replacing 7 and T, yielding the heat transfer to
a fire exposed surface to be

G = 60(T} =T+ (T, ~T,) (Eq. 10)
Recommended values for /# and ¢ are then as given
above.

In some standards the emissivity is reduced by a
factor meant to consider the emissivity of the flames,
see e.g. Eurocode 1. Such a reduction can, however,
not be justified. It would in particular make analysis
by calculation inconsistent with testing according to
international standards where the furnace tempera-
ture is controlled with plate thermometers. The re-
duction of the emissivity has a significant influence
on calculated temperature in bare non-insulated steel
structures while the influence on most other struc-
tures is negligible.

8 CFD CALCULATIONS

Design fires for structural elements may also be ob-
tained from computer calculations using CFD
(Computerized Fluid Dynamics) models of the gas
phase. It is then important to interpret the results
from this modelling to heat transfer to the exposed
surfaces. It may be a very complicated and time
consuming post processing as for each surface ele-
ment to be analyzed values from the CFD model
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must be obtained from maybe thousands of compu-
tational gas phase cells and surrounding surfaces.
An efficient way to avoid these calculations and fa-
cilitate the information exchange between the gas
phase CFD modelling and internal structural tem-
perature calculations is to calculate the adiabatic sur-
face temperature AST, as defined above, for the sur-
faces of interest with the CFD code as a post-
processing operation. Then the calculated AST can
be input to any other calculation procedure, e.g. a fi-
nite element code, to obtain the internal tempera-
tures of a fire exposed structure. The heat transfer
equation would then read

G =60(Tysy =T, )+ h(Ty5r = T,) (Eq. 11)
This concept has preliminary successfully been tried
out with the CFD code FDS of NIST™.

9 SUMMARY

In this paper certain very fundamental aspects and
concepts of heat transfer in fire safety engineering is
laid down. In summary

e  When calculating the heat transfer by radia-
tion an emissivity equal to the actual surface
emissivity of the exposed surface shall be as-
sumed. No reductions shall be allowed when
applying nominal fire temperature curves due
to emissivity of the flames etc.

e The concept of adiabatic surface temperature
AST is recognized as a tool for calculating
heat transfer to a surface of given tempera-
ture.

e The AST can be measured more or less accu-
rately using simple instruments. The plate
thermometer is an example that is suited for
fire resistance furnaces. Other designs may
be more suited in other scenarios where e.g.
a quicker response is needed.

e The concept of AST can be used as tool to
transfer data from CFD calculation for calcu-
lating temperature inside fire exposed struc-
tures, e.g. with finite element methods.
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Seismic vulnerability and risk assessment of urban habitat

in Southern European cities

A.J. Kappos

Aristotle University of Thessaloniki, Greece

ABSTRACT: The methodologies used in Greece for estimating direct losses from earthquakes in both rein-
forced concrete (R/C) and unreinforced masonry (URM) buildings are summarised. The latest developments
are presented concerning the derivation of capacity curves and vulnerability (fragility) curves in terms of peak
ground acceleration, as well as spectral displacement, for all common types of R/C and URM buildings.
The vulnerability assessment methodology is based on the hybrid approach developed at the AUTh, which
combines statistical data with appropriately processed results from nonlinear dynamic or static analyses that
permit extrapolation of statistical data to PGA's and/or spectral displacements for which no data are available.
A pilot application to the municipality of Thessaloniki is presented, illustrating the different types of risk sce-
nario that can be developed using the aforementioned fragility curves.

1 INTRODUCTION

The last decade or so has witnessed a growing inter-
est in assessing the seismic vulnerability of Euro-
pean cities and the associated risk; not surprisingly
this interest was stronger in Southern Europe where
the largest part of the seismic energy dissipation in
this continent takes place. A decent number of earth-
quake damage (and loss) scenario studies appeared
wherein some of the most advanced techniques have
been applied to the urban habitat of European cities
(Barbat et al. 1996, Bard et al. 1995, D’Ayala et al.
1996, Dolce et al. 2006, Erdik et al. 2003, Faccioli et
al. 1999, Kappos et al. 2002). By ‘scenario’ it is un-
derstood here that the study refers to a given earth-
quake (maximum credible, or standard design, or
frequent) and provides a comprehensive description
of what happens when such an earthquake occurs;
this is not the same as ‘risk analysis’ that refers to all
the possible arriving earthquakes, estimating the
probability of losses over a specified period of time.
A key feature of the most recent among these studies
is the use of advanced GIS tools that permit clear
representation of the expected distribution of dam-
age in the studied area and visualisation of the ef-
fects of any risk mitigation strategy that can de
adopted on the basis of the scenario.

As noted by Dolce et al. (2006), preparing a sce-
nario requires contributions from a wide range of
topics and disciplines, spanning from Seismology
and Geology to Structural and Geotechnical Engi-
neering, from Urban Planning and Transport Engi-
neering to Social and Economic Sciences. However,

it often happens that each specialist interacts very
little (if at all) with the other specialists. Further-
more, some key parameters that are particularly
relevant for a scenario, such as the geological fea-
tures that affect seismic hazard, the characteristics of
the building stock, and socio-economic conditions,
are different in each country. This makes at best
questionable the common practice of adopting the
same models for developing scenarios in different
countries. A good example of the problems involved
in adopting models from another country is outlined
in the paper by Barbat et al. (1996) who had to adapt
the vulnerability models developed for Italian ma-
sonry buildings to study the ones in Barcelona.

This paper focusses on the derivation of vulnera-
bility (fragility) curves in terms of peak ground ac-
celeration (PGA), as well as spectral displacement
(S4), and also includes the estimation of capacity
curves, for several R/C and URM building types
common in Greece as well as the rest of Southern
Europe. The vulnerability assessment methodology
is based on the hybrid approach developed at AUTh,
which combines statistical data with appropriately
processed (utilising repair cost models) results from
nonlinear dynamic or static analyses, that permit ex-
trapolation of statistical data to PGA's and/or spec-
tral displacements for which no data are available.
The statistical data used herein are from earthquake-
damaged Greek buildings.

An extensive numerical study was carried out,
wherein a large number of building types (54 in total
for R/C and another 36 for URM) representing most
of the common typologies in S. Europe) were mod-
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elled and analysed. Building classes were defined on
the basis of material, structural system, height, and
age (which indirectly defines also the code used for
design, if any), and, in the case of R/C buildings, the
existence or otherwise of brick masonry infills. The
R/C building models were analysed for a total of 16
carefully selected accelerograms (half of them from
actual Greek records, the other half synthetic) repre-
sentative of different ground conditions. Vulnerabil-
ity curves for several damage states were then de-
rived using the aforementioned hybrid approach.
These curves were subsequently used, in combina-
tion with appropriately defined response spectra, for
the derivation of new vulnerability curves involving
spectral quantities. Pushover curves were derived for
all building types (R/C and URM), then reduced to
standard capacity curves, and can be used together
with the S4—based fragility curves as an alternative
for developing seismic risk scenarios.

2 VULNERABILITY ASSESSMENT OF R/C
BUILDINGS

2.1 Buildings Analysed

Using the procedures described in the following,

analysis of several different R/C building configura-

tions has been performed, representing practically
all common R/C building types in Greece and many
other S. European countries. Referring to the height

of the buildings, 2-storey, 4-storey, and 9-storey R/C

buildings were selected as representative of Low-

rise, Medium-rise and High-rise, respectively. The
nomenclature used for the buildings is of the type

RCixy where 1 indicates the structural system, x the

height and y the code level. Regarding the structural

system, both frames (RC1 and RC3 types) and dual

(frame+shear wall) systems were addressed (RC4).

Each of the above buildings was assumed to have

three different configurations, ‘bare’ (without ma-

sonry infill walls, RC1 type), ‘regularly infilled’

(RC3.1) and ‘irregularly infilled’ (soft ground sto-

rey, usually pilotis, RC3.2 type).

Regarding the level of seismic design and detail-
ing, four subclasses could be defined, as follows:

- No code (or pre-code): R/C buildings with very
low level of seismic design or no seismic design
at all, and poor quality of detailing of critical
elements; e.g. RCIMN (medium-rise, no code).

- Low code: R/C buildings with low level of seis-
mic design (roughly corresponding to pre-1980
codes in S. Europe, e.g. the 1959 Code for
Greece); e.g. RC3.2LL (low-rise, low code).

- Moderate code: R/C buildings with medium
level of seismic design (roughly corresponding
to post-1980 codes in S. Europe, e.g. the 1985
Supplementary Clauses of the Greek Seismic
Codes) and reasonable seismic detailing of R/C
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members; e.g. RC3.1HM (high-rise, moderate
code).

- High code: R/C buildings with enhanced level of
seismic design and ductile seismic detailing of
R/C members according to the new generation of
seismic codes (similar to Eurocode 8).

The available statistical data was not sufficient for

distinguishing between all four sub-categories of

seismic design. Moreover, analysis of the damage

statistics for Thessaloniki buildings after the 1978

Volvi earthquake (Penelis et al. 1989) has clearly

shown that there was no reduction in the vulnerabil-

ity of R/C buildings following the introduction of
the first (rather primitive by today’s standards)
seismic code in 1959. Even if this is not necessarily
the case in all cities, differentiation between RCixN
and RCixL, as well as between RCixM and RCixH
is difficult, and judgement and/or code-type ap-
proaches are used to this effect. Three sets of analy-
ses were finally carried out, for three distinct levels

of design, ‘L’ (buildings up to 1985), ‘M’ (1986-

1995), and ‘H’, the last one corresponding to build-

ings designed to the 1995 and 2000 (EAK) Greek

Codes. The 1995 code (‘NEAK’) was the first truly

modern seismic code (quite similar to Eurocode 8)

introduced in Greece and its differences from

EAK2000 are minor and deemed not to affect the

vulnerability of the buildings; hence buildings con-

structed from 1996 to date are classified as ‘H’. Dif-
ferences (in terms of strength and available ductility)

between ‘N’ and ‘L’ buildings, and ‘M’ and ‘H’

buildings are addressed in a semi-empirical way at

the level of capacity curves (section 2.4).

2.2 Inelastic analysis procedure

For all Low, Moderate, and High code R/C buildings
inelastic static and dynamic time-history analyses
were carried out using the SAP2000N (Computers &
Structures 2002) and the DRAIN2000 (Kappos &
Dymiotis 2000) codes, respectively. R/C members
were modelled using lumped plasticity beam-column
elements, while infill walls were modelled using the
diagonal strut element for the inelastic static analy-
ses, and the shear panel isoparametric element for
the inelastic dynamic analyses, as developed in pre-
vious studies (Kappos et al. 1998a).

In total 72 structures were addressed in the pre-
sent study, but full analyses were carried out for 54
of them (N and L buildings were initially considered
together, as discussed previously, but different push-
over curves were finally drawn, see section 2.3). To
keep the cost of analysis within reasonable limits, all
buildings were analysed as 2D structures. Typical
structures studied are shown in figure 1. It is pointed
out that although the consideration of 2D models
means that effects like torsion due to irregularity in
plan were ignored, previous studies (Kappos et al.
1998b) have shown that the entire analytical model



(which also comprises the structural damage vs. loss
relationship) slightly underpredicts the actual losses
of the 1978 Thessaloniki earthquake, from which the
statistical damage data used in the hybrid procedure
originate. Moreover, evaluation of that actual dam-
age data has shown (Penelis et al. 1989) that plan ir-
regularities due to unsymmetric arrangement of ma-
sonry infills were far less influential than
irregularities in elevation (soft storeys due to discon-
tinuous arrangement of infills); the latter are directly
taken into account in the adopted analytical models.
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Figure 1. Four-storey, irregularly infilled, R/C frame building
(RC3.2M type).

Using the DRAIN2000 code, inelastic dynamic
time-history analyses were carried out for each
building type and for records scaled to several PGA
values, until ‘failure’ was detected. A total of 16 ac-
celerograms was used (to account for differences in
the spectral characteristics of the ground motion),
scaled to each PGA value, hence resulting to several
thousands of inelastic time-history analyses (the
pseudo-acceleration spectra of the 16 records are
shown in figure 2). The 8 recorded motions are: 4
from the 1999 Athens earthquake (A299 T,
A399 L, A399 T, A499 L), 2 from the 1995 Ae-
gion earthquake (aigx, aigy) and 2 from the 2003
Lefkada earthquake. The 8 synthetic motions are
calculated for Volos (A4, B1, CI1, D1), and Thessa-
loniki (120 855, N31 855, 120 KOZ, N31 KOZ)
sites (as part of microzonation studies).
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Pseudoacceleration (g)
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Figure 2. Pseudoacceleration spectra of the 16 motions used
for the inelastic dynamic analyses.

2.3 Estimation of economic loss using inelastic
dynamic analysis

From each analysis, the cost of repair (which is less
than or equal to the replacement cost) is estimated
for the building type analysed, using the models for
member damage indices proposed by Kappos et al.
(1998b). The total loss for the entire building is de-
rived from empirical equations (calibrated against
cost of damage data from Greece)

L =0.25D, + 0.08D, (1a)

L =0.30 D, + 0.08D, (6 - 10 storeys) (1b)

where D and D,, are the global damage indices (<1)
for the R/C members and the masonry infills of the
building, respectively. Due to the fact that the cost
of the R/C structural system and the infills totals less
than 40% of the cost of a (new) building, the above
relationships give values up to 38% for the loss in-
dex L, wherein replacement cost refers to the entire
building. In the absence of a more exact model,
situations leading to the need for replacement (rather
than repair/strengthening) of the building are identi-
fied using failure criteria for members and/or sto-
reys, as follows:

— In R/C frame structures (RC1 and RC3 typology),
failure is assumed to occur (and then L=1) when-
ever either 50% or more of the columns in a sto-
rey ‘fail’ (i.e. their plastic rotation capacity is less
than the corresponding demand calculated from
the inelastic analysis), or the interstorey drift ex-
ceeds a value of 4% at any storey (Dymiotis et al.
1999).

— In R/C dual structures (RC4 typology), failure is
assumed to occur (and then L=1) whenever either
50% or more of the columns in a storey ‘fail’, or
the walls (which carry most of the lateral load) in
a storey fail, or the interstorey drift exceeds a
value of 2% at any storey (drifts at failure are sub-
stantially lower in systems with R/C walls).

This new set of failure criteria was recently pro-

posed by Kappos et al. (2006); they resulted after

evaluating a large number of inelastic time-history
analyses. Although they represent the writer’s best
judgement (for an analysis of the type considered
herein), it must be kept in mind that situations close
to failure are particularly difficult to model, and all
available procedures have some limitations. For in-
stance, although in most cases the earthquake inten-
sity estimated to correspond to failure (damage state

5 in Table 2) is of a reasonable magnitude, in some

cases (in particular wall/dual structures, especially if

designed to modern codes) PGAs associated with
failure are unrealistically high and should be revised
in future studies. Having said this, their influence in

a risk analysis is typically limited, since the scenario

earthquakes do not lead to accelerations more than

about 1g.

(Z5 storeys)
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2.4 Development of pushover and capacity curves

A pushover curve is a plot of a building’s lateral
load resistance as a function of a characteristic lat-
eral displacement (typically a base shear vs. top dis-
placement curve) derived from inelastic static (push-
over) analysis. In order to facilitate direct compa-
rison with spectral demand, base shear is converted
to spectral acceleration and the roof displacement is
converted to spectral displacement using modal
properties and the equivalent SDOF system ap-
proach, resulting in a ‘capacity curve’ in terms of
spectral quantities (e.g. FEMA-NIBS 2003).

Pushover analyses were carried out for all Low-
Code, Moderate-Code, and High-Code building
models. No-code (or Pre-Code) buildings were as-
sumed to have 20% lower strength than Low Code
ones, but the same displacement ductility factor
(Sau/Say), reflecting the well-established fact that in
Greece ductility was not an issue in seismic design
prior to the 1985 revision of the Seismic Code.

Some typical pushover curves and their corre-
sponding bilinear versions (derived on the basis of
equal areas under the curves) are given in Figure 3;
as shown in the figure, the equal areas are calculated
up to the point where the first significant drop in
strength (usually about 20%) occurs in the ‘com-
plete’ pushover curve.
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Figure 3. Pushover curves for low-rise R/C frames designed to
old codes.

Building capacity curves are constructed for each
model building type and represent different levels of
seismic design level and building performance. Each
curve is defined by two points: (1) the “yield’ capac-
ity and (2) the ‘ultimate’ capacity. The yield capac-
ity represents the strength level beyond which the
response of the building is strongly nonlinear and is
higher than the design strength, due to minimum
code requirements, actual strength of materials being
higher than the design one (mean values of concrete
and steel strength were used in the nonlinear analy-
ses) and, most important of all, due to the presence
of masonry infills (this influence is more pro-
nounced in the case of frame systems), whenever
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such infills are present. The ultimate capacity is re-
lated to the maximum strength of the building when
the global structural system has reached a full
mechanism. It is emphasised that due to the fact that
the pushover curves used for the vulnerability as-
sessment are bilinear versions of the actually calcu-
lated curves (see Fig. 3), a necessity arising from the
fact that bilinear behaviour is considered in reducing
the elastic spectrum to an inelastic one (or an
equivalent elastic one for effective damping com-
patible with the energy dissipated by the inelastic
system), the ‘ultimate’ capacity generally does not
coincide with the actual peak strength recorded dur-
ing the analysis. Moreover, the ‘yield’ capacity is
not the strength of the building when first yielding
of a member occurs. The proper way to ‘bilinearise’
a pushover curve is still a rather controversial issue,
in the sense that different methods are more appro-
priate, depending on the objective of the specific
analysis. It is worth recalling here that in the ATC-
40 (1996) manual, where the capacity spectrum
method is presented in detail, it is recommended to
bilinearise the capacity curve with respect to the
previously estimated target point, i.e. the bilinear-
ised curve changes during each iteration, which is
not a very convenient procedure.

Using standard conversion procedures (e.g. ATC
1996, FEMA-NIBS 2003), pushover curves (V/W
vs. Ax/Hyy) were transformed into capacity curves
(S, vs. Sg). The coordinates of the points describing
the pushover and the capacity curves are given for
all R/C frame typologies studied in Table 1. It is
pointed out that in other commonly used methodolo-
gies such as HAZUS (FEMA-NIBS 2003), S,, is de-
fined as the point corresponding to the formation of
a full plastic mechanism, whereas in the method
proposed herein S, is defined as the displacement of
the building whenever a significant drop in strength
occurs (as discussed earlier); at the level of fragility
assessment, S,, should be related to the displacement
at which the building reaches a certain damage state
(e.g. DS4 or DSS5, see section 3). The major differ-
ence between the strengths of bare (RC1) and regu-
larly infilled (RC3.1) buildings is particularly noted;
for N or L buildings the presence of infills more than
doubles the ultimate capacity, whereas for H build-
ings the increase is about 50%. Another important
observation is that in dual structures (not included in
table 1), which are the most common R/C building
type in Greece since the eighties, the presence of in-
fills has a much lesser effect on strength, and the dif-
ference between the corresponding three classes
(RC4.1, 4.2 and 4.3) are such as to warrant lumping
them in one single class (RC4) for vulnerability as-
sessment purposes (Kappos et al. 2006).

Infilled R/C buildings (such as RC3.LL and
RC3.2LL in Fig. 3) should be treated with caution:
Since reduced spectra (inelastic, or elastic for effec-
tive damping ratios higher than 5%) are based on bi-



linear skeleton curves, it is not feasible (at least at

this stage) to introduce multilinear pushover or ca-

pacity curves (i.e. including residual strength
branches), hence it is suggested to tackle the prob-
lem as follows:

— make use of the curves for which parameters are
shown in Table 1 as long as the spectral displace-
ment considered remains lower than the given Sg,.

— for greater Sq values, analysis of the regularly in-
filled building should be repeated using the capac-
ity curve for the corresponding bare one (RC1 or
RC4.1); in some cases (particularly for pre-code
or low-code buildings) it might be justified to use
an Sy, value slightly reduced with respect to the
bare frame, but this refinement is probably not
warranted in the light of all the uncertainties in-
volved.

— for pilotis buildings (RC3.2) it is conservatively
suggested to assume that Sg, values as reported in
Table 1 are the actual ultimate values, except for
the High Code case for which the procedure sug-

gested for regularly infilled frames could be used.
Table 1. Capacity curve parameters for frame buildings

Building Yield Capacity Point  Ult. Capacity Point
type de (Cm) SaV (g) Sdu (Cm) Sau (g)
RCILL 1.15 0.187 5.19 0.207
RC3.1LL 0.53 0.432 6.74 0.524
RC3.2LL 0.88 0.201 4.68 0.221
RCIML 3.28 0.170 9.39 0.174
RC3.IML  1.25 0.277 10.62 0.357
RC32ML  2.45 0.205 9.89 0.230
RCIHL 431 0.125 9.91 0.138
RC3.1HL 3.28 0.206 14.55 0.256
RC3.2HL 3.60 0.195 11.31 0.228
RCILM 1.14 0.398 7.20 0.409
RC3.1LM  0.59 0.490 1.40 0.545
RC3.2LM  0.81 0.369 6.82 0.379
RCIMM 2.72 0.213 12.58 0.218
RC3.1IMM 1.39 0.274 5.27 0.292
RC32MM  1.87 0.203 11.26 0.206
RC1IHM 6.83 0.238 26.28 0.238
RC3.1HM 2.26 0.266 7.68 0.266
RC3.2HM 2.46 0.257 11.37 0.264
RCILH 4.45 0.746 50.65 0.746
RC3.1LH 0.97 0.975 6.06 1.133
RC3.2LH 3.25 0.777 54.51 0.818
RCIMH 4.90 0.427 58.23 0.456
RC3.IMH 1.64 0.538 8.12 0.630
RC3.2MH  3.06 0.473 41.42 0.512
RC1HH 13.34 0.245 73.65 0.258
RC3.1HH 4.26 0.340 20.22 0.396
RC32HH 549 0.337 29.98 0.356

Some example curves were shown in figure 3 for
R/C frame buildings designed to old codes (L);
shown in the figure are (from top to bottom) the
cases of infilled, pilotis and bare building, respec-
tively. It is clear from these plots that subsequent to
failure of the ground storey infill walls the strength

of (fully) infilled frames becomes very close to that
of the corresponding bare frame, while its ultimate
deformation is somewhat lower. It is noted, though,
that a ‘global type’ analysis that cannot fully capture
local failure to R/C members due to interaction with
infill walls, in principle can not yield a reliable ulti-
mate displacement for the structure; more work is
clearly needed in this direction.

2.5 Derivation of fragility curves

One possibility for deriving vulnerability (fragility)
curves is in terms of macroseismic intensity (I) or
PGA,; it is recalled herein that as long as a certain
empirical (attenuation) relationship between I and
PGA is adopted, the two forms of fragility curves (in
terms of I or PGA) are exactly equivalent. The as-
signment of a PGA to the statistical damage data-
base (Penelis et al. 1989) used within the hybrid
method was made using the relationship

In(PGA)=0.741+0.03 ©)

which is one of the most recent ones proposed for
Greece (Koliopoulos et al. 1998) and is based on sta-
tistical processing of a large number of Greek strong
ground motion records; it is calibrated for intensities
less than 9, and should not be used for I>9.
Assuming a lognormal distribution (common as-
sumption in seismic fragility studies), the condi-
tional probability of being in or exceeding, a particu-
lar damage state ds;, given the peak ground
acceleration (PGA) is defined by the relationship

1
[ds >ds; I=o[ B n( PGAds, )]

where: PGA.4, is the median value of peak ground

acceleration at which the building reaches the
threshold of damage state, ds;, see Table 2.

Basi 1s the standard deviation of the natural loga-
rithm of peak ground acceleration for damage state,
ds;, and @ is the standard normal cumulative distri-

bution function.

Table 2. Damage grading and loss indices (% of replacement
cost) for R/C and URM buildings

Damage  Damage state  Range of loss Central index
State label index -R/C (%)

DSO None 0 0

DS1 Slight 0-1 0.5

DS2 Moderate 1-10 5

DS3 Substantial to 10-30 20

heavy
DS4 Very heavy 30-60 45
DS5 Collapse 60-100 80

Each fragility curve is defined by a median value of
peak ground acceleration that corresponds to the
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threshold of that damage state and by the variability
associated with that damage state; these two quanti-
ties are derived as described in the following.

Median values for each damage state in the fragil-
ity curves were estimated for each of the 54 types of
building systems analysed. The starting point for es-
timating these values is the plot of the damage index
(calculated from inelastic time history analysis as
described in section 2.3) as a function of the earth-
quake intensity (PGA); some plots of this type are
given in Fig. 4 and they refer to buildings with dual
system designed to moderate codes (see section 2.1).
Several trends can be identified in the figure, for in-
stance that the least vulnerable building is the fully
infilled one, with the exception of very low PGA
values, for which the loss is higher that in the other
two types; this is mostly due to damage in the ma-
sonry infills, which is accounted for in the loss
model used (Kappos et al. 1998b).
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Figure 4. Evolution of economic damage (loss) index for me-
dium-rise (top) and high-rise (bottom) buildings with R/C
frame system designed to moderate codes.

Median values (for equation 3) are then estimated
based on the hybrid approach, which combines ine-
lastic dynamic analysis and the database of the Thes-
saloniki earthquake of 1978 (Penelis et al., 1989),
corresponding to an intensity [=6.5, to which a peak
ground acceleration of 0.13g corresponds, according
to the adopted I — PGA relationship (equation 2); it
is noted that this PGA practically coincides with the
one of the only record available from the 1978
earthquake in Thessaloniki. From the database of the
Thessaloniki earthquake, the damage index, defined
here as the ratio L of repair cost to replacement cost
(i.e. as a direct loss index), corresponding to this
PGA is found for each building (a total of 5700 R/C
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buildings are included in the database). The Thessa-
loniki database is described in a number of previous
publications (Penelis et al., 1989; Kappos et al.
1998b); a brief reference to this as well as to some
other Greek databases is made in section 3.2 of this
paper (focussing on masonry buildings).

Having established analytically the loss index L,
the final value to be used for each PGA in the fragil-
ity analysis depends on whether an empirical value
is available for the PGA or not, i.c.

(1) if the ‘actual’ (empirical) loss value at a point i
(PGA=PGA)), L,; is available in the database, the
final value to be used is

Lﬁn,i = WlLact,i + WZLanl,i (W1+W2:1) (4)

where Ly i is the analytically calculated loss value
(cf. Fig. 4) for that PGA; and w;, w, are weighting
factors that depend on the reliability of the empirical
data available at that intensity. If L,.; is based on
more than about 60 buildings, w; equal to about 1 is
recommended, if it is based on 6 buildings or less,
w; should be taken as zero (or nearly so).

(i1) if the ‘actual’ (empirical) loss value at a point j
(PGA)), Lacj 1s not available in the database, the fi-
nal value to be used is

Lfinj = 2 (AitA) Lanij (5a)
where A; Ax are the ratios Lgn/Lan at points 1, k, hence
Ai = Wi(Lacti /Lanti) + W2 (5b)

and PGA;<PGA;<PGA\. Clearly, this is an interpola-
tion scheme that aims to account (in a feasible way)
for the strongly nonlinear relationship between in-
tensity and damage. In the common case that L, is
available at one or very few points the scheme
should be properly adapted by the analyst.

It is worth noting that the ratios Lae/Lan calcu-
lated for the Thessaloniki 1978 data were reasonably
close to 1.0 when the entire building stock was con-
sidered, but discrepancies for some individual build-
ing classes did exist (Kappos et al., 1998b). In this
way it is possible to establish a relationship between
damage index and PGA for each building type (simi-
lar to the one shown in Fig. 4, but now accounting
for the empirical data as well), and consequently to
assign a median value of PGA to each damage state.
Table 2 provides the best estimate values for the loss
index ranges associated with each damage state, de-
rived from previous experience with R/C structures
(Kappos et al. 2006).

Lognormal standard deviation values (f) describe
the total variability associated with each fragility
curve. Three primary sources contribute to the total
variability for any given damage state (FEMA-
NIBS, 2003), namely the variability associated with
the discrete threshold of each damage state which is
defined using damage indices (in the present study
this variability includes also the uncertainty in the
models correlating structural damage indices to /oss,



i.e. the ratio of repair cost to replacement cost, see
also Kappos 2001), the variability associated with
the capacity of each structural type, and finally the
variability of the demand imposed on the structure
by the earthquake ground motion. The uncertainty in
the definition of damage state, for all building types
and all damage states, was assumed to be [=0.4
(FEMA-NIBS, 2003), the variability of the capacity
for low code buildings is assumed to be f=0.3 and
for high code =0.25 (FEMA-NIBS), while the last
source of uncertainty, associated with seismic de-
mand, is taken into consideration through a convolu-
tion procedure, i.e. by calculating the variability in
the final results of inelastic dynamic analyses carried
out for a total of 16 motions at each level of PGA

considered.
Table 3. Fragility curve parameters for buildings with R/C
frame system, designed to Low and Moderate code.

g‘;ﬁdmg DSI  DS2 DS3 DS4 DS5 B

RCILL 0001 0012 009 0.157 0219 0.733
RC3LILL 0021 0101 0201 0257 0343 0.733
RC32LL  0.005 0049 0.116 0.181 0230 0.733
RCIML 0001 0013 0095 0.136 0.192 0651
RC3IML 0005 0055 0.190 0216 0254 0651
RC32ML 0000 0004 0042 0099 0.136 0.651
RCIHL 0006 0061 0.149 0276 0545 0.629
RC3IHL 0013 0097 0210 0296 0548 0.629
RC32HL  0.044 0101 0209 0353 0673 0.629
RCILM 0002 0023 0.148 0413 0639 0.733
RC3ILM 0090 0.123 0298 0730 1391 0.733
RC32LM  0.005 0051 0215 0497 0748 0.733
RCIMM 0001 0014 0.115 0297 0844 0651
RC3.IMM 0008 0078 0201 0422 0853 0.651
RC32MM 0001 0011 0.116 0476 0.795 0.651
RCIHM 0006 0056 0363 1471 2724 0.629
RC3.IHM 0017 0109 0419 0923 3471 0.629
RC32HM 0015 0.110 0525 1103 2370  0.629

The last part of fragility analysis was carried out
using in-house developed software (HyFragC),
which permitted quick exploration of alternative ap-
proaches (sensitivity analysis). Parameters of the
cumulative normal distribution functions derived for
two specific classes (R/C frame structures designed
to ‘low-code’ and ‘moderate code’) are given in Ta-
ble 3; similar results are available for all other cases
studied. Example fragility curves constructed are
given in Figure 5.

Referring first to Table 3, it is noted that beta-
values are given as constant for each building type;
this constant value (estimated to be between about
0.6 and 0.7) is the average of the 5 values of beta
corresponding to each of the 5 damage states. This
was done on purpose, because if the (generally) dif-
ferent variability associated with each damage state
(calculated from the results of time-history analysis)
is taken, unrealistic fragility curves (for instance, in-

tersecting) result in cases where median values are
closely spaced (e.g. see Fig. 5-top, DS3 and DS4).
Different sets of fragility curves are plotted in
Fig. 5 (full and dotted lines), the difference lying on
the way empirical data were introduced (cf. wi, w»
factors in equation 4). The effect on the resulting
curves appears to be rather significant, particularly
for the higher damage states. Also, as anticipated,
the effect of seismic design is significant; buildings
designed to only a ‘moderate’ seismic code are seen
to be substantially less vulnerable than buildings de-
signed to ‘low’ code, pointing to the importance of
using some basic seismic design rules (like basic ca-
pacity design and ductility), even if these rules are

not in compliance with modern code provisions.
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Figure 5. Hybrid vulnerability curves for R/C dual structures,
derived from different interpretation of empirical data: low-
rise, low-code buildings with infills (top); medium-rise, mod-
erate code buildings with pilotis (bottom).

It is worth pointing out here that the way fragility
curves were developed here (for all common build-
ing types) using the hybrid approach at the stage of
producing damage grade vs. earthquake intensity re-
lationships (see Fig. 4) is different from other proce-
dures in the literature, which are based either on fit-
ting of curves directly to empirical data (e.g. Spence
et al. 1992) or on expert judgement (e.g. ATC 1985).
It is also different from the empirical approach used
by other researchers within the RISK-UE project
(Lagomarsino & Giovinazzi 2006). Finally, it is dif-
ferent (although the basic idea of the hybrid ap-
proach is retained) from the procedure used by the
writer and his co-workers for defining fragility
curves for URM buildings (see section 3).
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2.6 Fragility curves in terms of Sy

The aforementioned fragility curves in terms of PGA
were also used to derive additional curves, this time
in terms of Sy, necessary for fragility assessment us-
ing the HAZUS approach (FEMA-NIBS 2003). The
procedure adopted was to transform the median
PGA values to corresponding median S4 values, us-
ing an appropriate spectrum and either the funda-
mental period of the ‘prototype’ building, assuming
that the equal displacement rule applies, or using the
capacity spectrum approach (for short period build-
ings). It is noted that the convenient equal displace-
ment rule is a valid assumption for medium-rise and
high-rise buildings, but usually a crude one for low-
rise buildings; effective periods are involved, corre-
sponding to the structure’s characteristics at yield,
hence periods are longer than the elastic ones, e.g.
considering the 2-storey frame building, T.=0.5s for
bare frames, but T.=0.2s for the fully infilled
frames. For the present application of the methodol-
ogy it was decided to use the mean spectrum of the
microzonation study of Thessaloniki (Anastasiadis
et al., 2001) since the derived Sy-based fragility
curves were primarily intended to be used for the
Thessaloniki risk scenario (Pitilakis et al. 2004).
Clearly other options are also available, the most
conservative one being to use the seismic code de-
sign spectrum, which has been found to overestimate
seismic actions (particularly displacements) for me-
dium and long period structures (Athanassiadou et
al. 2007).
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Figure 6. S4-based fragility curves for medium-rise infilled R/C
frames, low-code (top) and high-code design.

Two examples of Sy-based fragility curves are
given in Figure 6 (4-storey infilled frames, designed
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to ‘low’ or ‘high’ codes). A more detailed discussion
of the impact the type of fragility curve used for a
vulnerability assessment study has on its results
(loss scenario) is given by the writer and his co-
workers in Pitilakis et al. (2004), wherein the dam-
age and loss scenario for Thessaloniki, developed
using both approaches, is presented.

3 VULNERABILITY ASSESSMENT OF URM
BUILDINGS

3.1 Overview of the methodology adopted

For URM buildings, apart from the Thessaloniki
1978 earthquake data (used for R/C structures, see
section 2), the database from the Aegion 1995 event
(Fardis et al. 1999) was also utilised. The first step
for the utilisation of these two databases was the as-
signment of an appropriate intensity (or correspond-
ing PGA) for the area they refer to. A value of 7 was
adopted for Thessaloniki and a value of 8 for Ae-
gion. These databases were used for the simple,
purely statistical, procedure described in section 3.2,
and were extrapolated to lower and higher events us-
ing nonlinear analysis in the hybrid approach de-
scribed in sections 3.3 and 3.4.

3.2 Purely empirical approach

A purely empirical approach (similar to that used by
other researchers, e.g. Spence et al. 1992, Lago-
marsino & Giovinazzi 2006), was first adopted by
the writers for deriving fragility curves in terms of
intensity for URM buildings. It is recalled herein
that for these buildings statistical data were available
for more intensities, hence it was conceptually feasi-
ble to adopt a purely empirical approach, as opposed
to the hybrid one used for R/C buildings (section
2.5); the latter was also used for deriving fragility
curves for URM buildings (section 3.4). The empiri-
cal procedure initially adopted was quite straight-
forward and consisted in curve fitting the available
damage data from the aforementioned events. A
more refined procedure based on the vulnerability
index method (Lagomarsino & Giovinazzi 2006)
was also used.

The Thessaloniki database (Penelis et al. 1989)
consists of a record of the centre of the city of Thes-
saloniki with randomly selected buildings with a
density of 1:2 (i.e. 50% of total building stock
within the selected area was recorded) with all the
relevant information included, such as year of con-
struction, material, number of storeys, first level
post-earthquake damage classification (green-
yellow-red tag), and (importantly) cost of repair of
earthquake damage. The database includes a total of
5740 buildings, 1780 of which (31%) are unrein-
forced masonry ones, and most of the remaining
buildings are reinforced concrete ones.



The database does not include specific informa-
tion regarding the type of masonry (stone or brick),
therefore the assumption that all URM buildings
constructed before 1940 were stone masonry and all
the rest brick masonry, was adopted, based on his-
torical evidence on types of masonry construction in
Greece (Kappos et al. 2006). Details of the process-
ing of the database are given in Penelis et al. (2002),
where the reasons are discussed why economic dam-
age indices (ratio of repair cost to replacement cost)
and post-earthquake tagging of buildings (‘green’-
‘yellow’-‘red’) had to be combined in interpreting
the Thessaloniki data. Table 4 summarises the dis-
tribution of economic damage (5 damage states were
considered, in addition to zero-damage, see Table 2)
in the main categories of URM buildings, i.e. stone
masonry (Stonel-3 is for all buildings, which had
from one to three storeys, Stoneland Stone2 refer to
single-storey and two-storey buildings, respec-
tively), and brick masonry (symbols analogous to
those used for Stone).

Table 4. Damage matrix (% of buildings in each DS) for Thes-
saloniki 1978 data, based on economic damage index

Damage Stone Stonel Stone2 Brick

State 1-3 1-3 Brickl Brick2

DSO0 60.6 64.4 52.3 77.6 76.0 78.9
DS1 13.8 12.9 14.1 9.2 9.2 10.0
DS2 13.7 12.9 14.1 9.2 9.3 10.0
DS3 5.5 49 8.4 3.6 5.0 1.1
DS4 43 3.8 6.5 0.2 0.2 0.0
DS5 1.9 1.2 4.6 0.2 0.3 0.0
Mean

damage 0.75 0.69 0.93 0.39 0.44 0.33
factor

The Aegion database (Fardis et al. 1999) includes
all buildings within the centre of Aegion, among
them the vast majority of the damaged R/C and
URM buildings. The sample consists of 2014 build-
ings, 857 of which (42.5%) are unreinforced ma-
sonry buildings. The database was set up on the ba-
sis of four non-zero damage levels (DSO to DS4); to
convert it to the 5-level classification scheme the last
level (DS4) has been divided into two (DS4 and
DS5) at a proportion of 70 and 30%, respectively, in
general conformity with the corresponding Thessa-
loniki data. Characterization of each building’s dam-
age state was performed by visual inspections car-
ried out by the research team of the University of
Patras. This approach eliminates the risk of overes-
timating damage that is present when using the cost
of repair criterion, but on the other hand is more
subjective, heavily relying on experience and judg-
ment during the visual inspection. Damage matrices
derived on the basis of Aegion data for the two cate-
gories (brick and stone) that are also used in the
Thessaloniki database are given in Penelis et al.
(2002), who also made some limited use of a third

database, including data from the 1993 Pyrgos
earthquake.

Empirical curves were first derived using the
aforementioned databases and an exponential type of
statistical model and they are reported in Kappos et
al (2006); albeit useful, they are not deemed as suf-
ficiently reliable, since data for only two intensities
were available. It should be noted that the empirical
approach, simplistic it may seem, requires sophisti-
cated statistical filters and correlations for different
databases derived for different parts of a country and
by different research groups, to ensure compatibility
between them and remove outliers, such as damage
data for a specific building type and intensity 8 be-
ing lower than that for an intensity 7 event. In view
of the limited data available, additional statistical
data from Italian events were also used in order to
calibrate the recorded damage data in the aforemen-
tioned databases. A second interpretation of the
available data using the vulnerability index approach
(Lagomarsino & Giovinazzi 2006), re-assigning the
intensities of Thessaloniki and Aegion to 6.5 and 7,
respectively (based on comparisons with the Italian
data), and finally using beta distributions for the fra-
gility curves, resulted in the sets of curves shown in
Figure 7 (Penelis et al. 2002); these curves are
drawn in terms of four (rather than five) damage
states. Note that no differentiation on the basis of
building height is made in these sets of curves.

8
EMS-98 Intensity

5 6 7 8 9 10 11 12
EMS-98 Intensity

Figure 7. Empirical fragility curves (beta distributions) for
stone masonry (top) and brick masonry buildings.
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3.3 Nonlinear analysis and capacity curves

It is well known that the nonlinear response of unre-
inforced masonry (URM) buildings is not easy to
model, mainly because the frame element (beam-
column) commonly used in the case of R/C build-
ings is generally not amenable to modelling URM
buildings. The difficulties are increased in the case
of dynamic analysis where the inertia forces should
not be concentrated at the diaphragm levels (which
is the rule for R/C buildings). Therefore, for the
study reported here, an alternative procedure was
adopted for the evaluation of the economic loss in
URM buildings, based on the use of capacity curves
(estimated using pushover analysis) and fragility
curves, wherein the probability of exceeding a cer-
tain damage state is expressed in terms of spectral
displacement (rather than Intensity or PGA).

The work presented herein refers mainly to sim-
ple stone masonry and brick masonry buildings, with
sufficiently stiff floors to provide diaphragm action,
such as reinforced concrete floor slabs or vaulted
floors, which are by far the most common URM
building types in Thessaloniki, as well as in the rest
of Greek cities (see also Penelis et al. 2002). These
two main categories are further subdivided into sin-
gle-storey, two-storey and three-storey buildings.
More specifically, the generic structure considered
followed the layout shown in figure 8 and was used
for one, two, and three storey URM buildings. This
layout corresponds to a typical residential building
roughly satisfying the Eurocode 8 criteria for the
category ‘simple buildings’.
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Figure 8. Layout of analysed URM building type with
small openings.

Two different material properties were used for
all the above buildings types: Material A with com-
pressive strength f,,=1.5 MPa, and Material B with
fwm=3.0 MPa; for the Young’s modulus E=550f,,
was assumed throughout. The aforementioned com-
binations of parameters, plus the consideration of
two geometries (‘large openings’ and ‘small open-
ings’ as in Fig. 8) resulted in a total of 36 different
building types, which were analysed using static
nonlinear analysis.
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The method adopted for the pushover analysis of
URM buildings uses equivalent frame models and
concentrated non-linearity at the ends of the struc-
tural elements, with a view to simplifying this oth-
erwise cumbersome (for URM buildings) procedure.
The non-linearity is simulated with nonlinear rota-
tional springs, whose constitutive law is defined by
the moment — rotation curve of each element ac-
counting for both flexure and shear (Penelis 2006).

For the development of the inelastic M-0 curves
due to flexure, standard section analysis was carried
out assuming parabolic distribution of compression
stresses, and compressive deformation at ‘failure’ g
= 2%o (conservative assumption). The nonlinear
shear behaviour has been modelled using a Mohr—
Coulomb failure criterion for the definition of shear
strength and a statistical analysis of experimental re-
sults for defining shear deformations (Penelis 2006).
The aforementioned methodology has been incorpo-
rated in a pre-processor of the commercial software
package SAP2000-Inelastic (Computers & Struc-
tures 2002), which allows the pushover analysis of
URM buildings.

A total of 36 different pushover curves resulted
from the analysis of the alternative models consid-
ered; these curves, averaged per number of stories,
are shown in figure 9, along with some experimental
curves from the literature.

—»— 2 storey
—— 3 storey
—— 1 storey
- == .ismes
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Figure 9. Pushover curves grouped per number of storeys
category, and experimental curves from the literature
(Pavia and Ismes tests on two-storey buildings).

Table 5. Damage matrix (% of buildings in each DS) for Thes-
saloniki 1978 data, based on economic damage index

BTM Yield point Ultimate point
bpe el P Su(em) Sy (em)
f M1.2-1st  0.136 0320 0.563 0.328
'% M1.2-2st  0.374  0.189 1.633 0.214
g M1.2-3st  0.774  0.135  2.335 0.158
<_‘: M3.4-1st  0.075 0.231  0.588 0.248
'% M3.4-2st  0.250 0.135 1.347 0.164
é M3.4-3st  0.506  0.092 2.132 0.111
MEAN 0352  0.184 1.433 0.204




Using the same procedure as for R/C structures
(section 2.4), capacity curves have been derived for
one, two, and three storey URM buildings, belong-
ing to the types M1.2 (‘simple stone’ URM build-
ings) and M3.4 (URM buildings with R/C floors).
The corresponding parameters for these curves are
given in Table 5. According to the RISK-UE build-
ing typology matrix (Lagomarsino & Giovinazzi
20006), single-storey and two-storey buildings of the
same material (stone or brick) should be grouped
into a single category (M1.2L and M3.4L), which
does not seem to be a sound choice, given the dis-
tinctly different properties of the corresponding ca-
pacity curves shown in Table 5.

3.4 Hybrid fragility curves

The hybrid methodology described in previous sec-
tions was used to calculate vulnerability (fragility)
curves for URM buildings in terms of spectral dis-
placement. When appropriate capacity curves are
available (as is the case here), the straightforward
procedure (used in HAZUS) to derive fragility
curves consists in defining damage states in terms of
structure displacements (typically top storey drift)
and transforming these into displacements of the
equivalent SDOF system, i.e. spectral displace-
ments; these are then used as the mean values of the
lognormal distribution defined for each damage
state. The corresponding variabilities (f values) can
be estimated in a way similar to that described for
R/C structures (section 2.5). Instead of using semi-
empirical interstorey drift values (the HAZUS ap-
proach), the AUTh group (Kappos 2001, Kappos et
al. 2006) has suggested expressing the damage state
thresholds in terms of the basic parameters of the
capacity curve (yield displacement and ultimate dis-
placement, both referring to a bilinearised capacity
curve); this proposal is shown in Table 6. It should
be clear that, depending on the height of the building
and the failure mechanism, Sqy and Sg, values vary
for each building type.

Table 6. Damage states in terms of displacements, and associ-
ated loss indices (%), for URM buildings

. Range of
Damage Damage state label Spectral dis- loss in-
State placement dex
DSO None <0.7S4y 0
DS1 Slight 0.7S4y £ S4<Sqy  0-4
DS2 Moderate Say < S¢<284y 4-20
DS3 Substantial to heavy 2S4,<Sq<0.7S4,  20-50
DS4 Very heavy 0.7S4u< Sq <Squ 50-100
DS5 Collapse >S i

Although straightforward, the aforementioned pro-
cedure cannot be directly integrated within the hy-
brid approach. For the latter to be materialised, one
possible way is to define damage states in terms of

the loss index, already employed in the case of R/C
structures. Four damage states (plus the no-damage
state) are proposed for URM buildings, defined ac-
cording to the loss index (L) shown in Table 6; note
that the range of L for each state is different from
that used for R/C buildings (Table 2). To correlate
these damage states to an analytical expression of
damage, the loss index was expressed as a function
of yield and ultimate displacement of each building
as shown in figure 10; this model is based on the
definitions of damage in terms of spectral displace-
ment shown in the third column of Table 6, but rec-
ognising that for A>0.9A,, a URM building should
be replaced (L=100%) rather than repaired.

1y
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0%

0.70Ay 0.90Au

Figure 10. Economic loss index in URM buildings, as a
function of roof displacement.

Fragility curves were then calculated by scaling
down the Thessaloniki database and scaling up the
Aegion database, with scaling factors derived using
the model of fig. 10. To derive the scaling factors,
spectral displacements were associated with each of
those two events (Thessaloniki and Aegion), calcu-
lated from the recorded accelerograms in each site
and the corresponding pushover curves (see fig. 9)
for one, two, and three storey URM buildings, using
the capacity spectrum procedure (FEMA-NIBS
2003). It is noted that the relation between scaling
factors for actual loss values (cost of repair of each
building in the database to corresponding replace-
ment cost) in the Thessaloniki and Aegion databases
is not constant for all building types, since the spec-
tral displacement associated with each building type
is generally different. Moreover, the S4-based proce-
dure is sensitive to the type of ‘representative’ re-
sponse spectra selected for each earthquake intensity
(for instance, the recorded accelerogram used in
each city is not necessarily representative of the
earthquake shaking in the entire area studied).

Using the aforementioned hybrid procedure, dam-
age histograms were constructed for the URM build-
ing classes of interest; among these histograms, the
ones corresponding to the Sy values assigned to the
Thessaloniki and Aegion earthquakes consisted of
actual loss values, while the rest were derived by the
scaling procedure described previously. To these
histograms were fitted lognormal cumulative distri-
butions of the type:
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Plds > ds,[s, |= q{ﬂLln(_S’d H (6)

ds Sd.ds

which is similar to equation (3), only that S4 is used
instead of PGA.

Figures 11 and 12 show two sets of vulnerability
curves plotted against the actual data from the data-
bases; as expected, for the same height, stone ma-
sonry buildings show higher vulnerability than brick
masonry buildings.
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Figure 11. Hybrid vulnerability curves for 2-storey brick
masonry building.
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Figure 12. Hybrid vulnerability curves for 2-storey stone
masonry building.

4 DEVELOPMENT OF EARTHQUAKE
SCENARIOS

Two types of scenarios can be developed using the
analytical tools presented in the previous sections. In
its most rudimentary form the earthquake scenario
would be simply an assumption of a uniform inten-
sity for the area studied. An example of such a sce-
nario, concerning the municipality of Thessaloniki
(Pitilakis et al. 2004), subjected to a uniform inten-
sity I=9 is shown in Fig. 13. The damage levels were
estimated using the PGA-based fragility curves de-
veloped for each building type as described in the
previous sections; intensity and PGA were corre-
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lated using appropriate empirical relationships de-
rived for Greece (Koliopoulos et al. 1998), and the
index plotted is a weighted one, X(MDF,-V,)/V,,,
where volume V; of each building type is used to
weigh the mean damage factor MDF; (central index
in Table 2) for this type. Such maps give a good pic-
ture of the most vulnerable parts of the city, regard-
less of the specifics of the scenario earthquake (and
local amplifications due to particular site condi-
tions), and they are a useful tool in emergency plan-
ning, keeping in mind that even an ‘accurate’ sce-
nario earthquake is just one possible description of
the seismic risk in the considered area (i.e. vulner-
able buildings not heavily struck by a specific sce-
nario earthquake, might be heavily damaged by a
different scenario earthquake not considered due to
lack of time and/or lack of data at the time of the
study).

IMM=9

~ 0,00-0,01

L 001010

010030

B 030060
I oso-1.00

Fig. 13 Expected damage distribution for various intensities
(assumed to be uniform in the studied area).

A more refined approach is to consider a particular
earthquake scenario in terms of PGA distribution
(resulting from a scenario earthquake with given lo-
cation and magnitude) in each ‘cell’ of the studied
area, taking into account ground conditions in each
cell; such a PGA distribution scenario for Thessalo-
niki is reported in Pitilakis et al. (2004) and was
used for estimating losses using the vulnerability
(fragility) functions of sections 2 and 3. The map of
Fig. 14 shows the number of buildings suffering
damage states DSO to DS5 in each building block of
the studied area, based on the PGA in each building
block and the corresponding fragility curves for each
building type (R/C or URM). After calculating the
discrete probabilities of each damage state (from the
fragility curve) for each building type present in a



block, the number of buildings suffering each dam-
age state is calculated accordingly; for example, if in
a block there are 4 buildings of a particular typol-
ogy, and the discrete probabilities (derived by sub-
tracting the values determined from the intersection
points of the fragility curves and the vertical line
corresponding to the given PGA) for DSO to DSS5
are, say, 6, 17, 53, 21, 2, and 1 (%), respectively,
two buildings will suffer DS2, one will suffer DS3
and one DS1 (no buildings in the DS0, DS4 and DS5
categories). It is pointed out that this is only one of
the possible ways of estimating the number of build-
ings suffering each damage state; it is the most rea-
sonable one (to the writer’s opinion), but its poten-
tial drawback is that in (hypothetical) cases of very
uniform distribution of PGA (or any other measure
of earthquake intensity) in the studied area, damage
states associated with very low probability (e.g. DS4
and DSS5 in the previous example) might never ap-
pear on the map of DS distribution. As seen in Fig.
14, a non-zero number of buildings exists for all
damage states, including even DS5 (collapse), for
the considered scenario.
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Fig. 14 Number of buildings suffering damage states DSO to
DSS5 in each building block (scenario earthquake).

A picture of the expected distribution of post-
earthquake tagging of buildings using the familiar
Green, Yellow, and Red tag scheme is desirable for
earthquake planning purposes. The correspondence
between tag colour and DS was assumed as follows:

—  Green: DSO & DS1

—  Yellow: DS2 & DS3

— Red: DS4 & DS5

Based on experience from past earthquakes it
might well be argued that at least part of DS3 could
go to the red tag category. The buildings in each tag
category are shown in Figure 15; it is noted that the
city is rather vulnerable to the considered earth-
quake, as about 10% of the buildings will suffer very
heavy damage or collapse; this is clearly a far more
severe situation than in the 1978 earthquake when
there was only one collapse of multistorey R/C
building (and at that time all R/C buildings were
‘low-code’ or ‘pre-code’ ones) and heavy damage
was observed mainly in masonry buildings.
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Fig. 15 Predicted tagging of buildings in each building block

Given the limitations of the procedure for assign-
ing each individual building within a block to a dis-
crete damage state, it is important to map also the
damage index for each block, this time as a weighted
one (by volume), as discussed previously; this puts
the damage distribution ‘into scale’ in the sense that
the degree of damage is now associated with the
volume of the buildings (e.g. a collapsed single-
storey masonry building has a smaller influence on
the index than a 9-storey R/C building suffering
“substantial to heavy” damage, i.e. DS3).

Last but not least, the economic loss predicted for
the scenario earthquake is of particular importance,
in several ways (earthquake protection and emer-
gency planning, earthquake insurance). The fragility
models developed by the AUTh group originate
from repair cost considerations, hence it was rela-
tively straightforward to use them for economic loss
assessment purposes. The map of Fig. 16 shows the
estimated total cost of repair required in each build-
ing block, derived using the loss indices of Table 3
and assuming an average replacement cost of €700
/m?, i.e. calculating X[(V;-MDF;]- 700 in each block.
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The distribution of cost is, of course, consistent with
(and conditional on) the distribution of the degree of
damage. A very heavy cost of over 460 million € for
the PGA-based, or 330million € for the Sy4-based ap-
proach is predicted for the area studied (the figure
should be multiplied by about 4 for the entire mu-
nicipality), again an indication of the severity of the
estimated scenario earthquake.

LEVEL Il

COST (EUROXx1000)
[ 10-400

| 1400-800

[ 800-1200
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I 2000 - 3500
I 3500 - 7000

0 750 1,500
S ———
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Fig. 16 Repair cost (in 10°€) distribution in the building
blocks of the studied area.

5 CONCLUSIONS

This paper has tackled a number of issues relating to
vulnerability and loss assessment, with particular
emphasis on the situation in S. Europe. A classifica-
tion scheme that is deemed appropriate for the build-
ing stock in this area has been proposed, aiming at
an adequate description of the R/C buildings that
currently dominate the built volume, without ne-
glecting the case of URM buildings, which due to
their higher vulnerability are often an important con-
tributor to the future losses.

The key idea of the hybrid approach to seismic
vulnerability assessment is the combination of dam-
age statistics (empirical data) with results from ine-
lastic analysis; this is an approach that clearly differs
from most other procedures, among which the well-
known procedure adopted by HAZUS, wherein fra-
gility curves are based directly on inelastic (static)
analysis, and the only empirical component in their
derivation is the definition (by judgement) of the
damage state thresholds. This paper addressed both
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R/C and URM buildings, and made it clear that dif-
ferent analytical procedures are better suited to each
case, given that URM buildings are still not very
amenable to inelastic time-history analysis, which is,
nevertheless, well-established for their R/C counter-
parts. Despite the different type of analysis used in
each case, the hybrid component was used for both
types of buildings and in both cases the key empiri-
cal parameter was the cost of repair of a damaged
building; this is a particularly useful parameter, but
reliable data are not always available on it, which
means that other parameters (structural damage indi-
ces) could certainly be explored within the broader
frame of the hybrid approach.

The procedure used for developing R/C building
fragility curves based on the use of inelastic dy-
namic analysis, is the relatively more refined ap-
proach (again bearing in mind the major uncertain-
ties involved at all steps of the analysis), but its cost
is clearly higher than that of the simpler procedure
used for URM buildings, based on inelastic static
analysis and the ‘capacity spectrum’ approach.

The type of assumption made for the functional
form of the fragility curve is also a key one, but the
current trend world-wide seems to be towards adopt-
ing the lognormal cumulative distribution function;
the determination of damage medians and the vari-
abilities associated with each damage state can be
done using the procedures described in HAZUS, or
the alternative ones suggested herein. It is noted,
though, that values of the variabilities proposed in
HAZUS should not be adopted blindly if the analyti-
cal procedure used is not the one based on the ‘ca-
pacity spectrum’.

Regarding the two different types of fragility
curves that can be used, PGA-based curves offer a
number of advantages, but also ignore, to an extent
that depends on the spectral characteristics of the
motions considered for deriving the fragility curves
and their relationship to the characteristics of the
scenario motions, the possibly lower damageability
of motions with high PGA and spectra peaking over
a very narrow band and/or with very short duration
(both these characteristics are more or less typical in
strong motions recorded in Greece). The Sy-based
curves take into account the spectral characteristics
of the motion but further research is needed in sev-
eral points such as the case where the Capacity
Spectrum Method does not result in a solution, or
the equal displacement rule assumption is not valid.

Finally, a specific pilot application to the munici-
pality of Thessaloniki was presented and the differ-
ent types of scenario that can be developed using the
aforementioned fragility curves were illustrated. It is
within the scope of the work envisaged by the AUTh
research group to improve the methodologies for as-
sessing the wvulnerability of both common and
monumental structures, using damage information
from past earthquakes in combination with nonlinear



analysis of carefully selected representative struc-
tures.
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ABSTRACT: The paper deals with the influence of the seismic motion typology on the structural response
and with engineering design under exceptional actions. Various aspects of seismic motion typology that lead
to exceptional actions on the structures are covered. The influence of near fault ground motions, the effect of
local site parameters and the magnification of the seismic action on short-period structures are among the pa-
rameters identified as dominant for the structural response. The paper presents also a methodology for han-
dling uncertainty in engineering design, based on the mathematical framework of fuzzy analysis. Finally the
paper presents various applications of performance based design, which is viewed as a tool as a tool for the

analysis of structural behaviour under extreme seismic events. The influence of connection behaviour on the
structural response is studied, and applications of the capacity design methodology and of the direct dis-

placement design approach for the evaluation of reinforce concrete structures are presented.

1 INTRODUCTION

The case of earthquake forces on structures is a
rather characteristic case where an action can be ex-
ceptional. It is admitted that there exists a high prob-
ability that the value of the seismic forces will at
some time exceed the value prescribed in the design.
This fact is related to the inherent uncertainty nature
of the seismic action but also to incomplete or in-
adequate knowledge of the structural behavior at the
time of the design of the structures.

From the viewpoint of the seismology, it is well
known that it is difficult to obtain exact values for
the seismic actions. For example, during the past 20
years, a significant number of recorded strong mo-
tion data has indicated that the characteristics of the
ground motion vary significantly between recording
stations. This phenomenon is magnified for stations
located near the epicenter. As a result, two main re-
gions with different types of ground motions can be
considered, the near-source region (i.e. the region
within few kilometers of either the surface rupture or
the projection on the ground surface of the fault rup-
ture zone) and the far-source region situated at some
hundred kilometers from the source.

Unfortunately, the characteristics of the design
spectra and the design methods adopted by the ma-
jority of the seismic codes have been based on re-
cords obtained by far-source fields and, therefore,
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they are incapable to describe the seismic intensity
in the near-source region. Moreover, the vertical
component of the seismic action in near-source field
could be greater than the horizontal ones. Also, in
near-source areas, due to the very short periods of
the ground motion and the pulse characteristics of
the loads, the significance of higher vibration modes
increases. Due to the pulse characteristics of the ac-
tions, developed with great velocity and especially
due to the lack of restoring forces, the ductility de-
mands could be very high.

Another aspect of the seismic design whose sig-
nificance has been recognized only during the last
decades is connected to the ground conditions. It is
now well known that the properties of the site soils
affect the intensity of shaking that can be expected
at the building site. Various parameters such as the
thickness of the soft and stiff soil layers, the shear
wave velocities of the rock and soil layers, the
soil/rock impedance ratio, the layering properties of
the soil layers etc. influence the amplification or at-
tenuation of the seismic action on the structures.
Another reason leading to exceptional accelerations
on structures (i.e. accelerations greater than the de-
sign ones) is connected with magnification that
sometimes occurs in the short period range.



The present paper, in it’s first part (sections 2-5)
contributes mainly in the above mentioned topics. In
Section 2, the emphasis is given to seismic motions
with specific characteristics that lead to exceptional
actions on structures. Near-fault ground motions and
the local site parameters are examined and the latest
developments in the field are presented. Section 3
deals with the modeling of the ground motion spe-
cifically for the needs of the seismic analysis of
structures. Section 4 studies the behaviour of struc-
tures in the short period range and the corresponding
magnification of the seismic action that has been ob-
served. Section 5 presents in a mathematically ab-
stract way the procedure that can be applied in order
to handle uncertainty in structural analysis. Both the
cases of uncertainty in the seismic motion parame-
ters and uncertainty in the model parameters are
covered.

Except of the cases identified earlier, there are
also reasons more closely connected to the structural
system, for which a structure might be submitted to
an exceptional earthquake action. For example the
behaviour of the connections in steel structures has
been identified as crucial for the structural response
after the Kobe and Northridge earthquakes. Simi-
larly, concrete structures suffer from micro-cracks
induced by relatively moderate earthquakes that in-
fluence the structural response under design-level
earthquakes. Also the case of rather old existing
structures has to be identified as one where the seis-
mic events may be exceptional due to the fact that a
lot of changes have been introduced during the last
years concerning the design seismic forces on struc-
tures. The second part of the paper (Section 6) deals
with some of the above problems using the perform-
ance based design framework as a tool for the analy-
sis of the structural behaviour under extreme (in the
previouse sense) seismic events. Section 6.2 deals
with the influence of connection behaviour on the
seismic response of structures. Section 6.3 presents a
capacity design methodology for the design and
evaluation of the seismic resistance of reinforced
concrete structures. Finally, Section 6.4 presents a
direct displacement-based design approach for the
design of reinforced concrete structures.

2 SEISMIC MOTION LEADING TO
EXCEPTIONAL ACTIONS ON STRUCTURES

2.1 Near-fault ground motions

Characteristics of ground motions recorded in the
vicinity of the seismic source can be very different
from those recorded away from it.

In the case of near-field ground motions, with the
distance to the fault up to 20-60 km, the azimuth of
the site with respect to the hypocenter may affect

considerably the characteristics of the seismic mo-
tion. The effect of forward directivity is produced
when the rupture propagates towards a site and the
slip takes place also towards the site (Stewart et al.,
2001). Due to the fact that velocity of fault rupture is
close to the shear wave velocity, an accumulation of
energy is observed at the rupture front. Ground mo-
tion in a site affected by forward directivity has the
form of a long duration pulse. This effect is charac-
teristic of the fault-normal component of the ground
motion. When the rupture propagates away from the
site, seismic waves arrive distributed in time. This
effect is called backward directivity and is character-
ised by longer duration and lower amplitudes of the
seismic motion. The effect of forward and backward
directivity is exemplified for the case of a strike-slip
fault in Figure 2.1 (Landers 1992 earthquake).
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Figure 2.1. Effect of directivity on ground velocity time his-
tory, Somerville et al., 1997, in Whittaker, n.d.

Directivity effects can be present both in the case
of strike-slip and dip-slip faults (Stewart et al.,
2001). In the latter case, forward-directivity effects
are observed near the up-dip projection of the fault
plane, where characteristic pulse forms in the fault-
normal direction.

Despite the fact that ground motion recordings as
old as 1950's provided evidence of severe pulse-type
characteristics of near-fault ground motions, only
recently the importance of near-fault ground motions
has been recognized (Sasani and Bertero, 2000).
Earthquakes of Northridge (USA, 1994), Kobe (Ja-
pan, 1995) and Chi-Chi (Taiwan, 1999) could have
contributed to this by provided a wealth of near-fault
strong-motion recordings.
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Near-fault effects are still scarcely represented in
design codes. Uniform Building Code (1997) pro-
vides a near-fault amplification factors to be applied
to the design spectrum. However, it does not change
the frequency content of the design seismic action.
Other seismic design codes, like Eurocode 8 (prEN
1998, 2003) ignore completely near-fault effects.

Vertical component of the ground motion is gen-
erally smaller than the horizontal ones, and its ef-
fects on structural response is generally ignored.
However, in the near-fault regions, vertical compo-
nent of the ground motion may be important
(Gioncu and Mazzolani, 2002) and its influence on
seismic performance of structures deserves attention.
Vertical component is believed to have contributed
to some brittle failure modes in steel structures dur-
ing the Northridge (1994) and Kobe (1995) earth-
quakes (Gioncu and Mazzolani, 2002).

2.2 Local site conditions

Local site conditions have been recognized for a
long time as important parameters affecting ground
motion characteristics. Recordings of strong-motion
vary significantly with respect to (Stewart et al.,
2001):

— local geotechnical conditions,

— possible basin effects, and

— surface topography.

From the above factors, local geotechnical condi-
tions were studied in most detail. Studies performed
by Idriss et al. (in NEHRP 2000) show a dependence
of the amplification of peak ground acceleration
(PGA) by the soil layers on the intensity of the
ground motion. Amplification is maximum (between
1.5 and 4.0) for small values of PGA at the base rock
(0.05 - 1.0 g), and tends to decrease for ground mo-
tions of larger intensities (factors close to 1.0 for
values PGA at the base rock about 0.4 g). Reduced
amplification of at large intensities is attributed to
nonlinear soil response.

Influence of soil types on frequency content of
the ground motion is presented in Figure 2.2, ac-
cording to a statistical study by Seed et al., 1976 (in
NEHRP 2000), based on a set of 104 accelerograms
recorded in USA, Japan, and Turkey. The effect of
soft soil conditions is a significant amplification of
spectral accelerations in the medium and long period
range (periods larger than 1 second).
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Figure 2.2. Normalised acceleration response spectra for dif-
ferent soil types Seed et al., 1976, in NEHRP 2000.

An example of the effect of soft soil response on
the characteristics of the seismic motion is presented
in Figure 2.3, for the Vrancea earthquake of
04.03.1977. Horizontal spectral acceleration is
greatly amplified in the 1.0-1.5 sec period range, es-
pecially for the NS component. The shear wave ve-
locity in the upper 30 m for this site is Vs 3=130 m/s
(Ambraseys et al., n.d.), while the average shear
wave velocity to the bedrock at 128 de m depth is
346.1 m/s (Lungu et al., 1998). The predominant pe-
riod of vibration of the soil layers inferred from the
latter value is 7,=1.48 sec, close to the range of
maximum spectral value. Amplification of the
ground motion by the soil layers is demonstrated by
the high ratio of horizontal to vertical components of
response spectra for periods around 1.5 seconds. The
ratio of horizontal and vertical spectral ordinates
form the basis of the Nakamura method to detect
nonlinear soil response (Lacave-Lachet et al., 1998),
and is based on the observation that vertical compo-
nent of the ground motion is affected in a lesser ex-
tent by soil characteristics than the horizontal com-
ponents.

A great deal of site effects may be explained by
the dynamic response of the soil layers, assuming
horizontal layers and a 1-D wave propagation
model. However, there are cases when this assump-
tions are no longer valid, such as in the case of ba-
sins (Graves, 1993, in Stewart et al., 2001). If the
seismic wave enters the basin through its edge, it
may be "trapped" inside the basin. The effects of
multiple reflections are the amplification and in-
crease of duration of the seismic motions. Modelling
of these phenomena requires 2-D or 3-D analysis.
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Figure 2.3. Normalised acceleration response spectra for dif-
ferent soil types Seed et al., 1976, in NEHRP 2000.

Amplification of seismic motion may be observed
as well for irregular topographies, such as crest, can-
yon, and slope. A description of a typical topog-
raphic amplification was described by Castellani et
al. 1982 (in Athanasopoulos et al., 1998).

2.3 Influence of frequency content of ground motion
on inelastic structural response

Most structures are designed to earthquake forces
significantly smaller than the ones corresponding to
an elastic response. This procedure relies on the ob-
servation that structures designed for a fraction of
the force corresponding to elastic response are able
to survive a major earthquake without collapse (but
with important structural damage), due to capacity
of the structure to deform in the inelastic range.
Earthquake force reduction factors (behaviour factor
g in Eurocode 8, 2003 and R factor in UBC, 1997)
are used in seismic design codes in order to reduce
elastic seismic demands to design ones. Code reduc-
tion factors are mostly empirical, and are based on
observations of past performance of different struc-
tural systems (Fischinger and Fajfar, 1994).

Available ductility u of the structural system has
a major contribution to the force reduction factor.
However, code-specified reduction factors are not
based on ductility alone, but also on overstrength.
Therefore, code-specified reduction factors can be
expressed as:

R=R, R (2.1)
where R, is the ductility-related force reduction fac-
tor and Ry is system overstrength.

Considerable attention was paid in the past on
understanding the relationship between the ductility-
related force reduction factor R, and ductility g,
based on dynamic analysis of single degree of free-
dom systems. One of the well known studies is that

of Newmark and Hall (1982), who established that
R=1 for very short period systems ("equal force
rule"), R=.2u-1 for short-period structures
("equal energy rule"), and R=ux for medium-and
long-period systems ("equal displacement rule").
Later studies recognized the strong dependence of
ductility-related force reduction factors on soil type,
and, more generally, on the frequency content of the
ground motion (Cuesta et al., 2003). Most often, for
the scope of deriving relationships between the duc-
tility and ductility-related force reduction factor, fre-
quency content of the ground motion is quantified
by the control period 7, representing the boundary
between constant acceleration and constant velocity
regions of response spectra. One of the simple rela-
tionships, developed by Vidic et al., 1994 and later
modified by Cuesta et al., 2003 was adopted in
FEMA 356 and Eurocode 8, in the context of dis-
placement-based analysis procedures:

T
2 - (y—l)T—C+l for T<T.

s (2.2)
u for

T<T.

This relationship is represented schematically in
Figure 2.5, and shows that the ductility related force
reduction factor (R,) decreases for systems with pe-
riod of vibration lower than the control period 7¢.
This is equivalent to saying that ground motions
with control period 7¢ larger than period of vibration
of the system impose very larger ductility demands
on this system.

Influence of the ratio between period of vibration
of the system and the control period 7¢ of the
ground motion on the R,-u relationship is exempli-
fied in Figure 2.4 for the NS component of the IN-
CERC Bucharest record of the 4/03/1977 earth-
quake. In this figure R,-u relationship is shown for
several elastic-perfectly plastic (EPP) systems with
different periods of vibration. The R,-u relationship
from Figure 2.4 is a normalized representation of an
incremental dynamic analysis (relationship between
a measure of ground motion intensity and displace-
ment demand). It can be observed that for systems
with the initial period less than 7¢=1.42 sec (7=0.2,
0.5 and 1.0 sec), even a small reduction of yield
force (R,>1) leads to a rapid increase of ductility s
For SDOF periods larger than 7¢ (7=1.5 and 2.0
sec), ductility demand in the EPP system increases
at a lower rate, displacements being even lower than
in the elastic system.

Though control period 7¢ is a rather simple meas-
ure of the ground motion characteristics, it is an im-
portant parameter that reflects high ductility de-
mands that can be imposed on structures with
fundamental period of vibration lower that ground
motion control period 7¢. Ground motions with high
frequency content at relatively long periods (7>1
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sec) may be generated by (1) very soft soils and (2)
forward directivity effect in the case of near-field
ground earthquakes.
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Figure 2.4. Incremental dynamic analysis for EPP systems with
period of vibration between 0.2 and 2.0 sec, VR77-INC-NS re-
cord.

To check these affirmations, a number of 496
components of earthquakes of magnitude between
6.5 and 7.8 from the European strong-motion data-
base (Ambraseys, n.d.) were analysed (Stratan,
2003). Only the records having effective peak
ground accelerations larger than 0.9 m/s* were re-
tained. The obtained ground motions were further
grouped in two sets, function of their control period
Tc: group 1, with 0.3<7¢ <0.4 s, and group 2, with
1.1<T¢ <1.7 s. Group 1 consisted in 11 records, all
motions being recorded on firm soil sites. Ground
motions from the second group (10 records) were ei-
ther recorded on soft sites or were located close to
the fault (distance to fault less than 35 km).

In spite of the strong relationship between the
value of ductility related force reduction factor and
frequency content of the ground motion (quantified
by the control period 7¢), code specified force re-
duction factors R are independent of period of vibra-
tion of the system and ground motion characteristics.
This simplification is justified by the fact that over-
strength of low-period structures is generally larger
than the one of medium- and long-period structures
(Fischinger and Fajfar, 1994), so that the total force
reduction factor R can be considered approximately
constant over the period range of most structural
systems (see Figure 2.5).

However, this conclusion may not be adequate
for ground motions characterized by very large val-
ues of control period 7¢. The largest value of control
period T¢ currently codified in Eurocode 8 (prEN
1998, 2003) is 7¢=0.8 seconds (for type 1 response
spectrum, ground type D), which is well below the
values of T¢ that can be generated in case of near-
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fault motions or very soft soil conditions. Therefore,
it may be appropriate to use smaller force reduction
factors for design of structures with fundamental pe-
riod of vibration smaller than the control period 7¢
of the design earthquake.

R
R
R,
Rg
1 ]
Te T

Figure 2.5. Typical qualitative relationship between force re-
duction factors R, and Rs, and period T (Fischinger and Fajfar,
1994).

A limited study on the performance of moment
resisting, eccentrically braced and dual frames de-
signed to Eurocode 8 under ground motions with
different frequency content has been performed
(Stratan, 2003). Two sets of recorded and semi-
artificial accelerograms (seven records in each set)
were used, with control periods of 7¢=0.5 and
Tc=1.4 seconds. Fundamental period of vibration of
analysed structures ranged between 0.58 and 0.98
seconds. Significantly larger deformation demands
were recorded in the case of 7¢=1.4 group of accel-
erograms, though performance was adequate in most
cases. However, other studies (Dubina and Dinu,
2007) indicated that performance of dual concentri-
cally braced frames designed to Eurocode 8 and sub-
jected to the NS component of the INCERC Bucha-
rest record of the 4/03/1977 earthquake was
inadequate at the ultimate limit state. A complete
study on structures of different system and height is
necessary in order to assess if code reduction factors
are appropriate for ground motions with large values
of control period 7¢.

2.4 Remarks

Directivity effects in near-fault regions and soft soil
conditions are two aspects that can generate ground
motions with long period pulse-type form. The ac-
celeration response spectrum of this type of motions
is characterized by a large value of the control pe-
riod T¢ (limiting value between the constant accel-
eration and constant velocity region of the spec-
trum). While modern design codes generally
recognize this effect in the case of soft soil condi-
tions, it is not considered in the case of near-fault
ground motions. Structures with fundamental period



of vibration smaller than the 7¢ control period of the
seismic motion are subjected to increased

A further issue that requires attention and further
research is influence of near-fault and soft-soil
ground motions on seismic performance of struc-
tures with fundamental period of vibration lower
than the 7¢ control period of the ground motion.
Earthquake force reduction factors valid for standard
ground motions may be inappropriate in this cases.

3 MODELING OF GROUND-MOTION AND
SEISMIC ANALYSIS OF STRUCTURES

Traditionally seismic design of structures is based
on an elastic structural analysis under reduced seis-
mic forces, accounting for the capacity of the struc-
ture to respond in the inelastic range. However,
nonlinear analysis methods (time-history and push-
over analysis) are increasingly considered in design
and especially in research in order to estimate seis-
mic performance of structures.

3.1 Time history representation of ground motion

An important problem when performing a nonlinear
time-history analysis is selection of acceleration
time histories. Design codes provide a limited
amount of guidance on this subject.

Several alternatives can be used when selecting
acceleration time histories. Usually the preferred one
is to use recorded accelerograms. Design codes re-
quire that these records are "adequately qualified
with regard to the seismogenetic features of the
sources and to the soil conditions appropriate to the
site" (prEN 1998, 2003). The straightforward solu-
tion is to use recordings at the site of interest ob-
tained in past earthquakes. It is often difficult to find
enough strong-motion records in available databases
that would match design needs.

Closely related to recorded accelerograms are
simulated accelerograms, generated through physi-
cal simulation of seismic source, travel path, and lo-
cal site conditions. Specialized knowledge is re-
quired for generating simulated accelerograms.

A further possibility is to use artificial accelero-
grams, generated so as to match the code elastic
spectrum. Eurocode 8 provides a few requirements
with respect to the duration of the generated time
history and the compatibility between the response
spectrum of the generated accelerogram and the tar-
get code spectrum. Generally, artificial accelero-
grams are generated using an inverse Fourier trans-
form o amplitude and phase Fourier spectra.

Figure 3.1 shows an ensemble of five artificial
accelerograms generated for different site-source
distances, from near field (W1) to far field (W5),
Chang and Kawakami, 2006. The same Fourier am-

plitude spectrum, but different phase spectra were
used.

10 W1 (PGA = 0.94g)
0 | '
-10 0 50
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= 0 P '“‘ﬂ*ﬂé‘h |
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Figure 3.1. Artificial accelerograms, generated for different
site-source distances, from near field (W1) to far field (W5),
Chang and Kawakami, 2006.
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Figure 3.2. Pulse types used to represent fault-normal compo-
nents of near-fault ground motion by Sasani and Bertero, 2000
(a) and Alavi and Krawinkler (b).

Finally, simple pulses can be used in order to
model the ground motion. A review of existing re-
search in this field is available in Gioncu and Maz-
zolani (2002). Synthetic pulses were used often in
studies concerning seismic response of structures
under near-fault ground motions. Two types of
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pulses used to represent fault-normal components of
near-fault ground motions are shown in Figure 3.2.

3.2 Pushover analysis

Pushover is a nonlinear static analysis under con-
stant gravity and monotonically increasing horizon-
tal loading. It is described in several design codes
and guidelines (prEN1998, 2003; FEMA 356, 2000)
and provides an insight into the nonlinear structural
response under seismic conditions. Several methods
exist that estimate the target displacement corre-
sponding to a given intensity of the seismic action.
One of them is the N2 method (Fajfar, 2000) that is
implemented in Eurocode 8 (prEN1998, 2003).

Pushover analysis is subjected to several limita-
tions, due to the fact that it relies on the assumption
that structural response is governed by the funda-
mental mode shape, and that this shape does not
change when the structure yields under increasing
lateral loading. Pushover analysis is mainly applica-
ble to estimating seismic demands on low-rise and
medium rise structures in which inelastic demands
are uniformly distributed along the height of the
structure (Chopra, 2004).

In order to compensate for limitations of the sin-
gle and invariant lateral load distribution, seismic
demands can be obtained on the envelope of de-
mands obtained under several lateral force distribu-
tions. For example, Eurocode 8 (prEN 1998, 2003)
requires at least two lateral force distributions ("mo-
dal" and uniform).

Several improved procedures based on pushover
analysis were proposed by different researchers, in
order to account for influence of higher modes of vi-
bration and change in distribution of lateral forces as
a result of change in dynamic properties of the struc-
ture as a result of yielding. A review of different en-
hanced pushover procedures developed recently are
available in Chopra (2004), and Kalkan and Kunnath
(2006).

One group of procedures is based on adaptive
load patterns, which change at each step of pushover
analysis in order to reflect changing in dynamic
properties of the structure as a result of yielding. A
second group of enhanced procedures is based on
modal combination of several pushover analyses
with invariant lateral force distributions. While these
enhanced procedures eliminate drawbacks of stan-
dard pushover procedure, and represent significant
advancements of the pushover analysis, their com-
plexity makes it difficult to be implemented in prac-
tice.

3.3 Conceptual design associated with seismic
motion typology

One of the crucial decisions influencing the building
structure to withstand earthquakes is the basic plane
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shape and configuration. In some extent seismic de-

sign codes contain provisions related to building

regularity, both in plane and in elevation, and con-
figuration principles related to structural typologies.

However, there are two general requests which must

be achieved in order to resist severe earthquakes

(Bertero, 1997):

— Building structure should be provided with bal-
anced stiffness and strength between its mem-
bers, connections and supports;

— Opverall conception and detailing should provide
the structure with balanced overstrength and duc-
tility of its members and connections in order to
possess an enhanced redundancy characterized by
the largest number of defense lines against seis-
mic action.

Different structures may respond differently to
different type of ground motion. Some structural ty-
pologies are more sensitive to particular type of mo-
tion (pulse, repeated pulses, long duration). In the
light of the two previous basic principles, and in or-
der to optimize structural response, the conceptual
design of a given structure must always take into ac-
count for the specific feature of the possible ground
motion.

4 MAGNIFICATION OF SEISMIC ACTION ON
SHORT PERIOD STRUCTURES

This objective of this section is to study the seismic
behaviour of structures in the short period range.
The study is performed using a nonlinear SDOF
oscilator  subjected to various ground motions
recorded in Greece. In order to cover various
structural typologies, different force-displacement
models are used. The study compares the results of
the various nonlinear analyses performed with the
formulas given in FEMA356 for the estimation of
the target displacement using the Displacement
Coefficient Method (DCM).

4.1 Strong motion data

For the purposes of this study various strong motion
data recorded at Greek sites were used. The records
used here were selected from a database of about
220 earthquakes recorded in Greece in the period
between 1980 and 1999 having a magnitude
M, > 4.4 in the Richter scale and a PGA>0.1g.

The records are summarized in Table 4.1.

The characteristic period 7, of each ground motion

was estimated according to engineering judgment to
correspond approximately to the period at which the



transition occurs between the constant acceleration
and the constant velocity spectrum and at the same
time as the lowest period at which the equal-
displacement rule holds.

PGA T,
Nu Code Station M, (g) (sec)
1 ARGO183-1 Argostoli 6.5 0.171 0.35
2 ATHENS-2 Chanandri 5.9 0.159 0.33
3 ATHENS-3 KEDE 5.9 0.302 0.5
4 ATHENS-4 GYS 5.9 0.121 0.45
5 ARGO183-7 Argostoli 5.7 0.192 0.55
6 ZAK188-4 Zante 5.5 0.170 0.375
7 KAL186-1 Kalamata 5.5 0.273 0.3
8 EDE190-1 Edessa 5.4 0.101 0.4
9 ARGO183-8 Argostoli 5.1 0.305 0.4
10 PAT393-2 Patras 5.1 0.401 0.35
11 LEF194-1 Lefkas 5.1 0.136 0.4
12 KYP187-1 Kyparissia 5.0 0.127 0.25
13 ARGO192-1 Argostolo 5.0 0.204 0.35
14 PYR193-8 Pyrgos 5.0 0.165 0.5
15 KAL286-2 Kalamata 4.8 0.263 0.5
16 LEF188-2 Lefkas 4.5 0.245 0.3
17 IER183-3 Ierissos 4.4 0.178 0.5

Table 4.1 Summary of the motion used in the analysis

4.2 Force-displacement models

The choice of a force-displacement model influences
the response time-history and the associated peak
response quantities. In order to cover a range of
typical structures the following three models were
selected, which correspond to different structural

characteristics (see Fig. 4.1):

= Type A: an elastoplastic model having a positive
post-yield to elastic stiffness ratio of 5%. This
type of behaviour is an ideal one and is studied
here for reference reasons.

= Type B: a stiffness degrading model with
positive post-yield stiffness. This type of
behaviour represents wall systems dominated by
flexural response, something typical for rather
new buildings in Greek territory, dimensioned
according to the capacity design principles. The
post-yield stiffness was selected to be 5% of the
elastic stiffness.

* Type C: a stiffness degrading model with
negative post-yield stiffness. This behaviour is a
mode typical in wall systems that exhibit some
degradation in response with increasing
displacement. Degradation may be due to
relatively brittle response modes. This is a
behaviour typical for rather old buildings in the
Greek territory made of masonry, where the
strength is reduced for increasing displacements.

The negative post-yield stiffness was selected to
be 10% of the elastic stiffness.

a)

b)

Figure 4.1. The considered force-displacement models

4.3 Dynamic analyses

In the sequel, a time history dynamic analysis was
performed on the oscillators corresponding to the
models presented earlier. The oscillators were
subjected to the 17 ground motions presented in
Table 4.1. Two types of analyses were performed.

A. Constant ductility analyses, where the
displacement ductility x of the structure was

considered as constant and the response of the
structure was obtained in terms of different strength
reduction factors R . Five different constant ductility
levels were considered corresponding to values of
4 equal to 1,2,4,6 and 8. For this reason, oscillators

were established such as to achieve 20 initial periods
of vibration from 7 =0.1 to 7' =2.0 sec. At these
periods the necessary strength £, to obtain design
displacement ductilities of 1,2,4,6 and 8 were
obtained for each force-displacement model and for
each of the ground motions.

137



Constant strength reduction factor analyses, where
the strength reduction factor of the elastoplastic
structure was considered as constant and the
response of the oscillator was obtained in terms of
different levels of the ratio between the peak
displacement response of the nonlinear oscillator to
the respective one for the linear oscillator. Four
different constant strength reduction levels were
considered with values of R equal to 2,3,4 and 5.
For this reason, oscillators were established such as
to achieve 40 initial frequencies of vibration from
v=0.01 to v =10. At these frequencies the necessary
displacement ductility x to obtain strength

reduction factors of 1,2,3,4 and 5 were obtained for
each force-displacement model and for each of the
ground motions.

It must be pointed out that the actual value of the
peak displacement response does not affect directly
the results of this study because the oscillator
strengths are determined relative to the peak ground
acceleration 1in order to obtain specified
displacement ductility demands.

4.4 Results of the dynamic analyses

In the evaluation procedure the attention is given in
the estimation of the peak displacement response. It
is expected that an acceptable procedure would
estimate the peak displacement response of a
nonlinear system within acceptable limits of
accuracy. For this reason in the figures presented in
the following, the ratio d,/d, (referred also in the

following as the displacement aplification factor) is
studied where:
* d isthe peak displacement response of the

nonlinear oscillator and
* d, is the peak displacement response of an

elastic oscillator having stiffness equal to the
initial stiffness of the nonlinear oscillator.
The parameters presented in the figures are:
= The displacement ductility u

» The strength reduction factor R which is
defined as the ratio of the elastic strength F to
inelastic strength F, .

Figures 4.2 to 4.5 correspond to the first group of
conducted analyses, where the displacement
ductility was considered as constant. Fig.4.2 depicts
the ratio between the peak displacement response of
the nonlinear Model-A to the peak displacement
response of an elastic oscillator having the same
initial period, for 4 =4. The solid line represents

the mean values obtained by the 17 ground motions.
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Despite the wide scattering, the mean values seam to
follow some rules, i.e. after a characteristic period of
about 0.4-0.6 sec, the mean values are close to 1.
The divergence from this value increases as the
period decreases. Also, the increase of the
displacement ductility leads to significant larger
mean values in this period range.

Similar are the results for Models B and C but for
the sake of brevity are not presented here.
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Figure 4.2 Displacement amplification ratio with respect to the
period for Model-A (1 =4).

The analysis results are summarized in the diagrams
of Figures 4.3 to 4.5 that depict the mean values and
the standard deviation of the results for the three
models and for various displacement ductility levels.
Notice that although the mean values are close to 1
after a period of 0.4-0.6 sec, the values of the
standard deviation differ very much, depending on
the displacement ductility level. For u=2 the

standard deviation takes a rather constant value of
0.2 for all the models considered in this analysis.
But, as the displacement ductility increases the
values of the standard deviation increase, especially
in the short periods range. Also, the standard
deviation values seem to be larger in the case of
Model-C. Notice also that the mean values for large
period systems tend to be somewhat smaller than 1
for Models A and B. That means that the peak
displacement response of the nonlinear systems is
smaller than the one of the respective linear systems,
or equivalently, the response of the linear systems
overestimate the response of the nonlinear ones. On
the contrary, especially for larger values of the
displacement ductility, the results tend to be bigger
than 1 for Model-C.



Figure 4.3 Mean values and standard deviation of the dis-
placement amplification factor with respect to the period T for
various displacement ductility levels for Model-A.
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Figure 4.4 Mean values and standard deviation of the dis-
placement amplification factor with respect to the period T for
various displacement ductility levels for Model-B.
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Figures 4.6 to 4.9 correspond to the second group of
conducted analyses, where the strength reduction
factor was considered as constant. Fig. 4.6 depicts
the ratio between the peak displacement response of
the nonlinear Model-A to the peak displacement
response of an elastic oscillator having the same
initial period, for increasing frequency values, for
R=4. The obtained values are close to 1 until a
characteristic frequency of about 2.5. After this
frequency value, the results vary and a great
scattering appears. The solid line represents again
the mean values of the obtained results. The mean
values after the characteristic frequency increase for
larger values of R.
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Figure 4.6 Displacement amplification ratio with respect to the
frequency for Model-A (R =4)
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Similar are the results for Model-B, while com-
pletely different are the results obtained for Model-
C. This model exhibits a negative post-yield stiff-
ness. These models are sensitive to collapse, where
collapse is defined as the point at which displace-
ment is large enough that the force resisted by the
oscillator tends to zero. Totally, from the 1700 oscil-
lators considered (17 ground motions x 20 frequency
values x 5 R -levels) a number of 692 collapsed.

The analysis results are summarized in the diagrams
of Figures 4.7 to 4.9 that depict the mean values and
the standard deviations of the results for the three
models and for various levels of the strength
reduction factor. The mean values are close to 1
until a frequency of about 2.5 for all levels of R.
After this frequency, the mean values increase,
depending mainly on R . The values of the standard
deviation increase analogously, indicating the great
scattering in the ranges of large frequencies. It is
again pointed out that the results for Model-C are
not representative and are presented only for the
sake of completeness.
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Figure 4.7 Mean values and standard deviation of the dis-
placement amplification factor with respect to the frequency v,
for various values of the strength reduction factor (Model-A)
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Figure 4.8 Mean values and standard deviation of the dis-
placement amplification factor with respect to the frequency v,
for various values of the strength reduction factor (Model-B)
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In Fig. 4.10 the displacement amplification factor is
depicted for increasing frequency. Each diagram
corresponds to different level of the strength
reduction factor and contains the mean values
obtained for the three models and also the plot of the
results obtained by applying the formulas of the
Displacement Coefficient Method (DCM) as
presented in FEMA356 for 7, = 0.4.
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Figure 4.10 Comparison of the results for models A and B with
those of DCM

These diagrams actually depict the ability of the
coefficient C, of DCM to describe the “mean”

behaviour of inelastic systems. For low frequencies
(v <2.5) it seems that the value of C, is reliable.

This remarks is also confirmed by the rather low
values of standard deviation obtained in this
frequency range. For larger frequency values, there
is a strong dependence of the response of the
nonlinear systems on the strength reduction factor

R . Although the values of C, increase with R, it

seems that the mean values inrease with a larger rate
with R . Therefore, it seems that C, cannot capture

the inelastic response of systems with large R
values.

For this reason, a new formula is proposed for the
determination of C,

(R-1)T, /T ~1)
+
2

For R=2 the above formula gives the same results
as the one used for the calculation of coefficient C,
in FEMA356. However, for R > 2 the proposed for-
mula approximates in a better way the results ob-
tained by various analyzed oscillators. It must be no-
ticed however, that the above study focuses only on
a small part of the problem because all the seismic
records have a characteristic period of 0.3 - 0.55 sec.
That means, that from the above study, no conclu-
sions can be drawn for the behaviour of systems ex-
ited by ground motions on soft soils.

C =1 for 0.1< 7 <T, (4.1)

5 UNCERTAINTY IN EARTHQUAKE
ASSESSMENT AND SIMULATION

5.1 Conceptual treatment of uncertainty in seismic
analysis — introduction of the notion of fuzzy
quantities and fuzzy analysis

5.1.1 Classification of uncertainty

Numerical simulations of structures under earth-
quake loads demand reliable input data as well as
analysis models close to reality. In general data and
models are uncertain which has a significant influ-
ence for the results of the analysis. Therefore the un-
certainty has to be described with suitable models
and considered within the analysis.

Several kinds of uncertainty are distinguishable
depending on the reason of origin. If a random result
of an experiment under identical boundary condi-
tions may be observed almost indefinitely, the un-
certainty can be considered as stochastic. This sto-
chastic uncertainty is described with methods of
probability theory. In contrast to this a deficit of in-
formation results if the boundary conditions are sub-
jected to (apparently) arbitrary fluctuations, if a sys-
tem overview is incomplete or if only a small
number of observations are available. This uncer-
tainty is referred to as informal uncertainty. If the
uncertainty is quantified by linguistic variables,
transformed onto a numerical scale, lexical uncer-
tainty is present.

The reason of uncertainty assigns their character-
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istic. Stochastic uncertainty is associated with the
uncertainty characteristic randomness quantified
mathematically with the aid of random variables. In-
formal and lexical uncertainty is described with the
uncertainty characteristic fizziness dealt on the basis
of fuzzy set theory. The uncertainty characteristic
fuzzy randomness occurs in the case of informally or
lexically uncertain statistic inference. The uncer-
tainty is then described mathematically on the basis
of the theory of fuzzy random variables (Moller &
Beer 2004). Randomness, fuzziness and fuzzy ran-
domness may occur as both data uncertainty and
model uncertainty. In the case that an uncertain vari-
able depends on time and spatial coordinates random
functions, fuzzy functions and fuzzy random func-
tions are introduced.

For conventional investigations of the loading
case earthquake only sparsely information about the
earthquake loads exists. Specifying the measure in-
tensity as an interval a classification of seismic
zones is available. Each zone is characterized by a
dedicated effective acceleration. The spectrum form
is independent of intensity.

Additional information can be obtained under
consideration of all phases of the earthquake proc-
ess, from the origin and propagation until the trans-
mission from underground to the structure. The re-
gional specific (zones) and the endangering specific,
reflecting the frequency response and the amplitude
behavior for endangering levels, can be mathemati-
cally quantified with fuzzy quantities. Relevant
seismic centers in the environment and the distance
dependent decrement of the spectral amplitude are
uncertain. Geological conditions, (e.g., stratigraphic
sequence, intensification and damping effects) and
the registration of cyclic characters (e.g., strong
earthquake duration) contain further uncertainty.
Precisely because these information about the vari-
ables summarized above are not available in a suffi-
cient extent, the formulation of fuzzy quantities is
reasonable. The consideration of uncertainty in
structural analysis improves the results. A gradual
evaluation becomes possible.

In the following informal and lexical uncertainty
with the uncertainty characteristic fuzziness is con-
sidered. The uncertainty is described and quantified
on the basis of fuzzy set theory with the aid of as-
sessed intervals. Utilized the latter for seismic struc-
tural analysis deficits of information describing in-
put variables as well as human mistakes and
mistakes in fabrication, utilization and maintenance
of structures may be considered. Subjective effects
and assessments of structural parameters described
in an applicable mathematical manner influence the
results of structural analysis.

The procedures to consider fuzziness in structural
analysis are subdivided into fuzzification, fuzzy
structural analysis and evaluation of fuzzy results.
Fuzzification is the quantification of informal and
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lexical uncertainty by means of fuzzy quantities.
Thereby the fuzziness of the uncertain physical
structural parameters is described mathematical.

5.1.2 Fuzzy quantities

Fuzzy quantities X represent the results of fuzzifica-
tion on the basis of the fuzzy set theory. Thereby the
classical set theory which provides binary assess-
ment to crisp conditions is extended to permit grad-
ual assessment of the membership of elements in re-
lation to a set. This is described with the aid of a
membership function.

The membership function p(x) is denoted as stan-
dardized, if the maximum functional value is equal
to one. If p(x) monotonically decreases on each side
of the maximum value the fuzzy quantity x is re-
ferred to as convex (Figure 5.1).

X 1(x)
“(1)‘ Convex 1_‘ Not convex
OG-
HOG)-==earf
M(X1)_ _____ : :
Xi Xy X X Xi Xy X, X

Figure 5.1 Fuzzy quantity X, convex and not convex

A fuzzy number is a convex, standardized fuzzy
quantity whose membership function is at least seg-
mentally continuous and has the functional value
w(x) = 1 at precisely one of the x values. In exten-
sion to this, a fuzzy interval has an interval [X, X;]
whereby all elements of [x;, X»] possess the mem-
bership p(x) = 1.

From the fuzzy quantity crisp sets 4, ={xeX|
n(x)>a,} may be extracted for real numbers oy €
(0, 1]. These crisp sets are called a-level sets (Figure
5.2). All a-level sets are crisp subsets of the support.

H(X)‘
1__

=<5

support

Figure 5.2 Support and a-level sets

For several fuzzy quantities X,,..., X, on the
fundamental sets X,, ..., X, the Cartesian product
can be determined. Thereby the product space
X=X, x...xX is formed, whose coordinate axes
are perpendicular to one another. The Cartesian
product K comprises all combinations of elements
X, ..., X, of the X, ..., X, . The membership values



me (x)=pe (X, ....x,)  of each  n-tuple

X, ..., X, ) is determined with the aid of the mini-
mum operator p, (x)= min [u(xi)]. The Carte-
sian product K thus répiéSents a n-dimensional
fuzzy set in the product space X with the member-
ship value p, (x).

Determining K interaction between fuzzy quanti-
ties can be considered. Interaction is defined as be-
ing the mutual dependency of fuzzy quantities. An
interactive relationship may be formulated directly
(explicitly) or indirectly (implicitly). Directly formu-
lated interactions are a priori given by means of
functions which define constrains in the product
space X . These functions can be defined for several
a-levels differently. Against this, indirect formu-
lated interaction occurs within the mapping of fuzzy
quantities  X,,..., X, onto fuzzy quantities
Zy, ..., z,. If several X; affect different results Z
simultaneously, these Z; are not longer independent
of each other, i.e., interaction exists between them.
The mapping model determines the functional rela-
tionship of this interaction.

To specify the membership function a general al-
gorithm is not available. The obtained membership
functions represent a subjective assessment reflect-
ing actual facts. It is reasonable selecting simple
functions to describe the membership function p(x),
e.g., linear or polygonal. Therefore, fuzzy triangular
numbers X, = (xl, X,, x3> are frequently used
which are determined by specifying the smallest and
the largest value x; and x3 (interval bounds of the
support) as well as the value x; belonging to p(x;) =
1. Also linguistic variables can be utilized. Thereby,
the term set 7' is mapped onto the fundamental set X
including the physically relevant numerical elements
x € X. For example, the set T may comprise the
terms very low, low, medium, high, and very high,
which could assess the consequence of structural
failure due to an earthquake.

If the fluctuation of an uncertain parameter de-
pends on time or spatially coordinates, fuzzy func-
tions may be defined. A fuzzy function of the form
X(t) is the result of the uncertain mapping of the
fundamental set T [1" onto the set F(X) of fuzzy
quantities X belonging to the fundamental set X. In
earthquake analysis the multidimensional fundamen-
tal set T may generally contain arbitrary coordi-
nates ¢ beside the time t and the spatial coordinates
0. The values of 0,1, and ¢ are combined in the
vector t = ( 0,1, (pj. Thereby t represents a vector in
the parameter space T<[1".

A frequently more efficient definition is given by

%(1)=x(8. 1) ={x(s;- ) u(x(s;. 1))
se8 n(x(sp 1) =n(s))]

the fuzzy bunch parameter representation of the
fuzzy function X(t).
Thereby §=(§1,..., §n) is the vector of fuzzy
bunch  parameters. ~ To  the  components
S,,..., 8, of § a-discretization is applied. The a-

level sets S , S, , result which are combined

Lo e S
by means of the cartesian product. In that way they
form the ns-dimensional crisp subspace S, for each
o Analyzing elements s; €S, one obtains a crisp
set of real-valued functions which is referred to as

a-function set

Any arbitrary function x( St ) contained in
X, (1) is a trajectory of the fuzzy function on the
level a. In the case that all bunch parameters are
fuzzy numbers, the trajectory for o = 1 is referred to
as trend function. Based on the a-discretization the
fuzzy function )2( t ) is described as a set of a-
function sets X (t) with the assigned membership
value M(X N ( 1})} = a.. Furthermore, each of these a-
function sets X ( t ) represents an assessed bunch
of real-valued functions.

5.1.3 Fuzzy analysis

The analysis with certain (or uncertain) algorithms
and with fuzzy quantities as input and model pa-
rameters is referred to as fuzzy analysis. Depending
on the problem focused the fuzzy analysis is also re-
ferred to as fuzzy structural analysis or fuzzy earth-
quake analysis. The results of fuzzy analyses are
also fuzzy quantities z;. They depend on n fuzzy in-
put variables X, and p fuzzy model variables m_.

Therefore,

1) all elements x out of the space of fuzzy in-
put variables x have to be transformed into
the space of fuzzy result variables z and

2) the membership functions p(z) have to be
determined.

The transformation x to z according to 1) is realized
with the aid of the mapping z = f(x). f(.) represents
the deterministic model M of the fuzzy analysis.
Fuzzy model variables m_ are included in the model

M leading to an uncertain mapping f=M. In the
analysis algorithm they are considered just like the
fuzzy input variables X, .

The determination of membership values p(z;) of
the elements z; of the fuzzy result variables Z. ac-
cording to 2) is feasible with several methods. The
extension principle in combination with the Carte-
sian product of uncertain sets utilizes the max-min-
operator. The application demands the discretization
of the fuzzy input variables X, in almost indefinitely
points along the xj-axes. This leads to numerical
problems frequently. Therefore a method is required,
which discretizes the axis of the membership values
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U - in contrast to the extension principle - and which
does not presume special requirements of the map-
ping like linearity or monotonicity. The developed
method, called « -level-optimization, substitutes the
max-min-operator of the extension principle, see
Moller et al. 2000.

Thereby the concept of a-discretization 1is
adopted. All fuzzy input variables are discretized us-
ing the same number of a-levels ay. For a certain oy
the a-level sets 4, , form the crisp subspace X, by
means of the Cartesian product. With the mappmg
z=f(x, ..., x,) elements of the a-level set B,
of z; may be computed on ox. The mapping of "all
elements of X, yields the crisp subspace Z, =
B, x..xB,, . " Once the largest element and the
smaﬁlest element of B.. have been found, two
points of the membersfnp function p(z ) are
known. Repeating this for a sufficient large number
of oy the functions M(Zj) are completely described
in the case of convex fuzzy result variables.

In search of the largest element and the smallest
element of each B,  the a-level-optimization re-
quires the repeated solution of an optimization prob-
lem using general performance functions. A sophis-
ticated optimization algorithm has to be efficiently,
robustly and reliably. Because standard optimization
algorithms are limited in application, a combination
of evolution strategy, gradient method and Monte
Carlo methods was developed as an agreement. This
optimization method is referred to as modified evo-
lution strategy.

When the mapping is stepwise applied, the inter-
active dependencies between intermediate results
must be considered. Nonobservance of this interak-
tion leads to the defect that, starting from the inter-
mediatre results, nonpermissible parameter combina-
tions are generated and processed forward. Thereby
additional, artificial uncertainty is introduced into
mapping in each step (Moller & Beer 2004).

For mapping M any analysis algorithm can be
applied. For example in structural mechanics geo-
metrically and physically nonlinear fuzzy equations
of motion:

M(r)-Ai(r)+

]i)(r, v, d)-Ai(r)
I:(T (T, v, d)-Aﬁ(r)z AE(T)

M fuzzy mass matrix D fuzzy damping matrix

K

K; AP incremental fuzzy

tan gential fuzzy
stiffness matrix load vector
AV incremental fuzzy
displacemant vector
T time d discrete damage indicator

represent the basis to compute displacements and
further fuzzy result variables, e.g., stresses (Moller

144

et al. 2004). They can be solved by means of the
fuzzy finite element method (Mdller et al. 2001).

Evaluations of the fuzzy result variables are car-
ried out e.g. with the aid of defuzzification. Further,
the fuzzy results including all computed determinis-
tic points z=f(x,,..., x,) are utilized for a new
structural design method based on clustering (Moller
& Beer 2004).

5.2 Example: evaluation of the seismic response of
a concrete frame

The concrete frame of Fig. 5.3 is considered that
corresponds to an existing structure. The measure-
ments obtained for the material properties of this
structure gave the fuzzy number of Fig.5.4 for the
steel and the concrete respectively. The beams of
this system are loaded with a dead load of 30.0
kN/m and a live load of 15.0 kN/m. The structure is
located in a seismic zone with the following charac-
teristics: Spectral acceleration: 0.16g, Soil type: B,
Effective damping: 5%, Importance factor: 1.00,
Foundation factor: 1.00.
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Figure 5.3 Seismic design of a concrete frame

In order to perform the elastoplastic analysis the
following data are used.

* The amount of the upper (resp. lower) rein-
forcement of the beam cross section is equal to
8.0cm” (resp. 4.0cm?).

» The total amount of the column longitudinal re-
inforcement is equal to 20.24cm” and it is uni-
formly distributed along the perimeter of the col-
umn.



The objective is the determination of the struc-
tural response, which is expressed by the capacity
curve and the value of the top-level horizontal dis-
placement. It is expected that the variability in the
material properties will result to different capacity
curves. The structural calculations are performed us-
ing elastoplastic analysis and the seismic displace-
ment is calculated according to the recommenda-
tions of FEMA356.

Fig. 5.5 presents the “fuzzy” capacity curve ob-
tained by applying the « -level-optimization algo-
rithm. The vertical axis gives the ratio between the
horizontal (H) and the vertical (V) loads applied on
the structure. The various expected points of maxi-
mum seismic displacement are denoted with a box
on these diagrams.
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Figure 5.4 Fuzzy numbers for the steel yield stress and for the
concrete compressive strength.
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Figure 5.5 The obtained “fuzzy” capacity curve

The diagram of Fig. 5.6 is the fuzzy number of
the top horizontal displacement. It is noticed that al-
though the input parameters were triangular fuzzy
numbers, the output parameters are not. This hap-
pens due to the strong nonlinearities involved in the
static analysis. However, it is interesting to notice
that although the ratio between the upper and lower
values of the steel yield stress (resp. the concrete
compressive strength) is equal to 1.29 (resp. 1.46),
the ratio between the upper and lower value of the
displacement is equal to 1.15, i.e. the variation of the
output parameter is lower than that of the input pa-
rameters.
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Figure 5.6 The 